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Preface o

The knowledge and expertise required for the design of steel-framed structures
is essential to architectural, civil and structural engineers, as well as to students
intending to pursue careers in the field of structural design and construction. This
textbook provides the fundamentals of structural steel design from a structural systems
framework that involves not only the isolated design of the individual structural steel
elements, but the design of these elements within the context of the entire structural
system. This enables the reader to see the connection between each structural
element and how and where they fit within the entire structural system, in addition
to engendering a big picture view of structural steel design. We strive to bridge the
divide between engineering education and professional practice by exposing the reader
to structural engineering principles and theory as well as practical applications of the
design methods, so that what is learned in this text is directly applicable and relevant to
professional design practice. The American Institute for Steel Construction encourages
the exposure of students to the design of structural steel elements within a realistic
building context. We present practical details, real-world examples, and real-world
end-of-chapter exercises that not only provide the reader with an essential background
on structural steel design, but also provide subject material that closely mirrors the
details and examples found in professional engineering practice. Many of the examples
and the end-of-chapter exercises presented are characteristic of the types of technical
exercises that the reader will encounter in professional engineering practice. This
approach of balancing theory and practical applications, in addition to enhancing the
learning of structural steel design, will help to engender design creativity in the reader.

INTENDED AUDIENCE

This text is ideal for students in any undergraduate course in structural steel design
and will sufficiently prepare them to apply the fundamentals of structural steel design
to typical projects that they might come across in professional engineering practice. It
is suitable for students in civil engineering, architectural engineering, and construction
engineering programs, as well as architecture programs and civil engineering technology,
construction engineering technology, and construction management programs. This
text can also serve as a good resource for practicing engineers engaged in structural steel
design and could also be used for the mentorship of entry-level engineers in industry. It
is also a helpful reference and study guide for the Fundamentals of Engineering (FE),
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the Professional Engineering (PE), and the Structural Engineering (SE) exams.
This text covers the course content for the Steel Design I course and a majority
of the course content for the Steel Design II course in the curriculum for the
basic education of a structural engineer proposed by the National Council for
Structural Engineering Associations (NCSEA).

UNIQUE FEATURES OF THIS TEXT

We blend the “how’s” and “why’s” of structural steel design into a balanced
structural steel design text that bridges the gap between theory and engineering
practice.

We present numerous realistic details and diagrams to help illustrate the
structural steel design process, similar to what is done in professional engineer-
ing practice while at the same time discussing the theory behind the design
equations. In Chapter 14, we introduce two student design projects to expose
the reader to the important aspects of a real-world structural steel building
design project and a pedestrian steel bridge design project. Several other unique
features of this text are listed below:

1. The use of realistic structural drawings and practical real-world
examples, including practical information on structural drawings.

2. An introduction to techniques for laying out floor and roof framing, and
for sizing floor and roof decks. General rules of thumb for choosing beam
spacing versus deck size and bay sizes, and beam and girder directions
are discussed.

3. A discussion of other rules of thumb for sizing of structural steel to allow
for the quick selection of common structural members (e.g., open-web
steel joist, beams, and columns).

4. The calculation of gravity and lateral loads in accordance with the
ASCE 7 provisions are included.

5. The design of column base plates and anchor rods for axial loads, uplift,
and moments.

6. Step-by-step design of moment frames with a design example, as well as
the design of moment connections.

7. An introduction to floor vibration analysis and design based on AISC
Design Guide No. 11.

8. A chapter on practical considerations helps to reinforce the connection
between structural element/member design and structural system design
in practice.

9. The behavior, analysis and design of horizontal diaphragms, chords, and
collectors (or drag struts) is discussed. A discussion of practical details
showing the lateral load path from the roof and floor diaphragms to the
lateral force resisting systems.

10. An introduction to the analysis of torsion in steel members is discussed
and practical real-world examples are provided.



11.

12.

An introduction to the strengthening and rehabilitation of steel
structures, and to performance-based design.

Coverage of other important topics, including beam copes and beam web
holes, and their reinforcing; X-braces using tension rods, clevises, and
turnbuckles; stability bracing of beams and columns; beam design for net
wind uplift loads; ponding considerations; and introduction to coatings
for structural steel.

NEW TO THE THIRD EDITION

Content has been updated to correspond to the latest AISC Specification
for Structural Steel buildings (ANSI/AISC 360-16) and the 15th edition
of the AISC Steel Construction Manual.

Load calculations have been revised to conform to the ASCE 7-16 load
standard.

The student design projects have been expanded to include a pedestrian
steel bridge project, in addition to the steel building project.

Additional end-of-the-chapter exercises that mirror steel design exercises
from professional practice have been added.

Sample structural steel plans, bracing elevations, and moment
connection details are added to help the reader better understand what
should be included in a structural drawing package for a typical project.

The behavior and design of horizontal diaphragms, chords and collectors
(i.e. drag struts) have been expanded to emphasize the need to provide
an identifiable lateral load path in structures.

The impact of differential axial shortening of steel columns and concrete
walls in tall steel buildings is discussed.

The axial compression load capacity and the bending moment capacity
of WT and double angle sections — which are frequently used as the

top and bottom chords of floor and roof trusses — are discussed. Axial
compression load capacity of plane and flanged cruciform sections is also
discussed.

The vertical and lateral deflection criteria and lateral vibration criteria
for tall buildings are discussed.

Items based on reader feedback and corrections have been addressed.

INSTRUCTOR’S RESOURCES

Upon adoption, these files are also available to instructors by contacting the
publisher at info@merclearning.com:

Solutions to most of the exercises at the ends of the chapters
MS PowerPoint Slides
Sample syllabus for a course based on this book

Preface — xvii .
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HAPTER

Introduction to .
Steel Structures

INTRODUCTION

The primary purpose of this book is to present the design procedures for steel buildings using both
the limit states design approach and the allowable strength design method in a practical, concise, and
eagy-to-follow format that includes the design of all the major structural steel elements. In the United
States, both the load and resistance factor design (LRFD) method and the allowable strength design
(ASD) method are prescribed in the latest standard for the design of steel buildings from the American
Institute of Steel Construction, AISC 360-16. Although the latest AISC manual follows a dual format,
with the LRFD requirements presented side by side with the ASD requirements, only one of these two
design methods is usually taught in detail at most colleges. For the design of steel bridges in the United
States, the mandated design method for bridges receiving federal funding is the LRFD method, and
most civil engineering, architectural engineering, and civil engineering technology undergraduate pro-
grams in the United States offer at least one course in structural steel design using the LRFD method
[1, 2]. In addition, many countries, including Australia, Canada, France, New Zealand, and the United
Kingdom (among many others) have long adopted a limit states design approach like the LRFD method
for the design of steel buildings, and most of the research in steel structures uses the limit states design
approach. A comparative study of the cost differences between allowable stress design and LRFD meth-
ods for steel high-rise building structures indicated a cost savings of up to 6.9% in favor of the LRFD
method [3]. Though the trend is toward the use of the LRFD method especially for tall buildings and
complex structures and bridges, the ASD method is still in use in some segment of the structural steel
industry in the United States, especially for the design of steel connections. Consequently, for many
chapters and sections in this text, we have adopted a dual format and provided discussions and example
exercises for both the LRFD and the ASD methods.

The unique feature of this text is a balanced approach that blends theory with practical applications
that includes the use of realistic structural plans and details in the examples and end-of-chapter exercises,
the discussion of structural loads and structural steel component design within the context of the entire
structural building system, and the discussion of other pertinent topics that are essential to the design
of real-world structural steel buildings in practice. The blending or inseparability of theory and engi-
neering practice [4] guides our approach in this text as we endeavor to go beyond component design to a
holistic structural systems-based design, while emphasizing structural behavior and enhancing the stu-
dents’ ability to design realistic structural members and systems. The importance of a practice-oriented




approach in civil engineering education has been highlighted and advocated by Roessett and Yao
[5], and by the Carnegie Foundation for the Advancement of Teaching. The Carnegie Study —
“Educating Engineers: Designing for the Future of the Field” [6] also stresses the need to teach
for professional practice in undergraduate engineering education. The American Institute for
Steel Construction has developed a Web-based teaching tool for structural steel design that
incorporates realistic structural drawings, the calculation of structural loads, and structural
steel component design within the context of an entire building design case study [7].

The intended audience for this book are students taking a first or second course in structural
steel design, structural engineers, architects, and other design and construction professionals
seeking a structural steel design text that effectively blends theory with practical real-world
applications. The book will be well suited for a steel design course with or without a design proj-
ect. The reader is assumed to have a working knowledge of statics, mechanics of materials or
applied mechanics, and some structural analysis. We recommend that the reader have the Steel
Construction Manual, 15th ed. (AISC 325-17) [8] available.

BT THE MANUFACTURE OF STRUCTURAL STEEL

Structural steel is manufactured by one of two methods: the electric arc furnace (EAF) method
and the basic oxygen furnace (BOF) method. Most of the structural steel produced in the United
States today is from recycled scrap steel using the electric arc furnace process and about 95% of
the steel used in structural shapes in the United States is from recycled steel scrap material [9].
The old recycled steel scraps are melted in an electric arc furnace after sorting and removing
undesirable elements such as radioactive materials. Different types of scrap steel — depending
on their chemical composition and density — are used. The scraps are fed into the EAF where the
temperatures reach up to 3000°F. The scraps of steel are melted into molten steel and drained
off at the bottom of the furnace, while the slag by-product and other impurities rise to the sur-
face from where they can be skimmed off and removed. The resulting slag by-product is used
as aggregate in road construction [9]. The molten steel is then transported to another furnace
where the steel is heated again and undergoes de-oxidation and desulfurization, and the steel
is further refined by the addition of any desired chemical alloys. The carbon content is continu-
ously monitored during this heating process, until the desired carbon content of the molten
steel is achieved. Various chemical elements, such as manganese, vanadium, copper, nickel, and
others, can be added to produce the desired chemical composition or ASTM Specification of
the molten steel. The amount of carbon and alloys in steel impacts the steel properties such as
yield strength, ductility, resistance to corrosion, toughness and resistance to brittle fracture, and
the weldability of the structural steel. The higher the carbon content, the higher the strength
and hardness, but the lower the ductility and toughness. A sample of the molten steel is taken
periodically during the manufacturing process and tested to determine its chemical composition.

After this process, the molten steel is cast into long “beam blanks.” They are cooled and cut
to lengths and then stored until they are ready for rolling. During the rolling process, the beam
blanks are placed in furnaces and reheated and melted at temperatures of up to 2400°F. The mol-
ten steel is then passed through a set of rollers (multiple times for some of the rollers) to form
the desired standard steel shapes (e.g., wide flange or channel shapes). Samples of the standard
steel shapes are also cut periodically and the section and material properties (e.g., tensile yield
stress) are measured at the plant in accordance with the ASTM specification, and as part of the
quality control process [9, 10]. After this process, the structural shapes are cooled and cut to
lengths of up to 80 ft. to prepare them for transport to the steel fabricators, where the steel will
be further cut to lengths specific to a given project and then detailed to receive other connecting
steel members [9, 10].
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In the BOF method for the manufacture of virgin steel [11], the three basic raw materials
are iron ore, coal, and limestone, which are all mined. The process starts with the conversion
of the coal into coke by grinding the coal and baking it in ovens in the absence of air for several
hours. This process prevents the burning of the coal (since there is no oxygen) and facilitates the
removal of impurities and gases from the coal. The resulting coke from the coal-baking process
has approximately 90% carbon content (much higher than raw coal) with fewer impurities. The
coke is cooled with water and used both as a source of fuel and as a reactant in the extraction of
iron from the iron ore.

The three basic ingredients — iron ore, coke (obtained from the coal-baking process), and
limestone - are fed into a blast furnace — a large vessel where the reaction of the coke with the
preheated air produces heat and carbon monoxide that helps to break down the iron ore, produc-
ing pure iron and carbon dioxide. A by-product known as slag is also formed from the reaction of
the limestone with the impurities in the iron ore [11]. The pig or molten iron is drained from the
bottom of the blast furnace, and desulfurized, and then fed into the basic oxygen furnace (BOF).
The pig iron from the blast furnace has a carbon content of about 4% and is converted to steel
in the basic oxygen furnace (BOF) by reducing the carbon content to between 0.4% to 1.5%. The
oxygen in the BOF oxidizes the carbon and other impurities in the pig iron and melts the steel,
producing slag and other impurities, which float to the top of the denser molten steel. The chem-
ical composition of the molten steel is monitored and after the desired composition is achieved,
the molten steel is tapped. Alloys can be added at this stage, as needed. The molten steel is then
cast into thick slabs of steel. These thick slabs can then be melted again in an electric arc furnace
(EAF) - without losing its strength — and the molten steel is passed through a series of rollers
to shape the steel into different hot-rolled structural steel shapes such as wide flange shapes or
channels [11]. The BOF process requires very expensive equipment and is capital intensive.

PROPERTIES OF STRUCTURAL STEEL

The forerunners to structural steel were cast iron and wrought iron; these were used widely
in building and bridge structures until the mid-nineteenth century. Their low tensile strength
and low ductility due to their higher carbon content led to some bridge failures [12, 13]. In
1856, steel was first manufactured in the United States and since then it has been used in the
construction of many buildings and bridge structures. Some notable examples of buildings con-
structed mainly of structural steel include the 1450-ft.-tall, 110-story Willis Tower (formerly
known as the Sears Tower) in Chicago and the 1474-ft.-tall Taipei 101 building in Taiwan,
with 101 floors. Structural steel is an alloy of iron and carbon and is manufactured in various
standard shapes and sizes by steel rolling mills; it has a unit weight of 490 Ib./ft.3, a modulus of
elasticity of 29,000 ksi, and a Poisson’s ratio of approximately 0.30. The carbon content of com-
monly used structural steel varies from about 0.15% to about 0.30% by weight, with the iron
content as high as 95% [14]. The higher the carbon content, the higher the yield stress, and the
lower the ductility and weldability. Higher carbon steels are also more brittle. Structural steel
is widely used in the United States for the construction of different types of building structures,
from low-rise industrial buildings to high-rise office and residential buildings. Structural steel
is also used in the construction of bridges, communication towers, amusement park structures,
stadiums and other structures. Steel offers competitive advantages because of its high strength-
to-weight ratio. Some of the advantages of structural steel as a building material are as follows:

1. Structural steel has a high strength-to-weight ratio.
2. The properties of structural steel are uniform and homogeneous, and highly predictable.

3. It has high ductility, thus providing adequate warning of any impending collapse.
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4. It can easily be recycled. In fact, a very high percentage of the structural steel used in
many modern structures is made from recycled steel.

5. Steel structures are easier and quicker to fabricate and erect, compared to concrete
structures.

6. The erection of steel structures is not as affected by weather compared to other build-
ing materials, enabling steel erection to take place even in the coldest of climates.

7. It is relatively easier to retrofit existing steel structures because of the relative ease of
connecting the new framing members to existing structural steel members.

Some of the disadvantages of structural steel as a building material include the following:

1. Steel is susceptible to corrosion and it must be protected by galvanizing or by coating
with zinc-rich paint, especially structures exposed to weather or moisture, although
corrosion-resistant steels are also available. Consequently, maintenance costs could be
high compared to other structural materials.

2. Steel is adversely affected by high temperatures and therefore often needs to be pro-
tected from fire by fireproofing.

3. Depending on the types of structural details used and the thickness of the steel mem-
ber, structural steel may be susceptible to brittle fracture due to the presence of stress
concentrations, and to fatigue failure from cyclic or repeated loadings causing stress
reversals in the members and connections.

The two most important properties of structural steel used in structural design are the tensile
yield stress, F,, and the ultimate tensile strength, F,. These properties are determined by a tensile
test that involves subjecting a steel specimen to tensile loading and measuring the load and axial
elongation of the specimen until failure. The tensile stress is computed as the applied tension
load divided by the original cross-sectional area of the specimen, and the strain is the elongation
divided by the original length of the specimen. A typical stress—strain curve for structural steel is
shown in Figure 1-1a; it consists of a linear elastic region with a maximum stress equal to the yield
stress, a plastic region in which the stress remains relatively constant at the yield stress as the
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b) Steel without a defined yield point
FIGURE 1-1 Typical stress-strain diagram

strain increases, and a strain hardening region, the peak of which determines the ultimate tensile
strength, F,. Young’s modulus, E, is the slope of the linear elastic or straight-line region of the
stress—strain curve. The ability of structural steel to sustain large deformations under constant
load without fracture is called ductility - an important structural property that distinguishes struc-
tural steel from other commonly used building materials such as concrete and wood. The longer
the flat horizontal or plastic region of the stress—strain curve, the higher the ductility of the steel.

For high-strength steels where the steel stress—strain curve has no defined yield point, the
yield stress is determined using the 0.2% offset method (see Figure 1-1b), defined as the point
where a line drawn with a slope E passing through the 0.2% elongation point (or 0.002 strain)
on the horizontal axis intersects the stress—strain curve. It should be noted that high-strength
steels have much less ductility than mild steel. For structural design, the stress—strain diagram
for structural steel is usually idealized as shown in Figure 1-2.
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FIGURE 1-2 Idealized stress-strain diagram
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The behavior of structural steel discussed previously occurs at normal temperatures, usu-
ally between —30°F and +120°F [12]. At very low temperatures, steel becomes more brittle and
thus possesses lower ductility, and it loses strength when subjected to elevated temperatures. At
a temperature of approximately 1300°F, both the strength and stiffness of steel is about 20% of
its strength and stiffness at normal temperatures [15]. Because of the adverse effect of high tem-
peratures on steel strength and behavior, structural steel used in building construction is often
fireproofed by spray-applying cementitious materials or fibers directly onto the steel member or
by enclosing the steel members within plaster, concrete, gypsum wall board, or masonry enclo-
sures. Intumescent coatings and ceramic wool wraps are also used as fire protection for steel
members. Fire ratings for various building occupancies - specified in terms of the time in hours
it would take a structural assembly to completely lose its strength in a fire event - are specified
in the International Building Code (IBC) [16]. The topic of fire protection of structural steel will
be discussed in more detail in Chapter 14 of this text.

TABLE 1-1 Tensile Stress and Ultimate Tensile Strength of Commonly Used Structural Steel

ASTM
Steel type Specification of F, (ksi) F, (ksi)
structural steel

Carbon steel A36 36 58-80
A53 Grade B 35 60
A500 Grade B 42 or 46 58
A500 Grade C 46 or 50 62

A529 50 65-100

55 70-100
High-strength, low-alloy A913 50 6
60 75
65 80
70 90
A992 50 65
A572 50 65
Corrosion-resistant, high- A242 50 70
strength, low-alloy A588 50 70

Adapted from AISCM Table 2-4

where

F, = Ultimate tensile strength, ksi, and
F, = Yield stress, ksi.

Structural steel is specified using the American Society for Testing and Materials
(ASTM) specifications, which define its properties. Prior to the 1960s, structural steel used
in building construction in the United States was made mainly from ASTM A7 grade, with
a minimum specified yield stress of 33 ksi. The Steel Construction Manual of the American
Institute of Steel Construction (AISCM) lists the different types of structural steel used in
steel building construction (see AISCM Tables 2-4 and 2-5), the applicable ASTM standard
specification, and the corresponding yield stress and ultimate strength properties; these are
shown in Table 1-1 for commonly used structural steels for building design and construction
in the United States.

ASTM A992 Grade 50 (F,, = 50 ksi and F,, = 65 ksi) is the primary high-strength steel speci-
fication used for the main structural members (i.e., W-shapes) in building construction in the
United States, while ASTM A36 steel (F, = 36 ksi and F, = 58 ksi) is typically the preferred
material specification for smaller size members such as plates, angles, and channels. ASTM
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A572 Grade 50 is also a preferred material for plates. ASTM A572 Grade 50, ASTM A992 Grade
50, ASTM A529 Grade 50 are now also widely used for angles where a 50 ksi yield strength
is desired.

Where steel with a higher yield stress is desired for the main structural steel members
(e.g., wide flange or W- shapes), ASTM A913 (Grades 60, 65 or 70) or ASTM A572 (Grades
55, 60, or 65), or ASTM A529 (Grade 55) may be specified [8, 17]. ASTM A913 Grades 65 and
70 steels were used in the award winning 54-story 150 North Riverside high-rise office building
in Chicago to achieve material reductions in weight and costs. In this building, the four-story
high transfer diagonal struts used to support multi-story exterior columns above the 4" floor
level consisted of a series of W36 x 925 steel members, currently the “heaviest hot-rolled steel
sections in the world” [18].

Hollow structural sections (HSS) are cold-formed carbon steel sections made by cold-bending
flat steel plates into the desired tube steel shape and then welding the ends of the plate together.
Large HSS sections may be formed by welding two half pieces together. The more commonly
used hollow structural sections (HSS), which can be square, rectangular or round, are produced
in ASTM A500 Grade B (with yield strengths of 42 ksi and 46 ksi, and ultimate tensile strength
of 58 ksi), and ASTM A500 Grade C (with yield strengths of 46 ksi and 50 ksi, , and ultimate ten-
sile strength of 62 ksi). These are cold-formed carbon steel sections. Round structural pipes that
have a lower yield strength than HSS are produced in ASTM A53 Grade B with a yield strength
of 35 ksi. Rectangular HSS are now commonly specified as ASTM A500 Grade C with F, = 50
ksi and F,, = 62 ksi. ASTM A500 Grade B used to be the more commonly specified steel for HSS
as of a few years ago and may still be the case in certain parts of the United States. Round HSS
are now commonly specified as ASTM A500 Grade C with F,, = 46 ksi and F, = 62 ksi. Pipes are
commonly specified as ASTM A53 Grade B (F, = 35 ksi and F,, = 60 ksi), and it is preferable and
more common in design practice to use round HSS instead of pipe sections because HSS sections
have higher strengths than pipe sections. Although ASTM A500 Grade C is the preferred speci-
fication for rectangular and round HSS, other material specifications that are now available for
HSS include ASTM A1085 Grade 50 (F, = 50 ksi and F,, = 65 ksi), a carbon steel, and ASTM
A1065 Grade 50 (F, = 50 ksi and F,, = 60 ksi), a high-strength low alloy steel more commonly
used for large HSS sections. The advantages of ASTM A1085 specification over ASTM A500 are
as follows: it provides tighter tolerances for the HSS wall thickness and corner radius resulting
in more efficient designs; it is more suitable for dynamic loading and for use in bridge struc-
tures due to its material toughness; and it has a maximum limit on the yield strength of 70 ksi
(compared to a higher variability in the strengths of ASTM A500) which results in a lower over-
strength factor and therefore more efficient seismic design. It is envisaged that in the future,
ASTM A1085 will gradually replace ASTM A500 as the more preferred materials specification
for HSS [17, 19]. For round or rectangular HSS requiring protection against atmospheric corro-
sion, ASTM A847 (F, = 50 ksi and F,, = 70 ksi) can be specified.

Where resistance to corrosion is desired, as in the case of exposed steel members, ASTM
Ab88 steel, which has essentially replaced ASTM A242 steel, can be specified. This “weather-
ing” steel provides protection from corrosion through the formation, over time, of a thin oxide
coating on the surface of the structural member when exposed to the atmosphere. The use of
this steel obviates the need for painting, and it is frequently used in bridge structures. However,
for many building structures where corrosion protection is required, this is more commonly
provided by coating the structural steel members with zinc-rich paint, or by hot-dip galvanizing
of the structural member, a process where the structural member is coated with zinc by dipping
the entire member into a molten zinc bath at a temperature of approximately 850°F. The length
and shape of the member to be galvanized is often limited by the size of the zinc bath used in
the galvanizing process.
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For M-shapes and S-shapes, angles, and channels (C and MC), ASTM A36 steel has tradi-
tionally been more commonly specified, but other steel such as ASTM A529 Grade 55, ASTM
A572 (Grades 55, 60 or 65) or ASTM A913 (Grades 60, 65 or 70) are now being increasingly
specified as well for these shapes [17, 18].

HP shapes are more commonly specified as ASTM A572 Grade 50 or ASTM A588 Grade 50
where atmospheric corrosion resistance is needed.

Steel plates are generally available in ASTM A36 (F, = 36 ksi and F,, = 58 ksi) and ASTM
A572 Grade 50 steel (F, = 50 ksi and F, = 65 ksi). If higher steel strengths are desired, ASTM
A529 Grade 55 or ASTM A572 Grade 55, 60 or 65 can be specified. Where atmospheric corrosion
resistance is needed, the steel plates can be specified as ASTM A588 Grade 42 (F, = 42 ksi and
F, = 63 ksi), Grade 46 (F,, = 46 ksi and F', = 67 ksi) or Grade 50 (F, = 50 ksi and F,, = 70 ksi).

In general, it is recommended at the beginning of any project to confirm with the local steel
fabricators the types (ASTM specifications) and grades of steel that are readily available, to
avoid paying a premium cost for structural steel that would have to be placed on special order if
not locally available [17].

Another property of structural steel that is of interest to the structural engineer is the
coefficient of thermal expansion, which has an average value of 6.5 x 107 in./in. per °F with
variations in temperatures of up to 100°F [8]. This property is used to calculate the expected
expansion and contraction of a steel member or structure and is useful in determining the
required size of expansion joints in building structures or the magnitude of forces that will be
induced in a structure if the thermal expansion or contraction is restrained. For enclosed heated
and air-conditioned buildings, it is common practice to assume a maximum temperature change
of between 50°F to 70°F. However, because buildings are usually unheated and unenclosed dur-
ing construction, the maximum temperature change may exceed these values, and the struc-
tural engineer would be wise to consider these increased temperature changes — which would
vary depending on the location of the building — in the design and detailing of the structural
members [20]. Structurally, expansion joints in buildings are usually achieved either by using
a line of double columns; that is, a column line on both sides of the expansion joint, or by using
low-friction sliding bearings that are supported off a bracket connected to the columns on one
side of the expansion joint (see Figures 1-3a and 1-3b). The designer should ensure that the
sliding bearing details allow for the anticipated lateral movement and rotation of the beam or
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FIGURE 1-3 Expansion joint details

girder because faulty details that do not allow expansion or contraction or rotation, and sliding
bearings that are unintentionally restrained because of the buildup of debris could result in
large unintended lateral forces being transmitted to the structure, which could cause structural
failure. The unanticipated restraint of an expansion joint connection was the cause of the load-
ing dock slab collapse at the Pittsburgh Convention Center in 2007 [21].

Residual Stresses

Due to the different rates of cooling in a structural steel member during the final stages of the
manufacturing process (i.e., during the rolling process), initial longitudinal stresses will exist
in the member prior to any loads being applied. These preexisting non-uniform longitudinal
stresses that are caused by the different cooling rates of the different fibers of the steel section
are called residual stresses. The fibers that are the first to cool (for example, the tips of wide
flanges and the middle section of the web) will develop compressive residual stresses as they
restrain the fibers that are the last to cool (for example, the interior of the wide flanges near the
webs and the far ends of the web near the flanges which develop tension residual stresses). The
tension and compressive residual stresses are in equilibrium. Figure 1-4 shows the longitudinal
residual stresses in a rolled wide flange section [22, 23]. Other processes that could result in
residual stresses include cold bending or straightening, thermal cutting of structural members,
and the heat generated from the welding of structural members and the uneven cooling of the
elements that make up the member. The residual stresses are usually in internal equilibrium in
a structural steel section and, though they may result in the premature attainment of inelastic
action under loading, they have no impact on the plastic moment or tension capacity (i.e., the
strength) of a steel member due to the ductility of structural steel. Residual stresses do, however,
affect the load-deformation relationship and the stiffness of a structural member, and residual
stresses also cause fracture when excessive tension residual stresses occur in combination with
other conditions [22]. The impact of residual stresses is most significant for axially loaded mem-
bers, such as columns, because it causes a reduction in the modulus of elasticity, which decreases
from the linear elastic modulus (E) to the tangent modulus (E;), thus resulting in a reduction in
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T = tension
C = compression

FIGURE 1-4 Residual stress in hotolled wide flange sections

the Euler buckling load [23, 24, 25]. Residual stresses also reduce the moment capacity of flex-
ural members that are susceptible to local or lateral torsional buckling. A residual stress value
of 30%F (i.e., 15 ksi for 50 ksi steel) is assumed in the AISC Specification when calculating the
moment capacity of non-compact beams (i.e., beams subject to local flange or web buckling) and
beams subject to lateral torsional buckling (see Chapter 6).

Brittle Fracture and Fatigue

Brittle fracture is the sudden failure of a structural steel member due to tensile stresses that
cause a cleavage of the member, and it occurs without warning. Brittle fracture results from low
ductility and poor fracture toughness of the structural member or connection. Other factors
affecting brittle fracture include the presence of geometric discontinuities in a steel member,
such as notches; rate of application of load; and temperature. The lower the temperature of the
steel, the lower the ductility and toughness of the steel member. The importance of brittle frac-
ture and the need for the structural engineer to seriously consider this failure mode in the design
of steel structures was brought to the fore in December 2018 with the fracture cracks that were
discovered in the 4-in. thick bottom flange of the steel transfer girders at the Salesforce Transit
Center in San Francisco, CA. The AISC Specifications A3.1c and A3.1d consider members that
are thicker than 2 inches as heavy shapes; the thicker the member, the greater the imperative
to investigate the potential for brittle fractures [49].

Whereas brittle fracture of a steel member results from a few applications, or even a single
application of loading, fatigue failure on the other hand occurs due to repeated applications of
loading to a structure over time, starting with a small fatigue crack. An example of a structure
where the members and connections are subject to fatigue loading are the space trusses shown
in Figure 1-5a that support aerial cable cars at one of Canada’s National Parks. Another iconic
structure that is subject to fatigue loading is the London Eye located on the banks of the River
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FIGURE 1-5a Aerial cable cars supported by steel space FIGURE 1-5b The London Eye (Photo by Abi Aghayere)
trusses at Banff National Park in Alberta, Canada
(Photo by Abi Aghayere)

Thames in London, UK (see Figure 1-5b). It consists of a cantilevered 3-D truss wheel structure
supported by two 3-D braced frame towers in the river, and laterally supported by an A-frame
and six backstay cables.

Members repeatedly loaded, primarily in tension, are more susceptible to developing fatigue
cracks. The behavior of steel in fatigue is measured in terms of the stress range, S, and the num-
ber of cycles of loading and unloading, N, resulting in a typical S-N curve. The stress range is the
difference between the maximum and minimum stresses in a member or connection during one
load cycle [24, 26]. The greater the number of cycles of loading and unloading, N, the smaller the
allowable stress range, S, that a structural element or connection can resist.

The fatigue strength of a steel structure is usually determined at service or unfactored load
levels; it is a function of the stress category, which in turn, is greatly dependent on the connec-
tion details used in the structure (see AISCM, Table A-3.1). It is also a function of the stress
range in the member as previously indicated. The stress range is usually higher when the steel
member and connections are subjected to stress reversals (e.g., tension in one cycle and com-
pression stress in another cycle) due to live loads. When a member or connection is subjected
to only compression stresses, fatigue crack propagation cannot occur, so fatigue does not need
to be considered for such members. The lower the stress range, the higher the fatigue strength
of the member or connection. The calculated stress range due to live loads should be less than
the design or allowable stress range calculated from the equations in AISCM, Appendix 3 and
Table A-3.1. The fatigue resistance of steel members and connections must be considered when
the number of live load application cycles exceeds 20,000 cycles. In most buildings, fatigue is not
an issue and therefore is not normally considered in the design of structural members in build-
ing structures, except for crane runway girders and members supporting machinery. Fatigue is a
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major consideration in the design of steel bridges and industrial crane support structures where
the maximum number of live load cycles may exceed 2 million cycles of loading and unloading
during the life of the structure [24, 27].

BT STRUCTURAL STEEL SHAPES
AND ASTM SPECIFICATION

The general requirements for the mechanical properties, cross-sectional dimensions, chemi-
cal composition, and standard mill practice for rolled structural steel shapes, bars, and plates
are specified in the ASTM A6 Specification. Part 1 of the AISC Manual (AISCM) summa-
rizes the information from ASTM A6. For hollow structural sections (HSS) or tube steel and
structural steel pipes, the ASTM A500 and ASTM A53 specifications, respectively, apply.
Table 1-2 shows standard structural steel shapes and the corresponding ASTM specifications
or structural steel grades. The ASTM A6 specification prescribes the permissible maximum
percentages of alloy elements such as carbon, manganese, chromium, nickel, copper, molyb-
denum, vanadium in structural steel to ensure adequate weldability and resistance to cor-
rosion and brittle fracture. In the specification, the percentage by weight of each of these
chemical elements is combined to produce an equivalent percentage carbon content that is
called the carbon equivalent (CE) [22, 23, 24]. Table 1-3 shows the major chemical elements
in structural steel and their effects on the steel properties presented in terms of advantages
and disadvantages [22, 23, 24]. The carbon equivalent is useful in determining the weldabil-
ity of older steels in the repair or retrofitting of existing or historical structures where the
structural drawings and specifications may not be available, and determining what, if any,
special precautions are necessary for welding to these steels to prevent brittle fractures and
cracking of the welds. The higher the CE value, the lower the allowable cooling rate [22]
and therefore, the lower the weldability of the steel. To ensure good weldability, the carbon
equivalent, as calculated from equation (1-1), should be no greater than 0.5% [14, 23, 24].
Precautionary measures for steels with higher carbon equivalents include preheating the
steel and using low-hydrogen welding electrodes. Alternatively, bolted connections could be
used in lieu of welding.

TABLE 1-2 Structural Steel Shapes and Corresponding ASTM Specification

Structural steel shapes ASTM Specification Min F, (ksi) Min F,, (ksi)

W-shape A913° 50-70 65-90
A992" 50-65 65

M- and S-shapes A36 36 58-80

Channels (C- and A36" 36 58-80
MC-shapes) A572 Grade 50 50 65

Angles and plates A36 36 58-80
Steel pipe A53 Grade B 35 60
Round HSS A500 Grade B 42 58
A500 Grade C 46 62
Square and rectangular A500 Grade B 46 58
HSS A500 Grade C' 50 62

*A913 is a low-alloy, high-strength steel.
TPreferred material specification for the different shapes.
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The equivalent carbon content or carbon equivalent [22, 23, 24] is given as

CE=C+(Cu+Ni)/15+(Cr+ Mo+ V)/5+(Mn + Si)/6 < 0.5,

where

C = Percentage carbon content by weight,

Cr = Percentage chromium content by weight,

Cu = Percentage copper content by weight,

Mn = Percentage manganese content by weight,

Mo = Percentage molybdenum by weight,

Ni = Percentage nickel content by weight,

V = Percentage vanadium content by weight,

Si = Percentage silicon by weight.

(1-1

TABLE 1-3 Advantages and Disadvantages of Alloy Chemical Elements Used in Structural Steel

Chemical element Major advantages Disadvantages
Carbon (C) Increases the strength of steel. Too much carbon reduces the
ductility and weldability of steel.
Copper (Cu) When added in small quanti- Too much copper reduces the
ties, it increases the corrosion weldability of steel.
resistance of carbon steel, as well
as the strength of steel.
Vanadium (V) Increases the strength and
fracture toughness of steel and
does not negatively impact the
notch toughness and weldability
of steel.
Nickel (Ni) Increases the strength and the Reduces weldability

corrosion resistance of steel.
Increases fracture toughness.

Molybdenum (Mo)

Increases the strength of steel.
Increases corrosion resistance.

Decreases the notch toughness
of steel.

Chromium (Cr)

Increases the corrosion
resistance of steel when
combined with copper, and
increases the strength of steel.
It is a major alloy chemical used
in stainless steel.

Columbium (Cb)

Increases the strength of steel
when used in small quantities.

Greatly reduces the notch tough-
ness of steel.

Manganese (Mn) Increases the strength and notch | Reduces weldability.
toughness of steel.
Silicon (Si) Used for deoxidizing of hot Reduces weldability.

steel during the steel making
process and helps to improve the
toughness of the steel.

Other alloy elements found
in very small quantities
include nitrogen; those
elements permitted only in
very small quantities include
phosphorus and sulfur.
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EXAMPLE 1-1

Expansion Joints in Steel Buildings and the Effect of
Temperature Changes on Restrained Girders

a. A steel building is 600 ft. long with expansion joints provided every 200 ft. If the maxi-
mum anticipated temperature change is 50°F, determine the size of the expansion joint
that should be provided. Assume the coefficient of thermal expansion, a, for structural
steel is 6.5 x 107% in./in./°F.

b. If the longitudinal movement of a W24 X 94 girder in this building is inadvertently restrained
at both ends of the girder, determine the magnitude of the axial force in kips induced in the
girder and its connections due to a 50°F temperature change during construction.

Solution

a. From mechanics of materials, the anticipated longitudinal expansion or contraction due
to temperature change is 6 = o/ AT

Where,
a = coefficient of thermal expansion = 6.5 x 107° in./in. per °F for steel
AT =Ty;pp — T}, = maximum change in temperature

¢ = original length of the structural member
5 = alAT = (6.5 x 10%in./in. per °F) (200 ft. x 12 in./ft.)(50°F) = 0.78 in.

This is the total change in length for the 200 ft. long segment of the building. Assuming
one-half of this expansion or contraction takes place at each end of the 200 ft long seg-
ment, the expansion or contraction at each end would be %2 (0.78 in.) = 0.39 in.

Since the portion of the building on both sides of the expansion joints can expand at the same
rate simultaneously, the total minimum width of the expansion joint = 2 (0.39 in.) = 0.78 in.
Therefore, use a 1-in.-wide expansion joint.

It should be noted that the nonstructural elements in the building, such as the exterior
cladding (e.g., brick wall) and backup walls (e.g., block wall), as well as the interior
partition walls, must be adequately detailed to accommodate the anticipated expansion
and contraction.

b. Axial force in the restrained W24 x 94 girder due to a 50°F temperature change during
construction:
Cross-sectional area of the girder, A = 27.7 in.2
The modulus of elasticity, £ = 29,000 ksi P
From mechanics of materials, the axial deformation of the girder is & =E =alAT

Rearranging the preceding equation, the axial force in the girder is obtained as

P:MWMAE

=(6.5x10%in./in./ °F)(50°F)(27.7in.?)(29,000ksi) =261 kips
The ratio of the change in length of this girder to its original length is
0 alAT

VA
Even though the change in length of the girder caused by the temperature change is only
0.0325% of the original length of the girder, it is obvious that the axial force induced in the
girder is quite large, such that it cannot be ignored if the ends of the girder are restrained.

= aAT=(6.5x10%1in./in./°F)(50°F) = 0.000325 or 0.0325%
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Restrained end conditions as illustrated in this example can occur during construction
when exposed beams or girders are supported by and attached to basement walls, and
the beams or girders in turn provide lateral support to the top of the basement walls.
Breakouts of the concrete basement wall can occur if the beams or girders are subjected
to significant temperature fluctuations from daytime highs to nighttime lows during
construction because the building at this time is not yet enclosed. One of the authors has
investigated a failure at the end supports of exposed beams during construction caused
by significant temperature changes where the beams at one end were anchored through
a bearing plate to a concrete basement wall. The axial force induced in the beam due to
temperature changes was large enough to cause a breakout of a chunk of the concrete
basement wall below the beam bearing plates. The following steps could have been taken
to prevent the breakout in the concrete basement wall:

* Provide temporary lateral bracing to the top of the concrete basement walls,

* Sit the steel beams on the embed bearing plates without attaching them to the plates to
temporarily allow the beams to expand or contract,

* After the building is enclosed, and thus the temperature differential is greatly reduced,
weld the steel beams to the beam bearing plates and fill the beam pocket with non-

shrink grout,

* Remove the temporary lateral bracing for the concrete basement walls.

EXAMPLE 1-2
Carbon Equivalent and Weldability of Steel

A steel floor girder in an existing building needs to be strengthened by welding a structural
member to its bottom flange. The grade of steel for the existing girder is unknown and to deter-
mine its weldability, material testing has revealed the following percentages by weight of the
alloy chemicals in the girder:

C=0.25%
Cr = 0.15%
Cu = 0.25%

Mn = 0.45%
Mo = 0.12%
Ni = 0.30%
V =0.12%
Si = 0.20%

Calculate the carbon equivalent and determine if this steel is weldable.
Solution
Using equation (1-1), the carbon equivalent, CE, is calculated as

0.25% + 0.30% 0.15% + 0.12% + 0.12% 0.45% + 0.20%
+ +
15 5 6

CE=0.25% +

=0.47% < 0.5%.

Therefore, the steel in the girder is weldable.

However, because of the high carbon equivalent, precautionary measures such as using low-
hydrogen welding electrodes and preheating of the member are recommended. Since this is an
existing structure, the effect of preheating the member should be thoroughly investigated so as
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not to create a fire hazard. If preheating of the member is not feasible, alternative strengthening
approaches that preclude welding may need to be investigated.

Steel Shapes
The two main types of steel shapes are:

* Rolled steel shapes—These are standardized hot-rolled shapes with cross-sectional
dimensions and properties specified in the American Institute for Testing and Materials
specification (ASTM A6) and is also presented in part 1 of the AISCM [8].

* Built-up shapes—Where standardized structural shapes cannot be used (e.g., where the
load to be supported exceeds the capacity of the sections listed in the AISCM), built-up
shapes could be made from plate stock. Examples include welded plate girders, plane
and flanged cruciform shapes, and box girders. Components of built-up shapes thicker
than 2 inches are classified in AISC Specifications A3.1c and A3.1d as heavy shapes.

Standard hot-rolled shapes are most commonly used for building construction, while built-
up shapes are commonly used in bridge construction. Note that built-up shapes, such as welded
plate girders, are also used in building construction as transfer girders to support multistory
columns above an atrium area or an auditorium or a roadway or a railway to create a large
column-free area, resulting in large concentrated loads that need to be supported. Welded plate
girders will be discussed in Chapter 13.

Examples of the rolled standard shapes listed in part 1 of the AISCM include the following:

Wide-Flanged: W-Shapes and M-Shapes

Wide-flanged sections (see Figure 1-6) are I-shapes that are commonly used as beams or
columns in steel structures. They are also sometimes used as the top and bottom chord mem-
bers of trusses, and as diagonal braces in braced frames. The inner and outer flange surfaces
of W-shapes are parallel; M-shapes are similar to W-shapes, but they are not as readily avail-
able or widely used as W-shapes and their sizes are also limited. The listed M-shapes in AISCM
have a maximum depth of 12.5 in. and a maximum flange width of 5 in. A W14 x 90, for exam-
ple, implies an I-shaped member with a nominal depth of 14 in. and a self-weight of 90 lb./ft.
Similarly, an M12 x 10 indicates a miscellaneous shape with a nominal depth of 12 in. and a
self-weight of 10 1b./ft. It should be noted that because of the variations from mill to mill in the
fillet sizes used in the production of wide flange shapes, and also the wear and tear on the rollers

throat. T. is constant for overall depth, d, is constant for

any given serics of any given series of M-shapes
W-shapes

[ 1 =~

N

| iy =i LS

kl k]

W-shape M-shape
FIGURE 1-6 W-and M- shapes
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during the steel shape production process, the decimal k-dimensions (k,,,) specified for these
shapes in Part 1 of the AISCM should be used for design, while the fractional k-dimensions (k,,,)
are to be used for detailing.

S-Shapes

S-shapes (see Figure 1-7), also known as American Standard beams, are similar to I-shapes
except that the inside flange surfaces are sloped. The inside face of the flanges usually has a
slope of 2:12, with the flange thickness varying from a smaller value at the flange tips to a
larger flange thickness closest to the web of the beam. S-shapes were the first rolled beam sec-
tions in the United States; they are no longer used for typical roof or floor framing but are only

frequently used as monorail and crane support beams. An S12 x 35 implies a member with a
12-in. actual depth and a self-weight of 35 Ib./ft. length of the member.

7 — overall depth, d, is constant
tapered for any given series of
flange ) S-shapes

——

FIGURE 1-7 S-shapes

HP-Shapes

HP-shapes (see Figure 1-8) are similar to W-shapes and are commonly used as H-piles in bear-
ing pile foundations. These H-piles, which can be as long as 100 ft. or more, support the super-
structure loads, and they are typically socketed and grouted into the bedrock to resist the uplift
loads on the structure. HP-shapes have thicker flanges and webs compared to W-sections, and
the nominal depth of these sections is usually approximately equal to the flange width, with the
flange and web thicknesses approximately equal. The thick webs help to resist the high impact
loads that these sections are subjected to during pile driving operations.

/- HP12 x 53

[ ]
\ [
= =
% -
— on
— <
[ ty=04251in. <
= Il_
VAN =
[ ]
\, br=12.0 in.

4 1
FIGURE 1-8 HP shapes
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Channel or C- and MC-Shapes

Channels are C-shaped members with the inside faces of the channel flanges tapered from a
minimum thickness at the flange tip to a maximum thickness at the channel web (see Figure 1-9).
They are commonly used as beams to support light loads, such as in catwalks and as stair
stringers, and they are also used to frame the edges of roof openings. C-shapes are American
Standard channels, while MC-shapes are miscellaneous channels. A C12 x 30 member implies
a C-shape with an actual depth of 12 in. and a weight of 30 lb./ft., while an MC 12 x 35 member
implies a miscellaneous channel with an actual depth of 12 in. and a self-weight of 35 1b./ft.
MC 12 x 43 is recommended for the stringers of steel stairs because of their wide flanges that
allows adequate fillet weld connection of the handrail posts to the top surface of the top flange
of the channel [22].

— S —
/—C12x20.7 /—MC12x10.6
& &
Il Il
) .
\\ N I=
C-shape MC-shape

FIGURE 1-9 C- and MC- shapes

Angle (L) Shapes

Angles (see Figure 1-10) are L-shaped members with legs of equal or unequal lengths, and they
are used as lintels to support brick cladding and block wall cladding above door and window
openings, and as web members in trusses. They are also used as X-braces, chevron braces, or
knee-braces in braced frames where they could occur as single angles or as double angles placed
back-to-back. Double angles are frequently used for the end connections for beams and girders.
An angle with the designation L4 x 3 x Y4 implies a member with a long leg length of 4 in., a
short leg length of 3 in., and a thickness of %2 in. While all other rolled sections have two orthogo-
nal axes (x—x and y—y) of bending, single angles have three axes (x—x, y—y, and z—-z) about which
the member could bend or buckle.

L5x3/5x% L6x6x%
= _ o =
Vol ;\oo NS
4? 1
) 31/2u ) 6

FIGURE 1-10 Angle shapes
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Structural Tees—WT-, MT-, and ST-Shapes

Structural tees (see Figure 1-11) are made by cutting a wide flange section (i.e., an I- or W-shape),
M-shape, or S-shape in half. For example, if a W14 x 90 is cut in half, the resulting shapes will
be WT 7 x 45, where the nominal depth is 7 in. and the self-weight of each piece is 45 1b./ft.
WT-shapes are commonly used as brace members and as top and bottom chords of trusses. They
are also used to strengthen existing steel beams where a higher moment capacity is required.
Similarly, ST- and MT-shapes are made from S-shapes and M-shapes, respectively.

N

Wi4 x 90 WT7 x 45
FIGURE 1-11 WT-shape

Plates and Bars

Plates and bars (see Figure 1-12) are flat stock members that are used as stiffeners, gusset
plates, and X-braced members. They are also used to strengthen existing steel beams and as sup-
porting members in built-up steel lintels. Plates are also used in plane cruciform columns. There
is very little structural difference between bars and plates, and although historically, flat stock
with widths not exceeding 8 in. were generally referred to as bars, while flat stock with widths
greater than 8 in. were referred to as plates, it is now common practice to refer to flat stock
universally as plates. As an example, a PL 6 X % implies a 6-in.-wide by '2-in.-thick plate. In

%" x 12" plate 174" dia. round bar /11/2" x 1/4"square bar
= 4 7/ -
L 12" L 11/2" 11/2n
A 7

bar grating floor plate
FIGURE 1-12 Plates and bars
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practice, plate widths are usually specified in Y2-in. increments, while thicknesses are specified
in Y/g-in. increments. The practical minimum thickness for plates is Y-in., with a practical mini-
mum width of 3 in. to accommodate the required minimum bolt edge distances.

Hollow Structural Sections (HSS)

4", wall thickness = 0.25"
design thickness = (0.233"
wall thickness = 0.375" )
design thickness = 0.349" 5 N
- N <
HSS6x4x75 HSS4.000x0.250

FIGURE 1-13 HSS and structural pipes

All the shapes discussed above are made from hot-rolled steel sections, whereas hollow struc-
tural section (HSS) members are welded cold-formed carbon steel made by cold bending a flat
piece of carbon steel into rectangular, square or round tubular shapes and then welding the
ends together; they are commonly used as columns, lintel beams, struts, girts, hangers, lateral
bracings, and braced-frame members in building structures; they are also used in bridge struc-
tures (see Figure 1-13). HSS members — because of their closed shape — are not as susceptible
to lateral-torsional buckling and torsion as open sections such as wide flange sections (I-shapes)
or channels. Therefore, HSS members are frequently used as lintel beams spanning large open-
ings, especially where the eccentricity of the supported gravity loads may result in large tor-
sional moments in the HSS lintel beam. Examples of HSS members are as follows:

e HSS6 x 4 x % (long side vertical — LSV) implies a rectangular hollow structural steel
with outside wall dimensions of 6 in. in the vertical direction and 4 in. in the horizon-
tal direction, and a wall thickness of % in., except at the rounded corners. Note that
rectangular HSS whose vertical and horizontal dimensions are even numbers are more
generally readily available [22].

* HSS 6.625 x 0.28 implies a round hollow structural steel with an outside wall diameter
of 6.625 in. and a uniform wall thickness of 0.28 in. It is recommended to specify
round HSS sections that have similar cross-sectional dimensions as standard steel pipe
sections because such round HSS are generally more readily available in stock and do
not require a special order [22].

Structural Pipes

Structural pipes are round structural tubes similar to HSS members (see Figure 1-13) that are
sometimes used as columns and as struts for bracing basement excavations. They are also used
as posts or columns for lightly loaded structures such as mezzanines, and in residential build-
ings to support the ground floor girder. They are available in three strength categories: stan-
dard (Std), extra strong (X-strong), and double-extra strong (XX-strong). The bending moment
capacity and the axial compression load capacity of these sections are tabulated in Tables 3-15
and 4-6, respectively, of the AISCM. Steel pipes are designated with the letter P, followed by the
nominal diameter, and then the letter X for extra strong or XX for double-extra strong, and the
outside diameter can be as large as 26 inches with nominal wall thickness of up to 0.375 inch.
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For example, the designation P3 represents a nominal 3-in. standard pipe, P3X represents a
3-in. extra-strong pipe, and P3XX represents a 3-in. double-extra-strong pipe.

Built-Up Sections

Built-up sections (see Figure 1-14) include welded plate girders and other sections built up from
plates and standard rolled sections (e.g., W-section with plate welded to the bottom flange; plane
and flanged cruciform sections). Plate girders are used to support heavy loads where the listed
standard rolled steel sections are inadequate to support the loads. Built-up sections can also
be used as lintels and as reinforcement for existing beams and columns. Other built-up shapes
include double angles (e.g., 2L 5 x 5 x ”*) and double channels (e.g., 2C 12 x 25) placed back-to-
back in contact with each other or separated by spacers, and W- and M-shapes with cap channels
that are used to increase the bending capacity of W- and S-shapes about their weaker (y—y) axis.

g1

R

I
a. plate girder b. reinforced W-section c. (2)-Ci2x 25

;spacer

d (2)-L6x4x%s e. S12 x 31.8 with
C10x15.3 cap channel

[ built-up box girder

(g 1
~J -

g. plain cruciform h. flanged cruciform
FIGURE 1-14 Built-up sections
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Elastic and Plastic Section Modulus for Built-up Sections

While the section properties of standard rolled steel sections are listed in Part 1 of the AISCM,
the section properties for built-up sections — such as the elastic section modulus, S, and the plas-
tic section modulus, Z, have to be calculated using the principles from mechanics of materials.
The elastic section modulus is calculated assuming a triangular (elastic) stress distribution, (see
Figure 1-15) with the maximum stress occurring in the extreme tension and compression fibers,
and with zero stress at the elastic neutral axis (ENA). The location of the elastic neutral axis
(ENA) is equal to the centroid of the cross-section. For symmetrical sections, the ENA will be at
the mid-depth of the section. The sum of the moments of the resultant compression and tension
forces about the ENA is equal to the yield moment, M,; the yield moment capacity about the
strong axis, M, = F, S, = C,(,,,
compression force, C,, and the resultant tension force, 7, (see Figure 1-15). The values of these
C,l 4

parameters will depend on the geometry of the section. The elastic section modulus, S, = ——.

F
y
For illustration purposes, consider a rectangular section with a width, b, and a depth, d, the

where 7, is the distance between the locations of the resultant

resultant elastic compression force, C, =l(b) d F =%F and /,, =al—l a)-Lfd =gd, from
2 2) 7 4 °7? 3\2) 3\2) 3

Col g :(b%)F;(%)(d): % for this

rectangular section, a familiar formula from mechanics of materials.
The location of the plastic neutral axis (PNA) is obtained from the equilibrium of the tension
and compression forces on the section. For a homogeneous steel section with the same steel grade,

which we obtain the elastic section modulus, S, =

the PNA divides the section into equal areas in tension and compression. Note that for symmetrical
homogeneous sections, the location of the PNA and the ENA coincide with the centroid of the sec-
tion. In calculating the plastic section modulus about the strong axis, Z,, it should be noted that the
critical section will be fully yielded across the section with a maximum stress of ), in tension and in
compression (see Figure 1-15). With the cross-section fully plastic with a yield stress of F, the sum of
the moments of the resultant compression and tension forces about the PNA gives the nominal plas-
ap Where £ is the distance between the
locations of the resultant plastic compression force, C,, and the resultant plastic tension force, T,
Coley (AF,)0

= ’}'ap =7 P =A,l,,, where A, is the area

tic moment capacity about the strong axis, M, = F,, Z, = C,,(

(see Figure 1-15). The plastic section modulus, Z,

y ¥
of the compression zone of the plastic section, which for a rectangular homogeneous section is one-half
the gross area of the section or bd pora homogeneous rectangular section of width, b, and depth,
2
. . bd 1 1
d, the resultant plastic compression force,C, =A F, =—F and / ap=d-= d).17d = i, from
2 2 2) 2\ 2 2
bd d
. . . . Cplap (2FyJ(é) bd?
which we can obtain the plastic section modulus, Z, = = = ——, another
. . . F F 4
familiar formula from mechanics of materials. y y

The shape factor (Z,/S,) is defined as the ratio of the plastic section modulus to the elastic
section modulus. It is a measure of how effectively the member is utilized in bending [30]. The
larger the shape factor (e.g., the shape factor for a rectangular section = 1.5), the less effective
the member is utilized in bending. A large shape factor means that a large portion of the member
is still below the yield stress limit, F), when the outer fibers reach the yield stress. Sections with
low shape factors (e.g., I-shaped sections) are very effective in resisting bending about their strong
axis because the stress in a large portion of the cross-section is close to the yield stress, F,, when
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FIGURE 1-15 Elastic and plastic stress distributions

the outer fibers of the flange reach yield. Thus, the difference between the yield moment, M,, and
the plastic moment, M, is smaller for I-shapes or wide flange sections than for rectangular shapes.

T3 BASIC STRUCTURAL STEEL ELEMENTS

We will now discuss the basic structural steel elements and members that are used to resist
gravity loads and lateral loads in steel-framed buildings as shown in Figures 1-16 and 1-17.

£ oi
top chord roof girder

extension roof deck

shear connection

perimeter angle

(deck closure) perimeter angle

(pour stop)

2\

(LLLLLLELT

SRR
IR

base plate and

bearing wall and anchor rods

wall footing

spread footing

FIGURE 1-16 Typical steel building — basic structural elements (3D)
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FIGURE 1-17 Typical steel building cross-section — basic structural elements

Beams and Girders

* The infill beams or joists support the floor or roof deck directly and spans between the
girders. The roof or floor deck usually spans in one direction between the roof or floor
infill beams.

* The girders support the infill beams and span between the columns. While the beams
along the column lines are usually connected to the web of the columns, girders are
typically connected to the column flanges since the girders support heavier reactions
than the typical in-fill beams. Thus, the girder reaction eccentricity at the columns is
resisted by the bending of the column about its stronger axis.

Columns

These are vertical members that support axial compression loads only. They are sometimes
referred to as struts when they are used in the horizontal position (as in bracings for soil exca-
vations) or as diagonal struts to resist axial compression loads from discontinued columns. In
real-world structures, structural members are rarely subjected to pure compression loads alone
since the members cannot be fabricated perfectly straight and we cannot assure that the line of
application of the axial loads will line up perfectly with the centroidal axis of the column.
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Beam-Columns

Beam-columns are members that support axial tension or axial compression loads in addition to
bending moment. In practice, typical building columns usually act as beam-columns due to the
eccentricity of the beam and girder reactions relative to the column centroidal axis.

Hangers

Hangers are vertical members that support axial tension loads only.
The reader should refer to Figures 1-16 and 1-17, and the other structural elements are
discussed in greater detail later in this chapter.

TYPES OF STRUCTURAL SYSTEMS
IN STEEL BUILDINGS

The common types of structural systems (i.e., a combination of several structural elements or
members) used in steel building structures include trusses, moment or rigid frames, and braced
frames, or a combination of these systems. Trusses are used predominantly to resist gravity loads,
whereas braced frames and moment resisting frames are used to resist lateral loads. Reinforced
concrete core walls are also used as shear walls to resist lateral loads in steel buildings. A new type
of shear wall is the concrete filled composite steel plate shear wall, also known as “Speedcore.”

In this shear wall system, invented by Ron Klemencic of Magnuson Klemencic Associates
(MKA), the concrete acts like a sandwich material between parallel steel plates. The steel plates
are connected with steel tie rods, and composite action between the steel plates and the concrete
infill is ensured using headed steel studs. This system is currently being used for a highrise
building on the West Coast [30].

Trusses

The typical truss profiles shown in Figure 1-18a through 1-18f consist of top and bottom chord
members. The vertical and diagonal members are called web members. While the top and bottom
chords are usually continuous members, the web members are connected to the top and bottom
chords using bolted or welded connections. Trusses may occur as roof framing members over large
spans or as transfer trusses used to support gravity loads from discontinued columns or shearwalls.
These transfer trusses, which could be as deep as one story or even two stories, support gravity
loads and typically span between columns or girders at both ends of the truss. In practice, the top
and bottom chords of floor or roof trusses are usually built as continuous members, and not as
pin-jointed members, as is frequently assumed in a typical structural analysis of trusses. Thus, the
forces in the top and bottom chords will be a combination of moments and axial loads. When trusses
are used in a vertical configuration, they essentially behave like braced frames since the vertical
column members will be fabricated as continuous members, at least between the column splices.
Sometimes, horizontal outrigger steel trusses are used to tie the concrete core or shear walls to the
perimeter columns in order to create interaction between the concrete core walls and the perimeter
columns in resisting the lateral loads in very tall buildings [45]. These outriggers, which are usu-
ally at least a full story high, may occur as heavy “hat” or “cap” trusses supported on the central
concrete core walls on the top of the building. Full story high intermediate outrigger trusses may
also be used in addition to the “hat” or “cap” trusses. Without the outrigger trusses, the concrete
core walls under lateral loads behave as a vertical cantilever fixed at its base; however, with the
outrigger trusses, the concrete core wall behaves as a vertical flexural member fixed at its base, and
with some moment restraint at the intermediate outrigger locations (i.e., the core wall rotation is
restrained at the outriggers) but the core wall is allowed to move laterally. This rotational restraint
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of the concrete core walls by the outriggers creates points of inflection along the height of the core
walls, leading to a reduction in the moment in the core walls and a reduction in the lateral transla-
tion and lateral acceleration of the building. The stiffer the flexural rigidity of the outrigger truss,
the more effective the interaction between the core walls and the perimeter columns will be.

Heavy steel trusses are also used to support tall buildings over existing rail lines or subway,
and these steel trusses may be supported directly on pile caps. “Hat” trusses on top of tall build-
ings have also been used to support hanging perimeter columns where the building footprint
is restricted and narrower at the lower levels (see Figure 1-18f). Figure 1-18g shows a building
entrance canopy roof framing with Vierendeel trusses consisting of top and bottom chords, and
only vertical web members with moment connections between all the HSS members.

Frames

Frames are structural steel systems used to resist lateral wind or seismic loads in buildings. The
two main types of building frames are moment-resisting frames and braced frames.

a) Howe truss

b) Simple Fink or Warren
Truss

¢) Scissor truss

d) Bowstring Truss

DVAVAVAVYZS

e) Pre-engineered roof or floor truss

FIGURE 1-18a to e Typical truss profiles
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3-D hat truss; supports all
floors

/—hanging columns at
perimeter of building

oncrete core walls
(supports gravity and lateral
g loads)

mat foundation supported by
/ piles or caissons

piles or caissons to bedrock;
resists gravity and lateral
loads

FIGURE 1-18f Typical hat truss
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Moment-Resisting Frames: Moment-resisting frames resist lateral loads through the bending of
the beams/girders and the columns. The connections between the beams/girders and the columns
are designed and detailed as shown in Figure 1-19 to resist moments due to gravity and lateral loads.
Note that moment-resisting frames are more laterally flexible than braced frames or shear walls.

-—P

a. conventional building frame elevation

web and flange plates
(if required by design)

\ 7 \ /%ﬁ BU-4b
i
g -
i
\—- slip-critical bolts \
b. bolted moment connection c. welded moment connection

built-up steel

plate girders end plates

with bolts

d. pre-engineered building frame elevation e. bolted moment connection

FIGURE 1-19 Typical moment resisting frames

Braced Frames: Braced frames (see Figure 1-20) resist lateral loads through axial compres-
sion and/or tension in the diagonal members. Examples include X-braced frames, diagonal
braced frames, Chevron- or inverted-V braced frames, and knee-braced frames. These frames
are usually more rigid than a typical moment frame and exhibit smaller lateral deflections.
Figures 1-21a and 1-21b show different types of braced frames used in steel buildings.

X-Brace Chevron or K-Brace Knee Brace
FIGURE 1-20 Typical braced frames
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FIGURE 1-21a Braced frame and columns in a multi-story steel building under construction (Photo courtesy of
Obinna Otti)

FIGURE 1-21b Braced frames: Plate and steel rod

FIGURE 1-21c Braced frames: Single diagonal and
X-bracings in a steel building under construction (Photo Chevron braces in a steel building under construction
by Abi Aghayere).

(Photo by Abi Aghayere).

Another type of braced frame used for structures with tall story heights is the Multi-tiered
braced frames (MTBF) which consists of two or more stacked levels of braced frames within
each story, with each braced frame panel connected to the ones above and below with horizontal
struts [48]. The braced frame within each vertical panel could be X-braces, Chevron or inverted
V-braces, or single diagonal braces. The columns in MTBF are oriented in such a way that the

weak (y-y) axis bending of the column occurs in the plane of the braced frame, and any out-of-
plane bending of the columns occurs about their strong (x-x) axis.
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T2 BUILDING CODES, DESIGN SPECIFICATIONS,
AND THE STEEL CONSTRUCTION MANUAL

The stakeholders in a typical building project include the owner, the architect, the structural,
mechanical, electrical and plumbing engineers, the general contractor, the sub-contractor and
steel fabricator/erector who convert the engineers’ designs in the form of contract drawings and
specifications into a real-life structure, and the state and city building officials who are respon-
sible for granting the building permit before construction and the certificate of occupancy (“C of
07”) after construction. The city officials also carry out inspection during construction to ensure
that it conforms to the city’s building code.

Building construction in the United States and in many parts of the world is regulated
using building codes that prescribe a consensus set of minimum requirements that will ensure
public health and safety. A code consists of standards and specifications (or recommended
practice), and covers all aspects of design, construction, and functions of buildings, including
occupancy and fire-related issues, but it only becomes a legal document within any jurisdiction
after it is adopted by the legislative body in that jurisdiction. Once adopted by a jurisdiction,
the code becomes the legal binding document for building construction in that locality and the
design and construction professional are bound by the minimum set of requirements specified
in the code. The International Building Code (IBC 2018) [16], published by the International
Code Council (ICC), has replaced the former model codes—the Uniform Building Code (UBC),
Building Officials and Code Administrators (BOCA), National Building Code (NBC), and the
Standard Building Code (SBC)—and is the basis for most local building codes in the United
States. The IBC is a consensus document developed by many stakeholders and a new edition
is published every three years. The IBC references the ASCE 7 Load Standard [31] for the cal-
culation of structural loads, and this load standard, which is reviewed every few years, is the
basis for the calculations of the structural loads in this text (see Chapters 2 and 3). The steel
material section of the IBC references the AISC specifications as the applicable specification for
the design of steel members in building structures. The ICC also publishes the International
Existing Building Code for the renovation of existing structures, as well as the International
Residential Code for the design of one- and two-family dwellings.

The premier technical specifying and trade organization in the United States for the fabricated
structural steel construction industry is the American Institute of Steel Construction (AISC). This
nonprofit organization publishes and produces several technical manuals, design guides, and speci-
fications related to the design and construction of steel buildings, such as the Steel Construction
Manual or AISC Manual (AISC 325-17)—hereafter referred to as the “AISCM.” The AISCM includes
the specification for the design of steel buildings (AISC 360-16) and the properties of standard steel
shapes and sizes [8]. This manual, first published in 1923 and now in its 15th edition, consists of
17 chapters as listed below and provides the dimensions and properties of several standardized
structural shapes, as well as several design aids, some of which will be used later in this text. The
AISCM includes design provisions for both the load and resistance factor design (LRFD) method
and the allowable strength design (ASD) method. The AISCM consists of the following chapters:

Part 1: Dimensions and Properties

Part 2: General Design Considerations

Part 3: Design of Flexural Members

Part 4: Design of Compression Members

Part 5: Design of Tension Members

Part 6: Design of Members Subject to Combined Forces
Part 7: Design Considerations for Bolts
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Part 8: Design Considerations for Welds

Part 9: Design of Connecting Elements

Part 10: Design of Simple Shear Connections

Part 11: Design of Partially Restrained Moment Connections

Part 12: Design of Fully Restrained Moment Connections

Part 13: Design of Bracing Connections and Truss Connections

Part 14: Design of Beam Bearing Plates, Column Base Plates, Anchor Rods, and Column Splices
Part 15: Design of Hanger Connections, Bracket Plates, and Crane-Rail Connections

Part 16: Section 16.1 includes the AISC Specifications (AISC 360-16) - Chapters A through
N; Appendices 1 through 8; and the Commentary on the Specifications — which provides
research and background information, and the limitations to the design equations presented
in the specifications.

Section 16.2 contains the “Specifications for Structural Joints Using High-Strength Bolts” -
prepared by the Research Council on Structural Connections (RCSC);

Section 16.3 contains the “Code of Standard Practice for Steel Buildings and Bridges” (AISC
303-16). Both the AISC Specifications and the Code of Standard Practice are accredited by
the American National Standards Institute (ANSI).

Part 17: Miscellaneous Data and Mathematical Information (e.g., weights of common
building materials)

The AISC Specifications (i.e., Part 16.1), which forms the basis for the design of structural
steel building structures in the United States, is divided into fourteen main chapters (i.e.,
Chapters A through N) as follows:

Chapter A: General provisions

Chapter B: Design Requirements (e.g., loads and load combinations; LRFD and ASD require-
ments; diaphragms and collectors; structural integrity; fire protection; simple and moment
connections; corrosion protection for structural steel; member properties, etc.).

Chapter C: Design for stability

Chapter D: Design of tension members

Chapter E: Design of members for compression

Chapter F: Design of members for flexure

Chapter G: Design of members for shear

Chapter H: Design of members in combined forces (e.g., axial compression plus bending;
axial tension plus bending, etc.)

Chapter I: Design of composite members

Chapter J: Design of connections

Chapter K: HSS and Box-section connections

Chapter L: Design for serviceability

Chapter M: Fabrication and erection of structural steel (e.g., fabrication requirements —
e.g., dimensional tolerances, thermal cutting, etc.; erection requirements; shop and erection
drawings, shop painting, etc.)

Chapter N: Quality control and quality assurance

In general, the decimal values of the tabulated dimensions of steel sections from Part 1 of the
AISCM are to be used in design calculations, while the fractional values are to be used for detail-
ing purposes only. The AISC Web site at www.aisc.org contains a lot of useful information and
resources related to steel design and construction, including the Modern Steel Construction maga-
zine and the Steel Solutions Center, among others. Modern Steel Construction regularly publishes
useful and interesting articles related to the practical design and construction of steel structures.
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BT THE STRUCTURAL STEEL DESIGN
AND CONSTRUCTION PROCESS

The design process for a structural steel building is iterative in nature and typically starts out
with some schematic drawings developed by the architect for the owner of a building. Using
these schematic drawings, the structural engineer carries out a preliminary design to deter-
mine the preliminary sizes of the members for each structural material and structural system
(gravity and lateral) considered. This information is used to determine the most economical
structural material and structural system for the building. After the structural material and
structural systems to be used are selected, this is followed by the final design phase where the
roof and floor framing members and the lateral force resisting systems (LFRS) are laid out
and all the member sizes are proportioned to resist the applied loads. This process results in
a set of construction documents that include structural plans, sections, details, and specifica-
tions for each of the materials used on the project. The final design phase is followed by the
construction phase, which includes shop drawing production and review, and the fabrication
and erection of the building. During the shop drawing phase, the steel fabricator’s detailer
uses the structural engineer’s drawings to prepare a set of shop drawings that are sent to the
structural engineer for review and approval. The shop drawing review process provides one
last opportunity for the design engineer to ensure that the fabrication drawings and details
meet his/her design intent as presented in the contract documents. Once the shop drawings
are approved, steel fabrication and erection can commence. The importance of proper fabrica-
tion and erection procedures and constructible details to the successful construction of a steel
project cannot be overemphasized.

In the United States and Canada, the design of simple connections (i.e., simple shear
connections) is sometimes delegated by the structural engineer of record (EOR) to the gen-
eral contractor and their steel fabricator; the steel fabricator typically hires a third party
structural engineer to design these connections using the loads and reactions provided by
the engineer of record (EOR) on the structural drawings and/or specifications. The connec-
tion designs and the detail drawings of the connections are also submitted to the structural
engineer of record for review and approval. In other cases, especially for the more complicated
connections such as moment connections, the EOR may provide schematic or full connection
designs directly to the fabricator. During the construction phase, although the structural engi-
neer of record may visit the construction site occasionally, it is common practice for the owner
to retain the services of a materials inspection firm - especially when special inspections are
mandated by the code — to periodically inspect the fabrication and erection of the structural
steel to ensure that the construction is being done in accordance with the structural drawings
and contract specifications.

BT ] GRAVITY AND LATERAL LOAD PATHS
AND STRUCTURAL REDUNDANCY

The load path is defined as the route through which a gravity or lateral load is transmitted from
its point of application on the structure to the foundation and the supporting soil or bedrock.
It is important that the structural engineer develop an adequate continuous load path when
designing a structure because any structural deficiency in the integrity of the load path could
lead to collapse; gaps or discontinuity in the load path commonly result from inadequate connec-
tions between adjoining structural elements rather than the failure of an individual structural
member. The typical path of a gravity load from its point of application on the structure to the
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foundation is as follows: The gravity load applied to the roof or floor deck or slab is transmit-
ted horizontally to the in-fill beams, which in turn distribute the load horizontally to the gird-
ers. The girders and the beams along the column lines transfer the load as vertical reactions
to the columns, which in turn transmit the load safely to the foundation and to the ground or
bedrock. So, in essence, the flow of gravity load is as follows: Load applied to the Slab or Roof
Deck —» Beams — Girders — Columns — Foundations. The gravity load path is illustrated
in Figure 1-22.

e - (1) gravity load is applied

(2) load is transfered

N f to the floor slab
~ I~
\\ >

A
~ A

(3) load is transfered
from the floor slab to
the supporting beams

(5) load is transferred from the

girders (and the beams along

the column lines) to the

columns

(4) load is transfered from
the beams to the girders

(6) load is transfered from the
columns down to the foundation

FIGURE 1-22 Gravity load path

For the lateral wind load path, the wind load is applied directly to the surface area of
the vertical wall on the windward side of the structure, and this wall bends vertically and
transfers the horizontal reactions to the horizontal roof or floor diaphragms. The horizontal
diaphragms transfers the lateral wind load to the vertical lateral force resisting system (LFRS) -
(e.g., moment-resisting frame, braced frame, or shear wall) — that have their longitudinal axis
parallel to the lateral load, and these vertical lateral force resisting systems then transmit the
lateral loads to the foundation and the soil or bedrock. So, in essence, the flow of lateral wind
load is as follows: Wind pressure on the windward vertical wall surface area — Roof or Floor
Diaphragm — Vertical Lateral Force Resisting System — Foundations. The lateral load path
for wind loads is illustrated in Figure 1-23.

Chapter 1 —Introduction to Steel Structures — 33




(1) lateral load is applied at

(3) load is transfered from the the floor (or roof) diaphragm

floor slab to the supporting beams
along the brace line ’\ P
— So
T U/ﬂ/{ (2) load is transfered to the

1 4\ - (\\\ /[ floor slab (or roof deck)
N\

/ (4) lateral load is transferred from the beams
along the brace lines to diagonal braces (for
braced frames). For moment frames, the lateral
load is resisted by the beams and columns in
bending

(5) load is transfered from
the braces to the columns

(6) load is transfered from the
columns down to the foundation

FIGURE 1-23 Lateral load path

The seismic lateral load path begins with ground motion or shaking of the structure from
a seismic event, which results in inertial forces being applied to the building structure at its
base (i.e., the base shear). The base shear is assumed to be distributed to each diaphragm level
and the lateral seismic forces are assumed to be concentrated at the floor and roof diaphragm
levels; the diaphragms, in turn, transmit the lateral seismic load to the vertical lateral force
resisting systems (LFRS) that have their longitudinal axis parallel to the seismic lateral load,
and the vertical LFRS transmits the lateral load to the foundation and then to the soil or bed-
rock. In essence, the seismic lateral load path is as follows: Ground motion — Base shear —
Diaphragm lateral loads — Vertical Lateral Force Resisting System — Foundations.

Structural redundancy—which is highly desirable in structural systems—is the ability of
a structure to support loads through more than one load path, thus preventing progressive
collapse when the only load path fails. In a redundant structure, there are alternate load
paths available so that failure of one member does not lead to failure of the entire structure;
thus, the structure is able to safely transmit the load to the foundation through the alternate
load paths.
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EEE=TS ROOF AND FLOOR FRAMING LAYOUT

Once the gravity loads acting on a building are determined, the next step in the design process,
before any of the structural members or elements can be designed, is to lay out the roof and
floor framing, and the lateral force resisting systems. In this section, the criteria for the eco-
nomical layout of roof and floor framing are presented. The self-weight of roof and floor framing
(i.e., beams and girders) varies from approximately 5 psf to 10 psf. In calculating the allowable
loads of roof and floor decks using proprietary deck load tables, the self-weight of the framing
should be subtracted from the total roof or floor loads since the beams and girders support the
deck and the loads acting on it. The proprietary deck load tables for some manufacturers are
based on service loads.

In laying out roof or floor framing members (i.e., the deck, the beams, and the girders), the
following criteria should be noted for constructability and economy:

* The in-fill beams or joists (supported by the girders) should be framed in the longer
direction of the bay, while the girders should span in the shorter direction. Thus, the
girder length should be less than or equal to the length of the in-fill beam or joist. This
ensures optimum beam and girder sizes.

* To reduce labor cost and simplify the design, reduce the number of in-fill beams by
using optimum beam spacing. The fewer the in-fill beams, the fewer the beam-to-girder
connections that must be fabricated and erected. It is also economical to group together
member sizes; for example, rather than using a mix of beam sizes, it may be more eco-
nomical to use the larger beam size, thus standardizing all the beam connections and
simplifying the erection [32].

* Avoid skewed beam-to-girder or beam-to-column connections with small acute angles as
much as possible because they are costly to erect and fabricate.

* The in-fill beams along the column lines should be connected to the web of the steel
columns, while the girders should be connected to the column flanges because the
girders support heavier loads and therefore have reactions that are, in general,
greater than those of the in-fill beams. This arrangement ensures that the moments
from the girder reactions are resisted by the column bending about its stronger axis
(see Chapter 8).

* The span of the deck should be as close to the Steel Deck Institute (SDI) maximum
allowable span [33] as possible to minimize the required number of infill beams or
joists, and therefore the number of connections. The maximum deck span required to
satisfy the Factory Mutual fire-rating requirements may be more critical than the SDI
maximum allowable span, and this should be checked.

* As much as possible, specify 22-gauge or 20-gauge decks because these are the most
commonly available deck thicknesses. Other deck thickness, such as the 18-gauge deck
can be obtained, but at a higher or premium cost.

* Decks are available in lengths of 30 ft. to 42 ft. and widths of 2 ft. to 3 ft. and these
parameters should be considered in the design of the deck. It should be noted that deck
lengths longer than 30 ft. are often too heavy for two construction workers to safely
handle on site.

* Roof decks are readily available in 1%-in. and 3-in. depths, with gauges ranging from
16-ga through 22-ga; however, the 22-ga wide-rib deck is more commonly used in practice.
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* Floor decks are readily available in 11/2-in., 2-in., and 3-in. depths, with gauges
ranging from 16-gauge through 22-gauge; however, the 20-gauge and the 18-gauge
wide-rib decks are more commonly used. Floor decks can be composite or noncom-
posite. Composite floor decks have protrusions inside the deck ribs that engage the
hardened concrete within the ribs to provide the composite action between the metal
deck and the concrete in resisting the floor loads. Noncomposite floor decks do not
have these protrusions and are called form decks. The form deck does not act com-
positely with the concrete slab in resisting gravity loads, but acts only as formwork
to support the wet weight of the concrete during construction. Therefore, the con-
crete slab alone must be reinforced (usually with welded wire fabric) to support the
applied loads.

+ Noncomposite floor deck (i.e., form deck) is available in depths ranging from /4 in. to
3 in. and in gauges ranging from 16-gauge to 28-gauge.

e Although 3-in.-deep deck costs more than 1%-in. deck, they can span longer distances,
and thus minimize the number of in-fill beams and connections used.

* To protect against corrosion, roof and floor decks could be painted or galvanized (G60
galvanized or G90 galvanized), but where spray-applied fire protection is to be applied
to the deck, care should be taken in choosing a classified paint product to ensure
adequate bonding of the fireproofing to the metal deck.

* To maximize the strength or capacity to support gravity loads, the deck should be
selected to span over at least four beams, creating a deck that is continuous over three
spans with its inherent redundancy (i.e., the so-called 3-span deck). This 3-span deck
configuration implies that the minimum length of deck that the contractor can use on
site will be three times the spacing between the beams or joists, and since the number
of beam or joist spacings may not necessarily be a multiple of three, the deck sheets will
have to be overlapped.

* Note that the load capacities given in the referenced roof and floor deck tables may be
unfactored. In the roof deck load capacity tables, the unfactored allowable total load
are tabulated, whereas in the floor deck load capacity tables, the superimposed load
capacity are tabulated. This superimposed load capacity should be compared to the
applied superimposed floor load which is the total unfactored dead and live load on the
floor deck less the self-weight of the concrete slab and the composite metal deck.

In designing any structure, the reader should strive for simplicity in the structural lay-
out and details, and not just focus solely on achieving the least weight for the steel members,
because labor costs, which consist of steel fabrication and erection, are about 67% of the total
construction costs, with material costs being only about 33% [34]. Thus, the least weight may
not necessarily always result in the least cost. In addition, the engineer needs to understand or
have a feel for how the steel structure will be erected, and when in doubt, it is advisable to check
with a local steel fabricator. The sizing of roof and floor decks, and the layout of roof and floor
framing members are illustrated in the following two examples.

EXAMPLE 1-3
Roof Framing Layout

A roof framing plan (see Figure 1-24) consists of 30-ft. by 40-ft. bays, supporting a total dead
load of 30 psf and a roof snow load of 50 psf. Determine the layout of the roof deck and the size
of the deck. Assume a self-weight of 5 psf for the steel framing.
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FIGURE 1-24 Roof framing layout for Example 1-3

Solution
The roof deck supports the total dead load less the weight of the steel framing.
Dead load on the roof deck alone = 30 psf — 5 psf (weight of steel framing) = 25 psf
Snow load on the roof = 50 psf
Total unfactored dead plus snow load on the roof deck = 25 psf + 50 psf = 75 psf
For our example, let us try a 1%-in. by 20-ga galvanized wide-rib deck (the reader should
refer to the Vulcraft Steel Roof and Floor Deck Manual [33]) or similar deck manufactur-
ers’ catalogs.
Maximum SDI allowable deck span without shoring during construction = 7 ft. 9 in.
Preferably, the deck should span continuous over at least four beams (i.e., 3-span deck).
It should be noted that the deck span selected must be less than or equal to 7 ft. 9 in.
(i.e., the maximum span), and, in addition, the selected deck span must be a multiple of
the shorter bay dimension.
Try a 7-ft. 6-in. span (a multiple of the 30-ft. bay dimension) which is < 7 ft. 9 in., OK.
Allowable total load = 72 psf < 75 psf, therefore, the deck selected is not adequate for
strength under total loads.
Allowable total load that causes a deflection of L/240 or 1-inch = 62 psf which is less than
the applied total dead plus live load of 75 psf. Therefore, the deck selected is also not good
for the deflection criteria under total load.
The next lower multiple of 30 ft. is 6 ft. 0 in. Therefore, try a 22-gauge deck with a span of
6 ft. 0 in., resulting in five equal spaces per bay.
For this span, the allowable total deck load = 89 psf > the applied total load of 75 psf OK.
Allowable total load that causes a deflection of L/240 or 1 inch = 97 psf which is greater
than the applied total dead plus snow load of 75 psf. Therefore, OK.
Therefore, use 1.5-in. by 22-ga wide-rib galvanized metal deck with in-fill beams
@ 6' 0" o.c.

EXAMPLE 1-4
Floor Framing Layout

A typical floor framing plan (see Figure 1-25) consists of 30-ft. by 40-ft. bays and supports a total
floor dead load of 80 psf and a floor live load of 150 psf. Determine the layout of the floor framing
and the size of a composite floor deck assuming normal-weight concrete.

Chapter 1 —Introduction to Steel Structures — 37




30'_0"

i H

L floor deck

40!_0"

H H
FIGURE 1-25 Floor framing layout for Example 1-4

Assume a self-weight of 7 psf for the framing.

Solution
Self-weight of steel framing = 7 psf
Dead load on the floor deck alone = 80 psf— 7 psf = 73 psf
Floor live load = 150 psf
The total applied floor deck load = 73 psf + 150 psf = 223 psf
The reader should refer to the Vulcraft Steel Roof and Floor Deck Manual [33] or similar
manufacturers’ deck catalogs.
Try 2%-in. concrete slab on 3-in. by 20-ga galvanized composite metal deck.
Total maximum slab depth = 2% in. + 3 in. = 5% in.
For the 3-span deck condition, we find from the floor deck load tables that
Maximum allowable floor deck span without shoring during construction = 12 ft. 4 in.
Self-weight of concrete = 51 psf (see the Vulcraft deck load tables)
Self-weight of deck = 2psf
53 psf
Total dead load of the steel deck plus the concrete slab = 53 psf
Applied superimposed load on deck and slab = (the total applied floor deck dead load plus
live load - the self-weight of the concrete and composite deck) = 223 psf — 53 psf = 170 psf
Note that the deck span selected must be less than or equal to 12 ft. 4 in., the maximum

allowable span for this deck without shoring when it spans over a minimum of ¢three spans.
In addition, the selected deck span must be a multiple of the shorter bay dimension of
the floor.
Try a 10-ft. 0-in. deck span (a multiple of the 30-ft. bay dimension) < 12 ft. 4 in. OK.
Allowable superimposed load on the floor deck at 10-ft. span = 159 psf
< applied superimposed load on the deck =170 psf.
Not good.
The next lower multiple of 30 ft. is 7 ft. 6 in. Therefore, try a deck span of 7 ft. 6 in., result-
ing in four equal spaces per bay.
For the 7 ft.-6 in. span, the allowable superimposed load = 247 psf (from the Vulcraft Deck
load tables) > 170 psf. OK.
Therefore, use 2%-in. concrete slab on 3-in. deep 20-ga galvanized composite
metal deck with in-fill beams spaced at 7' 6" o.c.
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EEE=TE SUSTAINABILITY IN THE DESIGN AND
CONSTRUCTION OF STEEL STRUCTURES

Sustainability has been defined as “meeting the needs of the present without compromising the
capability of future generations to meet their own needs.” In the United States, buildings account
for approximately 40% of all energy usage [35, 36]. Consequently, there has been a growing trend
toward sustainable design and construction of steel structures, where the focus is on minimizing
negative environmental impact. The most common and popular rating system for the design of
“green” buildings is the United States Green Building Council’s (USGBC) Leadership in Energy
and Environmental Design (LEED) certification system introduced in 1998. This is a point-based
building evaluation system that involves a checklist of the “quantifiable aspects of a project” [37,
38]. In the LEED 2009 rating system, the following levels of certification are possible using third-
party verification: LEED Silver, LEED Gold, and LEED Platinum. Several structural, as well as
nonstructural, issues are considered in calculating the LEED points for buildings. In many cases,
the nonstructural issues, such as natural lighting, the type of paint used, the type of heating, ven-
tilation, and air-conditioning (HVAC) systems, and the type of roofing membrane and system, play
a greater role in the calculation of the LEED points than do the structural components. Building
materials also have an impact on the environmental footprint of a building — from the energy
required in the process of manufacture or production, plus the energy required to transport the
structural material to the project site, and the energy required for the erection process. The envi-
ronmental impact of building materials remains relatively flat throughout the life span of a building,
whereas the impact of the non-structural building systems (such as HVAC, lighting, etc.) contin-
ues to increase over the life span of the building. However, as the nonstructural building systems
become more energy efficient, the relative impact of the building materials on the environmental
footprint of a building will increase. It is worthwhile that structural engineers include sustainability
principles in their designs, working collaboratively with all stakeholders—including fabricators,
mechanical and electrical engineers—to arrive at the most efficient and optimal structure from the
standpoint of design, fabrication, and erection. Using modern tools like building information mod-
eling (BIM) to coordinate the various aspects of a structure, interferences and the resulting costly
redesigns or changes during construction can be minimized [35, 36].

The current version of LEED (Leed Version 4.0) follows a performance-based approach in the
areas of project design, operation, and maintenance that requires measurable results through-
out the lifecycle of the project [38]. Life-cycle assessment of the building structure and its enve-
lope takes on greater importance in LEED version 4.0. The Structural Engineering Institute
(SEI) of the American Society of Civil Engineers (ASCE) has published a guide titled, “Whole
Building Life Cycle Assessment (WBLCA)-Reference Building Structure and Strategies” [40, 41]
that can aid the structural engineer in designing buildings that minimize environmental impact.
The American Institute of Steel Construction (AISC) has developed Environmental Product
Declarations (EPDs) for structural steel sections, plates, and hollow structural sections that
provide information about the average environmental lifecycle impact of these products includ-
ing the impact from the manufacturing and fabrication processes. These EPDs are updated
every five years and can found out the AISC web page at htips://www.aisc.org/epd. The State of
California has already enacted legislation that mandates suppliers of construction materials for
state sponsored projects to report the EPDs for the products used, including structural steel.

Some suggestions for reducing lifecycle impacts that are within the purview of the struc-
tural engineer include the following: using the least amount of material; using low cement
concrete; using structural details that minimize energy loss; using structural systems that are
de-constructible; and using alternate structural systems that have a lower carbon footprint [42];
for example, using steel braced frames instead of moment-resisting frames for the lateral force
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resisting system may lead to a reduction in the carbon footprint [48]. Since each structural
component has a carbon footprint because of the embodied energy involved in its production
through its erection in a structure, their environmental impact on a project can be minimized
by optimizing the member sizes and limiting the distance from the building site to the location
where the material is sourced or produced.

The structural engineer can also contribute to operational energy savings on a project by
avoiding structural details where the structural steel members penetrate the building envelope
or by minimizing thermal bridging. Thermal bridging occurs when heat flows across a build-
ing envelope (i.e., across the building’s exterior wall or roof or exposed ceiling) from a higher
temperature space to a lower temperature space through a highly conductive structural steel
member [41, 42]. Some examples of the conditions where thermal bridging occurs, and therefore
thermal breaks are needed—because of penetration of the building envelope by structural steel
members—include the following [41, 42]:

* Balcony and overhang framing that extend from the temperature-controlled interior
part of the building to the exposed exterior part of the building,

* Exposed exterior steel columns supporting a floor framing and penetrating an exterior
ceiling or soffit,

* Parapets,
e Shelf angles,

* Rooftop posts or stub columns that are used to support rooftop units or equipment and
are connected to the roof structural framing,

* Entrance canopy beams supported by interior girders or columns.

Thermal bridging or heat flow from a high temperature space to a lower temperature space
across a thermal barrier (e.g., a building’s exterior wall) - causes condensation issues and energy
loss from the inside of the building through the highly conductive steel material; thermal bridg-
ing effects can be mitigated by using structural thermal break or low thermal conductivity mate-
rials as shims or in-fill between the exposed structural steel member and the protected interior
structural steel framing which are bolted together. The thermal break material prevents direct
contact between the interior and exterior steel members, thus preventing energy loss while
ensuring structural integrity. Examples of structural thermal break materials include fiber rein-
forced plastic (FRP) shims, and several other proprietary products [41, 42, 43, 44]. There are
currently no code provisions in the United States addressing the design and installation of struc-
tural thermal breaks [44].
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Exercises

1-1. List three advantages and disadvantages of steel as a building material, and research the
Internet for the three tallest steel building structures in the world, indicating the types of
gravity and lateral load resisting systems used in these buildings.

1-2. List the various types of standard shapes available in the AISCM.
1-3. What are the smallest and the largest wide flanges or W-shapes listed in the AISCM?

1-4. Determine the self-weight, moment of inertia (I,), and cross-sectional areas for the follow-
ing hot-rolled standard sections:

W14 x 22

W21 x 44
HSS 6 x 6 x 0.5
L6 x4 X%
C12 x 30

WT 18 x 128

1-5. Determine the weight, area, and moment of inertia (I,) of the built-up sections in
Figure 1-26:

/—11/2"x14" plate
. top & bottom %"x7" plate
top & bottom

%"x24" web
e plate |~ W18x35

—— nﬁ:

a) Plate Girder b) Reinforced W-section c) §12x31.8 with
Cl0x15.3 cap channel

FIGURE 1-26 Compound shapes for Exercise 1-5

1-6. List the basic structural elements used in a steel building.

1-7. Determine the most economical layout of the roof framing (joists and girders) and the
gauge (thickness) of the roof deck for a building with a 25-ft. by 35-ft. typical bay size. The
total roof dead load is 25 psf and the snow load is 35 psf. Assume a 1%-in.-deep galvanized
wide-rib deck and an estimated weight of roof framing of 6 psf.

1-8. Repeat Exercise 1-7 using a 3-in.-deep galvanized wide-rib roof deck.

1-9. Determine the most economical layout of the floor framing (beams and girders), the total
depth of the floor slab, and the gauge (thickness) of the floor deck for a building with a
30-ft. by 47-ft. typical bay size. The total floor dead load is 110 psf and the floor live load
is 250 psf. Assume normal-weight concrete, a 1%-in.-deep galvanized composite wide-rib
deck, and an estimated weight of floor framing of 10 psf.

1-10. Repeat exercise 1-9 using a 3-in.-deep galvanized composite wide-rib deck.

1-11. A steel floor girder in an existing building needs to be strengthened by welding a structural
member to its bottom flange. The steel grade is unknown, but material testing has revealed
the following percentages by weight of the following alloy chemical elements in the girder:

Chapter 1 —Introduction to Steel Structures — 43




C=0.16%

Cr = 0.10%
Cu = 0.20%
Mn = 0.8%
Mo = 0.15%
Ni = 0.25%

V = 0.06%

Si = 0.20%

Calculate the CE and determine the weldability of the structural steel.

1-12. A steel building is 900 ft. long, and it has been decided to provide expansion joints every
300 ft. If the maximum anticipated temperature change is 70°F,

a. determine the required minimum size of the expansion joint.

b. If the expansion joint along a W24 x55 girder line were to be inadvertently restrained
from expanding or contracting, calculate the magnitude of the axial force in kips that
will be exerted on the beam and its end connections due to this restraint.

1-13. For the steel framing plan shown in Figure 1-27, select an appropriate deck from a metal
deck manufacturers load table. The snow load is 32 psf and the dead load including the
deck is 27 psf (service loads). Provide the reference material for the deck selection from the

manufacturer.
H = H
b .
3" Type 'N' roof deck— b s
15 sheets (2' wide x 24' long) \ | =
|
I
| | =
b <
| | (@]
| | —
| |
H — i H
i
| | =
b iy
[ N
| |
L
R
3" Type 'N' roof deck— b =
15 sheets (2 wide x 24 long) \L ! =
b B
K ——
30’_0”

FIGURE 1-27 Roof Framing Plan for Exercise 1-13

1-14. The framing plan in Figure 1-28 shows a steel-framed platform supported at the four cor-
ners for gravity loads. Beams B-1 and B-2 framed into G-1 and G-1 are supported at each
end by a hanger.

a. Select an appropriate deck from a manufacturer’s load table. The service live load is
250 psf and the service dead load is 20 psf plus the concrete and deck. Provide the refer-
ence material for the deck selection from the manufacturer.

b. Describe the complete load path for a point load on the middle of the deck.
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1.5" dia. threaded rod,
o z 9 ?/ ASTM A36

#4 clevis

|
|
|
|
|
_|
L 3.5"

. I~
3" composite floor deck—}——~ !

9'-6" long each sheet ‘\"4; 777777 .

3.5" NW concrete ] !
(6.5" total thick.)

Hanger, typ. 4\ 8"
G-1

2" dia. pin
1/4" pl.,, ASTM A572

251"

o —L
97_6" 9!_6" L
ol

Platform Framing Plan Section through Hanger

FIGURE 1-28 Platform framing plan and sections for Exercise 1-14

1-15. For the steel framing plans shown in Figure 1-29, select the one that is the most ideal and
provide two reasons to support your answer.

H H H H
H H H H
(A) ®)

I I I I
I - I I I

© D)

FIGURE 1-29 Steel framing plans for Exercise 1-15

1-16. Determine an appropriate floor deck thickness (gauge) and beam spacing for the typical
bay and floor deck detail shown in Figure 1-30. Note that the depth of the composite metal
deck and the total depth of the concrete-on-metal deck are given. Assume only a 2-span
condition exists. Total floor dead load = 80 psf (includes the weight of the floor slab and
deck) and the live load is 175 psf. Neglect the weight of the framing in your calculations.

normal weight

H H concrete
= = %\'
s ba_/ A
> -
(o] &
1.5VLR =
(composite deck)
H H
IKEical ﬂoor section
40

FIGURE 1-30 Typical bay and floor deck for Exercise 1-16
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1-17. Determine the moment of inertia about the x—x axis and the weight per foot of the compos-
ite shapes in Figure 1-31.

. /—(2)-L2x2x1/4
[ o
\\ / < ‘?.3 X—X
- (2)-L2x2x1/4
.m_/_
SX
x
TN (278" dia, bar
X
EN (2)-7/8" dia. bar
=
W12x26
C—
X X
\ 1/2"x9" plate
W8x24

FIGURE 1-31 Composite shapes for Exercise 1-17

1-18. Considering a section through the rectangular hole shown in the beam in Figure 1-32,
determine the area, weight per foot, and moment of inertia (Ix) for this shape and explain
where a hole like this would occur in a steel structure.

W16x36 - 19
3'_7"

9,, 1|_4 l/2n

= I T .1.
i

%
1/2"

4" ,

== w
6, WP

7 —Y

8"

77
20 (NS & FS

MARK | QTY SIZE |[LENGTH| WT.
19 1 wi6x36 | 3 | 7 129
20 4 PL.%x3| 1 |10} 38

FIGURE 1-32 Beam with an opening in the web for Exercise 1-18
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1-19. Using the appropriate stress distribution, and the equilibrium of forces and moments from
statics and mechanics of materials, derive the equations for the elastic section modulus
(S,,) and the plastic section modulus (Z,,) for a solid rectangular section with a width, b,
and a depth, h. Calculate the Z /S, ratio for a 13" x 82" deep rectangular section.

1-20. A built-up T-section has a flange that is 10 inches wide by 2 inches thick and a web that
is 18 inches deep by 2 inches thick, giving a total depth of 20 inches for the T-section.
Determine the following section properties:

The location of the elastic neutral axis (ENA), y,, measured from the top of the T-section.
The moment of inertia, I, about the strong axis of the T-section.
The elastic section modulus, S,, of the T-section.

The location of the plastic neutral axis (PNA), y,, measured from the top of the T-section.

° a0 T

The plastic section modulus, Z,.

1-21. Using the appropriate stress distribution, and the equilibrium of forces and moments from
statics and mechanics of materials, derive the equations (and calculate the values) for the
elastic section modulus, S,, and the plastic section modulus, Z,, for the wide flange built-
up section shown in Figure 1-33. Calculate the Z /S, ratio for the section. Compare the
Z./S, ratio for this built-up wide flange section to that of the solid rectangular section in
Exercise 1-19 and discuss your observations.

,‘ll bf: 13” ,‘V (—F
[ |
&
>0}
Il
o]
tw: %" gi]
[ | -

\, by =13" \,
4 7

FIGURE 1-33 Built-up shape for Exercise 1-21
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HAPTER

Design Methods, Load .
Combinations, and
Gravity Loads and Load Paths

IEZE INTRODUCTION TO DESIGN METHODS

The intent of structural design is to select structural systems, member sizes, and connections whose
strength or capacity is greater than or equal to the effect of the applied loads (the demand), and whose
vertical and lateral deflections, floor vibrations, and lateral accelerations are within the allowable limits.
There are two main methods prescribed in the AISC Specification [1] for the design of steel structures:
Load and Resistance Factor Design (LRFD) method and Allowable Strength Design (ASD) method;
however, Appendix 1 of the specification also allows the use of inelastic methods of design such as the
plastic design (PLD) method [1].

The LRFD requirements presented in the AISC 2016 specification for structural steel buildings are
similar to the previous three LRFD Specifications. The allowable strength design method in the AISC
2016 specification is similar to the allowable stress design method in previous specifications in the sense
that both are carried out at the service load level. The difference between the two methods is that the
provisions for the allowable strength design method are given in terms of forces in the AISC 2016 speci-
fication, while the provisions for the allowable stress design method were given in terms of stresses in
previous specifications prior to 2010. It should be noted that in the current AISC specification, the design
provisions for both the ASD and LRFD methods are based on limit state or strength design principles.
In both methods, the design should be such that no applicable strength or serviceability limit states are
exceeded. For the strength limit state (e.g., yielding, rupture, buckling, etc.) in the LRFD method, the
goal is to not exceed the ultimate load capacity of the structural member or structural system under the
factored design loads; for the ASD method, the goal is not to exceed the allowable load under the service
design loads. For the serviceability limit state (e.g., deflections, lateral drift, vibrations, lateral accelera-
tion, crack widths), the goal is for the structural member or structural system to remain functional and
to serve its intended purpose under the service or unfactored loads. Both the ASD and LRFD methods
as presented in the AISC Specifications (and indeed other specification-based prescriptive codes) provide
a sense of whether an individual structural member or element is safe or not, but it does not provide
any information on the expected level of damage in the structural member nor does it provide any




information on the system-level structural behavior or performance under a given hazard or
hazard level. These prescriptive codes are based on performance measures that emphasizes life
safety (i.e., no loss of life), though the structure may be damaged beyond repair. The prescrip-
tive codes provide defined quantitative values of load capacity and/or member size depending
on the occupancy of the building and the type of structural system. These codes provide the
minimum requirements to ensure life safety, but the owner of a structure may request a higher
level of safety than provided in the prescriptive codes, though this would result in higher costs
to the owner. The current Steel Construction Manual (AISCM) [1] presents a dual side-by-side
approach—ASD and LRFD—for all the design aids and tables, with the nominal or theoretical
strength of the member (i.e., P, V,, M,,, etc.) being the same for both design methods. The three
design methods for steel structures—LRFD, ASD, and the plastic design method—are discussed
in this chapter, but only the ASD and LRFD methods are used in subsequent chapters, except
that the plastic design method is further discussed in Appendix A.

Load and Resistance Factor Design Method

The LRFD method is a reliability or probabilistic-based limit state design approach that takes
into account the uncertainties or statistical variations in the strength of a structural member
and the loads acting on the member, and the type of failure (e.g., ductile versus brittle failure)
using different load and resistance or strength reduction factors; in contrast, the ASD method is
a deterministic design approach that accounts for uncertainties in the loads and strength, and
the type of failure using only one uniform empirical factor of safety. The factor of safety in the
ASD method does not account for the different statistical variabilities of the different loadings
acting on the structural member. The uncertainties in structural design arise from the vari-
ability in material properties and member dimensions; the variability in the loads acting on the
structure; and the variability in the strength or capacity of the structure or member; and the
limitations of the structural model and methods of analyses [20].

In the LRFD method, the safety margin is realized by using load factors (that are usually
greater than 1.0) and resistance or strength reduction factors (usually less than 1.0); these fac-
tors are determined from probabilistic analysis, based on a survey of the reliability indices inher-
ent in existing buildings [2, 3], and a preselected reliability index that accounts for the risks, the
consequences, and the modes of failure of the structural member. The load factors vary depend-
ing on the type of load because of the different degrees of uncertainty in predicting each load
type; the strength reduction factors prescribed in the AISC specification also vary depending on
the load effects, again to account for the varying uncertainties in predicting the strengths for the
different load effects. For example, dead loads are more easily predicted than live or wind loads;
therefore, the maximum load factor for dead load is generally less than that for live load or wind
load. The load factors account for the possibility of overload in the structure.

In the ASD method, the safety margin for a structural member is realized by reducing the
nominal resistance by a single factor of safety which is independent of the type of applied loads,
but dependent on the mode of failure of the structural member. The fundamental difference
between the ASD and the LRFD methods is that the ASD method uses only one safety factor to
account for all the uncertainties in the loads on the structural member and the strength of the
structural member, whereas the LRFD method uses different factors (i.e., the load factors) for
the different load types and another factor (the resistance factor) for the structural strength [3,
24]. Thus, the LRFD method provides more uniform reliability and level of safety for all mem-
bers in the structure, even for different loading conditions. In the case of the ASD method, the
level of safety is not uniform throughout the structure.
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Probabilistic Framework of the Limit State Design Method

The intent of any structural design philosophy is to provide an acceptable level of safety. In the
limit state design philosophy, due to the unpredictability of the loads acting on structures, the
variability of material and section properties, and the uncertainties in our structural analysis
and design methods coupled with the consequences of failure (e.g., failure of a building used for
public assembly versus a farm shed) and the modes of failure (e.g., whether ductile or brittle
failure), both the loads or load effect, @, and the resistances or strength, R, are treated as inde-
pendent random parameters [1, 2, 3, 24]. A frequency distribution of the load effect, @, and the
resistance, R, is depicted in Figure 2-1.

Whenever R > @, there is a margin of safety against collapse or failure of the structure, and
the structural behavior is satisfactory [24]. However, since R and  are random variables, there
is a possibility that in certain situations, the resistance, R, may be less than the load effect, @, in
which case, the structural behavior will be unsatisfactory, and the structure will have reached a
limit state where its performance is no longer satisfactory. The shaded area in Figure 2-1 repre-
sents the conditions when R < @, and the area of this overlap represents the probability of fail-
ure. For any structure, we cannot be 100% certain that @ will never be less than R. The goal is to
make the overlap area as small as possible so that the probability of failure of the structure is at
an acceptably low, but finite, level [24]. Since R and @ are random variables, it is possible to esti-
mate the means (R,, and @,,) and the standard deviations or coefficient of variations, V and Vy,
of the variables that make up R and @ for typical structural elements and structural loadings.
Figure 2-1 is replotted in Figure 2-2 with the horizontal axis as the natural logarithm of (R/Q) or
In(R/Q). In Figure 2-1, when R-Q < 0 or R/Q < 1, the structure is deemed unsafe; similarly, in
Figure 2-2, when In (R/@) < In(1) (i.e., In(R/Q) < 0), the structure is deemed unsafe. Therefore,
the shaded area in Figure 2-2 is the probability that failure will occur [24]. In deriving the LRFD
method, a simple formula for the reliability index - which is a function of the mean values of R
and @, but independent of their actual distributions - is given as follows [1, 22, 23, 24]:

—

i
mean l
| |
i Q = load effect i
| |
c:f ! R = resistance
2 I
o |
: |
~ |
|
|
I
: Area of overlap =
! | probability of failure
[ [
| ) |
0 Qm Rm Resistance, R

Load Effect, Q

FIGURE 2-1 Frequency distribution of load effect, Q and Resistance, R
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Unsafe Structure | Safe Structure
In(R/Q) <0 | In(R/Q)>0

Failure line

In(R/Q)

Shaded area = probability that In(R/Q) <0
FIGURE 2-2 Reliability index

&)
In| —™

Where,

B = safety or reliability index

Q,, = mean value of the load effect, @

R, = mean value of the resistance or strength, R o

Vo = coefficient of variation of the load effect or demand, @ = Q—Q

Vi = coefficient of variation of the resistance or strength or capacity, R = %k
oy = standard deviation of the load effect, @ R,
op = standard deviation of the resistance or strength, R

Omrig) * \Vi+V, inFigure 2-2

A higher value of £ indicates a higher margin of safety. There is variation in the £ values
obtained for different live load-to-dead load (L/D) ratios and for different tributary areas, and
for the different structural elements in a structure. The higher the L/D ratio, the lower the
safety or reliability index, £, since live load is more unpredictable or more variable than dead
load. Conversely, the lower the L/D ratio, the higher the safety or reliability index. Also, ductile
structural elements do not fail suddenly and therefore, they have a lower target reliability index
while structural elements that are susceptible to sudden failures (e.g., brittle fracture) would
require a higher target reliability index (see ASCE 7 Table 1.3-1 [2]). The target f§ value selected
for bolted or welded connections in the LRFD method varied between 4 to 5; on the other hand,
a target S value of 2.4 to 3.1, depending on the live load-to-dead load ratio, is selected for ade-
quately braced compact rolled beams and tension members failing in yielding, both of which
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have a strength reduction factor, ¢ of 0.9 [1]. The higher S value selected for connections reflect
the complexity in modeling their structural behavior, their mode of failure, and the relatively
greater difficulty in installing connections [1]. In the LRFD approach, though the probability
of failure is not directly computed for a given structure, the load and resistance factors were
derived based on an acceptably low probability of failure or an acceptably high target reliabil-
ity index, f. Therefore, structures that are designed to meet all the applicable code criteria
for loads, strength and serviceability have an acceptably low risk or low probability of failure,
which means that no structure is designed to be 100% failure proof or perfectly safe; some rea-
sonable level of risk is assumed in the design of any structure. ASCE 7 Table 1.3-1 [2] gives the
target annual probability of failure and the target reliability indices as a function of the modes
of failure of the structural element and the four risk categories for all load conditions, except
earthquake, tsunami or extraordinary events.

For a comprehensive discussion of the reliability-based design approach, the reader should
refer to Ref. [3, 22, 24]. It should be noted that design and construction errors or carelessness
and other human errors are not accounted for in the load and resistance factors or in the safety
factor discussed previously in this section. Design and construction errors must be minimized
through quality control processes by the engineer of record and the contractor.

As previously stated, the LRFD method uses a limit states design method; a limit state is
the point at which a structure or structural member reaches its limit of usefulness. The basic
LRFD limit state design equation requires that the design strength, ¢R,, be greater than or
equal to the sum of the factored loads or load effects (i.e., the demand). Mathematically, this can
be written as

R, >2Q,, (2-2)
where
R, = Theoretical or nominal strength or resistance of the member determined using the
AISC specifications,
®, = Required strength or sum of the factored loads or load effects (or the demand)
using the LRFD load combinations = X@,7;. (e.g., for a structural member
subjected to a floor dead load of D and a floor live load, L, @, = 1.2D + 1.6L)

; = Service load or load effect,
v; = Load factor (usually greater than 1.0), and
o = Resistance or strength reduction factor (usually less than 1.0).

Note that the service load (i.e., the unfactored or working load), @, is the load applied to the
structure or member during normal service conditions, while the factored or ultimate load, @,,,
is the load applied on the structure at the point of failure or at the ultimate limit state.

Allowable Strength Design (ASD) Method

In the ASD method, a member is selected so that the allowable strength is greater than or equal
to the applied service load or load effect, or the required strength, R,,. The allowable strength is
the nominal or theoretical strength divided by a safety factor that is only dependent on the limit
state being considered; that is,

R,/IQ>R,, (2-3)
where
R,/Q = Allowable strength,
R, = Required allowable strength, or applied service load or load effect determined

using the ASD load combinations, and
Q = Safety factor.
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Note that the theoretical or nominal strength, R, , is the same for both the LRFD and ASD
methods. The safety factor is dependent on the mode of failure of the structural member or the
limit state under consideration. As discussed previously, the allowable strength design method
uses a single factor of safety to account for the uncertainties in the strength of the member and
the applied loads on the member.

Relationship Between Safety Factor, Q, L/D
ratio, and Strength Reduction Factor, ¢

For a structural member supporting a dead load, D, and a live load, L, the relationship between
the factor of safety, the live load-to-dead load ratio (L/D) and the resistance factor, ¢, can be derived
as follows using equations (2-2) and (2-3), and noting that the factored load, @,=1.2D +1.6L:

For ASD, %2 R,=D+L

For LRFD, ¢R,>Q,=1.2D+1.6L

Multiplying the ASD equation above by ¢ and rearranging, we obtain, in the limit,
R, =0Q(D+L)

Substituting this equation into the LRFD equation, we obtain

¢Q(D+ L)=1.2D+1.6L
L L

or
0Q|1+= |=1.2+1.6 =
D D

The factor of safety, Q2, can then be written as,

1 1.2 + 1.6£
o = (_j D (2-4)

The factor of safety for different L/D ratios are shown in
TABLE 2-1 Factor of safety, Q, versus  Table 2-1. Note that as the L/D ratio increases, the variability of the

L/D ratio load increases because of the greater uncertainty inherent in live
LD Factor of safety, Q loads compared to dead loads, and hence the required factor of safety
Lo also increases.
0 — This means that when the variability of the load is low, a lower
¢ factor of safety can be tolerated. Also, the factor of safety, Q, is
1 14 inversely proportional to the strength reduction factor, ¢.
¢ The higher the strength reduction factor, the lower the required
9 1.47 factor of safety. For instance, from the factor of safety equation (2-4),
o we find that a structural member with an L/D ratio of 3 and a
1.5 strength reduction factor of 0.9 results in a required factor of safety
3 T of 1.67, whereas a member with an L/D ratio of 3 and a strength
152 reduction factor of 0.75 results in a required factor of safety of 2.0.
4 T The original LRFD Specification was calibrated to the 1978 ASD
53 Specification at a L/D ratio of 3; this yields factors of safety, 2, of 1.67
5 —_— and 2.0 for ¢ = 0.9 and ¢ = 0.75, respectively [1, 24]. The probabi-
b listic-based design methods such as the LRFD method produce more
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reliable and potentially more economical designs that have an “acceptably low probability of
failure” compared to the ASD method. Other examples of reliability or probabilistic-based pre-
scriptive codes include the American Concrete Institute Code (ACI 318), the AASHTO Bridge
Code, and the LRFD method for structural wood design in the National Design Specification
(NDS) for Wood Structures.

Plastic Design Method (PLD)

Plastic design is an optional method in Appendix 1 of the AISC Specifications that can be used
for the design of continuous steel beams and girders. In the plastic design method, the structure
is assumed to fail after formation of a plastic collapse mechanism due to the presence of plas-
tic hinges. The load at which a collapse mechanism forms in a structure is called the collapse
or ultimate load; the load and resistance factors used for plastic design are the same as those
used in the LRFD method. The plastic analysis and design of continuous beams is presented in
Appendix A of this text.

Performance-based Design (PBD) Method

The prescriptive methods previously discussed are meant to satisfy the life safety goals by achiev-
ing a low probability of failure (see ASCE 7 Table 1-3.1 [2]), and the serviceability requirements.
However, these methods do not specify or indicate the expected damage levels or the specific
performance levels. That is, the extent of the damage that might be incurred by a structure or
structural member after a hazard event is not specified or indicated in the prescriptive codes.

A design method that is increasingly being used for the seismic design of tall buildings,
and is now permitted in the International Building (IBC) as an alternative design method, is
Performance-based Design (PBD). PBD is a design approach that focus on goals beyond life
safety. It is based on defined performance objectives; these performance objectives and corre-
sponding damage levels are jointly determined by the project stakeholders and they are depen-
dent on the specific hazard and its intensity, as well as the occupancy and therefore the risk
category of the structure. Other factors include the importance of the structure to the resilience
and recovery of the community after a hazard event, and the acceptable risk of casualties and
financial loss that the owner of the structure and the community is willing to bear [21, 33, 34].
From the performance objectives, the design strategy to achieve each objective is developed.
These performance objectives are intended to result in an economical structure with better
performance than the minimum design options specified in the prescriptive life-safety codes
(e.g., ACI 318, AISC 360, NDS, AASHTO, etc.). The PBD method can also result in more design
creativity and innovation - attributes that are thought by some to be hampered by the prescrip-
tive or specifications-based codes. In PBD, the engineer of record (EOR) for the structure must
prove to a peer review committee and the Code official either through analysis or testing that
the PBD method will result in a structural system that meets the performance objectives and
that is of equal or better performance than the prescriptive code-designed structure. PBD is cur-
rently mostly used in the seismic engineering of tall buildings, but its extension to other hazard
events is only a matter of time. The typical performance or expected damage levels in PBD are
categorized as follows [21]:

Level 1 or Mild Damage Level: After the hazard event, there is no structural damage and
the structure is safe to occupy and is functional (i.e., immediate occupancy — I0). Injury levels
are minor and damage to the building contents is minimal.

Level 2 or Moderate Damage Level: The structure has some structural and non-structural
damage, but it can be repaired, and can be occupied and operational while the repairs are being
carried out. Injury levels are moderate, and the likelihood of mass casualties is very low.
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Level 3 or High Damage Level or Life Safety Level: There are both significant struc-
tural and non-structural damage and repair is possible but will take some time and result in
delays in the re-occupancy of the structure. There might be moderate levels of injuries; the
likelihood of mass casualties is low. This performance level is closest to the life-safety level, the
same minimum level provided in the prescriptive or specification-based codes, such as the AISC
Specifications. For instance, this performance level for seismic hazard corresponds to the earth-
quake resistant design of structures subjected to the design earthquake equal to two-thirds of
the maximum considered earthquake ground motion or (2/3)MCE (see Chapter 3).

Level 4 or Severe Damage Level or Collapse Prevention Level: There is severe and
substantial structural and non-structural damage though there is no structural collapse, but
the structure is not repairable and will have to be demolished; and there are occupancy injuries
and likelihood of death due to injuries from this “near collapse level.” Note that the building
may collapse due to seismic aftershocks. This performance level is the basis for the earthquake
resistant design of structures subjected to the maximum considered earthquake ground motion
or MCE (see Chapter 3).

Depending on the risk category of a building and the intensity of a hazard event, a per-
formance or damage level may be specified. The designer would then relate the selected per-
formance level to the analysis and design of the structural systems. For example, a moderate
damage level (Level 2) could be specified for a risk category IV building under a very large or
very rare earthquake event (2500-year mean return period (MRI) earthquake), or a “severe
damage level” (level 4) might be specified for a risk category II building. The structure is then
analyzed under this seismic hazard level using sophisticated non-linear analytical techniques
like the finite element method to obtain the damage levels in the structural members. The goal
is to ensure that the damage levels in the structural members do not exceed the specified dam-
age level. For more information on PBD, the reader should refer to Ref. [21, 33, and 34].

I Y1 STRENGTH REDUCTION OR
RESISTANCE FACTORS

The strength reduction or resistance factors (¢) account for the variability of the material and
section properties and are, in general, usually less than 1.0. These factors are specified for vari-
ous limit states in the AISC specification and are shown in Table 2-2.

TABLE 2-2 Resistance Factors

Limit state Resistance factor (¢)
Shear 1.0 0r 0.9
Flexure 0.90
Compression 0.90

Tension (yielding) 0.90

Tension (rupture) 0.75

Y] LOAD FACTORS AND LOAD COMBINATIONS

The individual structural loads acting on a building structure do not act in isolation but may
act simultaneously with other loads on the structure. Load combinations are the possible per-
mutations and intensity of different types of loads that can occur together on a structure at the
same time. The building codes recognize that all structural loads may not act on the structure
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or structural member at the same time and, the maximum magnitude of the multiple load types
acting on a structure may not occur at the same time. The load combinations or critical com-
bination of loads to be used for design are prescribed in the ASCE 7 Load Standard [2] and in
Section 1605 of the International Building Code (IBC) [4]. These load combinations include the
overload factors for the LRFD method, which are usually greater than 1.0, and account for the
possibility of overload of the structure. For LRFD load combinations including flood loads, F,, or
atmospheric ice loads, or self-straining loads, T, the reader should refer to Sections 2.3.2, 2.3.3,
and 2.3.4, respectively, of the ASCE 7 standard. It should be noted that for most building struc-
tures, the loads H, F, and T will be zero, resulting in more simplified load combination equations.

LRFD Load Combinations

The basic load combinations for LRFD (excluding fluid loads F and self-restraining force 7,
which will be zero for most building structures) are as follows:
1. 14D
1.2D + 1.6L + 0.5(L, or S or R)
1.2D + 1.6(L, or S or R) + (f,L or 0.5W)
12D + 1.0W + fiL + 0.5 (L, or S or R)
0.9D + 1.0W (D always counteracts or opposes W in this load combination)
12D+ E,+ E, + fiL + 0.2S

IR A o

(09D - E) +E, (D always counteracts or opposes E, in this load combination)

Where,
f

1 for areas of public assembly with live loads that exceed 100 psf, and parking
garages.
0.5 for all other live loads

NOTE:

¢ The above LRFD load combinations can also be obtained from IBC Section
1605.2.

e For LRFD, where the effect of the load, H, due to lateral earth pressure, or
ground water pressure (hydrostatic pressure), or pressure of bulk materials
adds to the primary variable load effect (L, L,, S, R, W or E), the load factor on
H shall be taken as 1.6.

e For LRFD, where H counteracts or resists the primary variable load effect,
the load factor for H should be set equal to 0.9 when the load, H, is perma-
nent (e.g., lateral soil pressure) or a load factor of zero for all other conditions.
(ASCE 7 Section 2.3.1). Note that dead loads are not primary variable loads or
load effects.

ASD Load Combinations

When designing for strength under service load conditions, the ASD load combinations as given
in the following equations should be used [1]:

1. D
2. D+L
3. D+ (L.orSorR)
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D + 0.75L + 0.75 (L, or S or R)

D + (0.6W)

D + 0.75(0.6W) + 0.75L + 0.75(L,. or S or R)

0.6D + 0.6W (D always counteracts or opposes W in this load combination)
D + (0.7E,) + (0.7E;)

D + (0.525E,) + (0.525E;) + 0.75L + 0.75S

© ® RS oe

10. (0.6D — 0.7E)) + (0.7E;) (D always counteracts or opposes E, in this load
combination)

NOTE:

¢ The above ASD load combinations can also be obtained from IBC Section
1605.3, and they are also used to check structural members for serviceability
limit states such as deflections and vibrations.

* For ASD, where the effect of the load, H, due to lateral earth pressure, ground
water pressure, or pressure of bulk materials adds to the primary variable load
effect (L, L,, S, R, W or E), the load factor on H in the ASD load combinations
shall be taken as 1.0.

* For ASD, where H counteracts or resists the primary variable load effect, the
load factor for H should be set equal to 0.6 when the load, H, is permanent
(e.g., lateral soil pressure) or a load factor of zero for all other conditions. Note
that dead loads are not primary variable loads or load effects.

Examples of structures where hydrostatic pressures, H, may be critical include under-
ground storage tanks or buildings where the lowest level or basement slab is below the water
table and therefore subjected to hydrostatic buoyancy pressures due to the high-water table;
the stability of such structures should be checked to ensure that there is enough dead load to
resist the upward hydrostatic pressures, H. The applicable load combinations for the LRFD
method involving uplift pressures will be 0.9D + 1.6H (see IBC Equation 16-6); the applicable
load combination for the ASD method involving hydrostatic pressures is 0.6D + 1.0H (see IBC
Equation 16-15) [4]. Note that the dead load, D, opposes the upward hydrostatic pressures, H,
in the preceding load combinations. Therefore, to avoid flotation of the structure, the designer
should ensure that 0.9D is greater than or equal to 1.6H when the LFRD method is used; and
0.6D is greater than or equal to 1.0H, when the ASD method is used.

In both the LRFD and ASD load combinations presented previously, downward loads are
assumed to have a positive (+) sign, while upward loads have a negative (—) sign. For the LRFD
method, load combinations 1 through 4, and 6 are used to maximize the downward loads, while
load combinations 5 and 7 are used to maximize the uplift load or overturning effects. Therefore,
in load combinations 5 and 7, the wind load, W, and the seismic load, E, take on only negative or
zero values, while in all the other load combinations, W and E take on positive values.

For the ASD method, load combinations 1 through 6, and 8 and 9 are used to maximize the
downward acting loads, while load combinations 7 and 10 are used to maximize the uplift load or
overturning effects. Therefore, in load combinations 7 and 10, the wind load, W, and the seismic
load, E, take on only negative or zero values, while in all the other load combinations, W and E
take on positive values.
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The seismic load effect, E, consists of a combination of the horizontal seismic load effect, £},
and the vertical seismic load effect, E,. The notations used in the load combinations presented
previously are defined as follows:

E, = pQg = horizontal component of the earthquake (see Chapter 3)

E, = 0.2 SpgD = vertical component of the earthquake (affects mostly columns and
foundations)

E = combined load effect due to horizontal and vertical earthquake-induced forces
(see Chapter 3)

= E, + E, =pQg + 0.2 SpgD in LRFD load combinations 6 and ASD load
combinations 8 and 9.
= E,-E, = pQg - 0.2 SpgD in LRFD load combination 7, and ASD load
combination 10.
D = Dead load
Qr = Horizontal earthquake load effect due to the base shear, V
(i.e., forces, reactions, moments, and shears caused by the horizontal seismic
force) = F, (see Chapter 3)
Sps = Design spectral response acceleration at short period (see Chapter 3)
H = Lateral soil pressure, hydrostatic pressures, and pressure of bulk materials
L = Floor live load
L. = Rooflive load
W = Wind load
S = Snow load
R = Rain load
p = Redundancy factor

The vertical seismic load effect, E, (= 0.2 SpgD), can be taken as zero when Spyq is less than
or equal to 0.125. A redundancy factor, p, must be assigned to the seismic lateral force resisting
system in both orthogonal directions of the building. This factor accounts for the presence or
absence of multiple seismic lateral force resisting load paths. The value of the redundancy factor
from ASCE 7 Sections 12.3.4.1 and 12.3.4.2 as a function of the seismic design category (SDC)
which will be discussed in Chapter 3, and the corresponding value of E,, are as follows:

Seismic Design Redundancy factor, Horizontal component of the
Category, SDC P seismic load effect, E;
BorC 1.0 E, = (1.0)Qg or (1.0)F,
D,E,or F 1.3 E, = (1.3)Qg or (1.3)F,

The determination of wind and seismic loads will be covered in Chapter 3.

Applicable Load Combinations for Design

All structural elements must be designed for the most critical of the load combinations pre-
sented in the previous section. Since most floor beams are usually only subjected to dead load, D,
and floor live load, L, the most likely controlling load combinations for floor beams and girders
will be LRFD load combinations 1 or 2 for limit states design, and ASD load combinations 1 and
2 for allowable strength design and for checking serviceability (i.e., deflections and vibrations).
To determine the most critical load combinations for roof beams and columns, all the applicable
load combinations must be checked, but both the LRFD and ASD load combination 2 are more
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likely to control the design of most floor beams and girders. In Examples 2-1 through 2-9, the
load effects, H and F, are assumed to be zero as is the case for most building structures.

Special Seismic Load Combinations and the
Overstrength Factor

For certain special structures and elements, the maximum seismic load effect, E,,, and the
special load combinations specified in ASCE 7 Section 12.4.3 should be used. Some examples
of special structures and elements for which the seismic force is amplified by the overstrength
factor, Q,, include the following:

* Drag strut or collector elements (see ASCE 7 Section 12.10.2.1) in building structures
(except for light-frame buildings). Drag struts will be discussed in Chapter 14.

e Structural elements supporting discontinuous systems such as columns supporting
discontinuous shear walls (see ASCE 7 Section 12.3.3.3).

The seismic load effect for these special elements is given as
E =E +E =QQ;+0.2SyD,

mh —
where Q, is the overstrength factor from ASCE 7 Table 12.2-1,and E, , = Q Q= Q F..

For structural elements supporting discontinuous systems such as columns supporting dis-
continuous shear walls or other lateral force resisting systems (LFRS), the overturning moment
in the shear wall results in axial compression and tension forces in the supporting columns at
the two ends of the discontinued shear wall. For structures with this type of vertical discontinu-
ity, the use of the overstrength factor protects the gravity load resisting system (i.e., the columns
supporting the shearwall) from overloads that may result from the shearwall having a higher
strength (and therefore a higher overturning moment capacity) than it was designed for, result-
ing in higher overturning axial tension and compression forces on the supporting columns. For
these special structures, the applicable LRFD load combinations are as follows:

1. 12D + E, + E,;, + f,L + 0.2S = (1.2D + 0.2SpsD) + Q,Q; + f,L + 0.2S

2. (09D - E) + E,;, = (0.9D — 0.25pgD) + Q Qg (D always counteracts or opposes E,,;,
in this load combination)

EXAMPLE 2-1 (LRFD)

Load Combinations, Factored Loads, and Load Effects

A simply supported floor beam 20 ft. long is used to support service or working loads as follows:
wp = 2.5 kips/ft.,
w; =1.25 kips/ft.

a. Calculate the required shear strength or factored shear, V.

b. Calculate the required moment capacity or factored moment, M,,.
c. Determine the required nominal moment strength.

d. Determine the required nominal shear strength.

60 — Structural Steel Design, Third Edition




Solution

For floor beams, only LRFD load combinations 1 and 2 need to be considered in calculating the
factored loads.

The simply supported span of the beam, /=20 ft.
a. Factored loads:
The corresponding factored loads, w,, are calculated as follows:

1. w, =14D = 1.4 wy = 1.4(2.50 kip/ft.) = 3.5 kip/ft.

2. w,=12D+16L=12w, + 1.6w, = 1.2(2.5) + 1.6(1.25)
= 5.0 kips/ft. (governs)

20 ft.
Maximum factored shear,V, = ol _ % =50 kips

2

w,®  (5)(20 ft.)’

b. Maximum factored moment, M Uy = S = 3 = 250 ft.-kips

Using the limit state design equation yields the following:

c. Required nominal moment strength, M,, = M, /¢ = 250/0.90 = 278 ft.-kips.
d. Required nominal shear strength, V, = V, /o, = 50/1.0 = 50 kips.

Note that ¢ = 0.9 for shear for some steel sections (see Chapter 6).

EXAMPLE 2-2 (LRFD)
Load Combinations, Factored Loads, and Load Effects

Determine the required moment capacity, or factored moment, M,, acting on a floor beam if
the calculated service load moments acting on the beam are as follows: M, = 55 ft.-kip, M; =
30 ft.-kip. Calculate the required nominal moment strength, M,,.

Solution

1. M, = 1.4 My, = 1.4(55 ft.-kip) = 77 ft.-kips

2. M,=12M, + 1.6 M; = 1.2 (55 ft.-kips) + 1.6 (30 ft.-kips)
= 114 ft.-kips (governs)

M, = 114 ft.-kips
The LRFD limit states equation for flexure is
oM, > M,

where ¢ = 0.9 for flexure

Therefore, M, = ]‘i” = % =126.7ft. — kips
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EXAMPLE 2-3 (LRFD)
Load Combinations, Factored Loads, and Load Effects

Determine the ultimate or factored load for a roof beam subjected to the following service loads:
Dead load = 35 psf
Snow load = 25 psf
Wind load =15 psf upward
= 10 psf downward

Solution
D =35 psf
S =25 psf
W =-15 psfor 10 psf
The values for service loads not given above are assumed to be zero; therefore,
Floor live load, L =0
Rain live load, R =0
Seismic load, E =0 (i.e., E, = 0and E;, = 0)
Roof live load, L, =0
Since the live load, L, does not exceed 100 psf, and it is not an assembly occupancy or a

parking garage, therefore, f; = 0.5.
Using the LRFD load combinations, and noting that only downward-acting loads should be

substituted in load combinations 1 through 4, and 6 and upward wind or seismic loads in load
combinations 5 and 7, the controlling factored load is calculated as follows:
1. w, = 1.4D = 1.4 (35) =49 psf
2. w, = 12D + 1.6L + 0.58
= 1.2 (35) + 1.6 (0) + 0.5 (25) = 55 psf
3a.w, = 1.2D + 1.6S + 0.5L
= 1.2(35) + 1.6 (25) + 0.5 (0) = 82 psf
3b.w, = 1.2D + 1.6S + 0.5W
= 1.2 (35) + 1.6 (25) + 0.5 (10) = 87 psf (governs)
4. w, = 1.2D + 1.0W + 0.5L + 0.5S
= 1.2(35) + 1.0 (10) + 0.5 (0) + 0.5 (25) = 64.5 psf
5. w, = 0.9D + 1.0W (D must always oppose W in load combination 5)
= 0.9 (@35) + 1.0 (—15) (upward wind load is taken as negative)

= 16.5 psf (this implies a net downward load due to wind; i.e., there is no net uplift
due to wind)

6. w, = 1.2D + 1.0E + 0.5L + 0.2S
= 1.2(35) + 1.0 (0) + 0.5 (0) + 0.2 (25) = 47 psf

7. w, = 09D -E, + E, (D must always oppose E in load combination 7)
= 0.9(35)-(0) + (0)
= 31.5 psf
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In this example, load combinations 5 and 7 resulted in a net positive (or downward) load.
However, load combinations 5 and 7 may sometimes result in net negative (or upward) factored
loads that would also have to be considered in the design of the structural member.

* For strength calculations, the controlling factored load is w, = 87 psf.
This load will be multiplied by the tributary width of the beam to covert it to Ib/ft. or kips/ft.
load that will be used in the structural analysis of the beam. The concept of tributary width

and tributary area will be discussed later in this chapter. The controlling service loads will be
calculated using the ASD load combinations in a subsequent example.

EXAMPLE 2-4 (LRFD)
Load Combinations, Factored Loads, and Load Effects

a. Determine the factored axial load or the required axial strength for a column in an
office building with the given service loads.
b. Calculate the required nominal axial compression strength, P,, of the column.

The service axial loads on the column are as follows:
Py, =75 kips (dead load)

P, =150 kips (floor live load)

Py =50 kips (snow load)

Py =+100 kips (wind load)

Py, =+50 kips (seismic load)

Solution

a. Since the vertical component of the seismic load and Spq are not given (see Chapter 3),
neglect the vertical component of the seismic load, PEU, and consider only the horizontal
component of the seismic load, PEh- Note that downward acting loads take on positive
values, while upward loads take on negative values. The factored loads are calculated
as follows:

1. P, = 1.4P, = 1.4 (75 kips) = 105 kips
2. P, =12P,+16P, +05Pg

= 1.2 (75) + 1.6 (150) + 0.5 (50) = 355 Kkips (governs)
3a. P, = 1.2P, + 1.6 Pg + 0.5 P,

= 1.2 (75) + 1.6 (50) + 0.5 (150) = 245 kips
3b. P, = 1.2P, + 1.6 Pg + 0.5 Py,

= 1.2 (75) + 1.6 (50) + 0.5 (100) = 220 kips
4. P, = 12P,+ 1.0 Py + 0.5P, + 0.5 Pg

= 1.2 (75) + 1.0 (100) + 0.5 (150) + 0.5 (50) = 290 kips
Note that P;, must always oppose Py, and PEh in load combinations 5 and 7:

5. P,

0.9 Pp + 1.0 Py
0.9 (75) +1.0 (—100) = -32.5 kips (governs)
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6. P, = 1.2P,+ Py + Py +05P,+02Pg

1.2 (75) + (0) + (50) + 0.5 (150) + 0.2 (50) = 225 kips
7. P, = 09Py-Py + Py,

0.9 (75) - (0) + 1.0 (—=50) = 17.5 kips

* The factored axial compression load on the column is 355 kips.
* The factored axial tension force on the column is 32.5 kips.

The column, base plate, anchor bolts, and foundation will need to be designed for both the
downward factored load of 355 kips and the factored net uplift, or tension, load of 32.5 kips.

b. Nominal axial compression strength of the column, P, = P,/¢ = 355/0.90 = 394 kips.

EXAMPLE 2-5 (LRFD)
Load Combinations—Factored Loads and Load Effects

Repeat Example 2-4 assuming the structure is to be used as a parking garage.

Solution

a. For parking garages or areas used for public assembly or areas with a floor live load, L,
greater than 100 psf, the multiplier of the floor live load, f;, in load combinations 3, 4,
and 6 is 1.0. The factored loads are calculated as follows:

1. P, = 1.4 P, = 1.4 (75 kips) = 105 kips
2. P, = 12P,+ 1.6P, + 0.5 Py
= 1.2 (75) + 1.6 (150) + 0.5 (50) = 355 kips
3a.P, = 1.2P, + 1.6 Pg+ 1.0 P,
= 1.2(75) + 1.6 (50) + 1.0 (150) = 320 kips
3b.P, = 1.2 P, + 1.6 Pg + 0.5 Py
= 1.2(75) + 1.6 (50) + 0.5 (100) = 220 kips
4. P, = 12P,+ 1.0Py + 1.0P, + 05 Pg
= 1.2(75) + 1.0 (100) + 1.0 (150) + 0.5 (50) = 365 kips (governs)

Note that P;, must always oppose Py, and Py in load combinations 5 and 7:

5. P

0.9 (75) +1.0 (—100) = -32.5 Kkips (governs)

= 1.2(75) + (50) + (0) + 1.0 (150) + 0.2 (50) = 300 kips

0.9 (75 — 0) + 1.0 (=50) = 17.5 kips

* The factored axial compression load on the column is 365 kips.

* The factored axial tension force on the column is 32.5 kips.
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* The column, base plate, anchor bolts, and foundation will need to be designed for both
the downward factored load of 365 kips and the factored net uplift, or tension, load of
32.5 kips.

b. Nominal axial compression strength of the column, P, =P, / ¢ =365/0.90 = 406 kips.

The corresponding ASD load combination examples will now be presented:

EXAMPLE 2-6 (ASD)
ASD Load Combinations

A simply supported floor beam 20 ft. long is used to support service or working loads as follows:
wp = 2.5 kips/ ft.,
w; =1.25 kips/ ft.

a. Calculate the ASD design shear, V.

b. Calculate the ASD design moment, M.

c. Determine the nominal moment strength, M, assuming a factor of safety for bending
of 1.67.

d. Determine the nominal shear strength, V,, assuming a factor of safety for shear of 2.0.

Solution

For floor beams, only ASD load combinations 1 and 2 need to be considered.
The simply supported span of the beam, ¢ = 20 ft.

a. Unfactored loads:
The corresponding unfactored loads, w, are calculated as follows:

1. w =D = wy = 2.50 kip/ft. = 3.5 kip/ft.
2. w=D+L =wp+ w; =25+ 1.25 = 3.75 kips/ft. (governs)

3.75)(20 ft.
Maximum unfactored shear, VmlX = w?f = ()é—) =37.5 kips

2 (3.75)(20 ft.)°
b. Maximum unfactored moment, Mmax = w; = ( )(8 ) =187.5 ft.-kips

The ASD design equation gives the allowable strength or applied service load or load effect,
as R, = R /Q, where Q is the factor safety.

c. The allowable moment strength, M, = M, /Q, therefore the nominal moment strength
required, M, = QM = (1.67)(187.5 ft-kip) = 313 ft.-kips.

d. The allowable shear strength, V, = V,/Q , therefore the nominal shear strength
required, V, = QV, = (2.0)(37.5 kips) = 75 kips.

Compare these required nominal strength values to those obtained for the LRFD method in
Example 2-1. The ASD method gave higher values of the required nominal strengths, M, and V,
(278 ft.-kips versus 313 ft.-kips; and 50 kips versus 75 Kkips).
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EXAMPLE 2-7 (ASD)

Determine the unfactored moment and the nominal moment capacity (assuming a factor of
safety of 1.67) for a floor beam if the calculated service load moments acting on the beam are as
follows: M}, = 55 ft.-kip, M; = 30 ft.-kip.

Solution
Using the ASD load combinations, we obtain

1. M = M, = 55 ft.-kip
2. M = My + M; = 55 ft.-kips + 30 ft.-kips
= 85 ft.-kips (governs)

The allowable moment strength, M, = M, /Q, therefore the nominal moment strength
required, M, = QM = (1.67)(85 ft-kip) = 142 ft.-kips

Compare to the nominal moment strength, M,, of 126.7 ft.-kips obtained for the LRFD
method in Example 2-2.

EXAMPLE 2-8 (ASD)

Determine the ASD design load for a roof beam subjected to the following service loads:
Dead load = 35 psf

Snow load = 25 psf

Wind load =15 psf upward
= 10 psf downward

Solution
D =35 psf
S =25 psf

W =-15 psfor 10 psf

The values for service loads not given above are assumed to be zero; therefore,
Roof live load, L, =0

Rain live load, R =0

Seismic load, E =0 (e, E, = 0and E; = 0)
Roof live load, L, =0

Since S > L, > R, use S = 25 psf

Using the ASD load combinations, and noting that only downward-acting loads should be
substituted in load combinations 1 through 6, and 8 and 9, and upward wind or seismic loads
in load combinations 7 and 10, the controlling factored load is calculated as follows:

1. D = 35 psf
D + L = 35 psf + 0 psf = 35 psf
D + (L, or Sor R) = 35 psf + 25 psf = 60 psf (controls)

D + 0.75L + 0.75(L, or S or R) = 35 psf + 0 psf + (0.75)(25 psf) = 53.8 psf
D + (0.6W) = 35 psf + 0.6 (10 psf) = 41 psf

AR I
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6. D+ 0.75L + 0.75 (0.6W) + 0.75 (L, or S or R) = 35 psf + 0.75 (0 psf) + 0.75 (0.6)(10
psf) + 0.75 (25 psf) = 58.3 psf

7. 0.6D + 0.6W = 0.6 (35 psf) + 0.6 (=15 psf) = 12 psf
(D always opposes or counteracts W in this load combination)

8. D+ 0.7E, + 0.7E, = 35 psf + 0.7(0) + 0.7(0) = 35 psf

9. D + 0.525E, + 0.525E, + 0.75L + 0.75S = 35 psf + 0.525 (0 psf) + 0.525 (0 psf) +
0.75 (0 psf) + 0.75 (25 psf) = 53.8 psf
10. 0.6D — (0.7E,) + (0.7E;) = 0.6 (35 psf) — 0.7 (0 psf) + 0.7 (0 psf) = 21 psf

(D always opposes or counteracts E in this load combination)

Therefore, the roof beam will be designed for a total service or unfactored load of 60 psf.
This load will be multiplied by the tributary width of the beam to convert it to a load with units
of Ib/ft. or kips/ft. that will be used in the structural analysis of the beam. The concept of tribu-
tary width and tributary area will be discussed later in this chapter.

EXAMPLE 2-9 (ASD)

a. Determine the ASD design axial load for a column in an office building with the given
service loads.

b. Calculate the required nominal axial compression strength, P,, of the column if the fac-
tor of safety is assumed to be 1.67.

The service axial loads on the column are as follows:

D =175 kips (dead load)

L =150 kips (floor live load)
S =50 kips (snow load)

W =+100 kips (wind load)
E, =+50 kips (seismic load)

Solution

a. Since the vertical component of the seismic load is not given and we are not given the
value of the design spectral response acceleration at short period, SDS, neglect the
vertical component of the seismic load, Py, . Note that downward loads are assumed
to be positive, while upward loads take on negative values. The ASD design loads are
calculated as follows:

D = 75 kips

D + L = 75 kips + 150 kips = 225 kips

D + (L, or Sor R) = 75 kips + 50 kips = 125 kips

D + 0.75L + 0.75(L, or S or R) = 75 kips + 0.75(150 kips) + 0.75(50 kips) = 225 kips
D + (0.6W) = 75 kips + 0.6(100 kips) = 135 kips

D + 0.75L + 0.75(0.6W) + 0.75(L,. or S or R) = 75 kips + 0.75(150 kips) + 0.75(0.6)
(100 kips) + 0.75(50 kips) = 270 kips (governs)

7. 0.6D + 0.6W = 0.6(75 kips) + 0.6(—100 kips) = -15 kips (D always opposes or
counteracts W in this load combination)
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8. D + 0.7E, + 0.7E, = 75 kips + 0.7(0 kips) + 0.7(50 kips) = 110 kips

9. D + 0.525E, + 0.525E, + 0.75L + 0.75S = 75 kips + 0.525(0 kips) + 0.525 (50 kips) +
0.75(150 kips) + 0.75 (50 kips) = 251.3 kips

10. 0.6D — (0.7E,) + (0.7E;) = 0.6(75 kips) — 0.7(0 kips) + 0.7(-50 kips) = 10 kips
(D always opposes or counteracts E, in this load combination)

* The required ASD design axial compression strength of the column is 270 kips.
* The required ASD design axial tension strength of the column is 15 Kips.

The column, base plate, anchor bolts, and foundation will be designed for both the down-
ward total unfactored axial load of 270 kips and the net uplift, or tension, load of 15 kips.

b. The nominal axial compression strength of the column, P, = P,Q = 270(1.67) = 451
kips.

Compare the nominal axial compression strength (451 kips) to the value of 394 kips obtained
for the LRFD method in Example 2-4. Again, the ASD method yields a higher required nominal
axial compression strength, P,, than the LRFD method.

EXAMPLE 2-10 (ASD AND LRFD)

A buried rectangular tank with a horizontal cross-sectional area of 44 ft.2 weighs 1300 Ib. The
density of the 2 ft. deep saturated soil above the top of the tank is specified by the geotechnical
engineer as 110 pcf. If the depth of the tank is 4 ft., and the water table is assumed to be located
at or near grade, calculate the net buoyancy uplift force on the tank using the LRFD method
and the ASD method. How should the effect of the net buoyancy uplift forces on this tank be
mitigated?

Solution
Depth of tank = 4 ft.
Depth of saturated soil above the top of the buried tank = 2 ft.
The water table is at or near the grade level, therefore, total depth of water to base of the
tank is
h=2ft +4ft =6ft.
Density of water, y,, = 62.4 pcf
Weight of tank = 1300 Ibs
Weight of saturated soil above the buried tank = (44 ft.2)(2 ft.)(110 pcf) = 9680 Ibs
Total dead load when the tank is empty, D = 1300 + 9680 = 10,980 Ibs
Hydrostatic or buoyancy pressure at the base of the tank = y, 2 = (62.4 pcf)(6 ft.) =
374.4 psf
Total uplift force at the base of the tank, H = (374.4 psf) (44 ft.2) = 16,474 Ibs
The downward load, D, is taken as positive while the upward force, H, is taken as negative.

LRFD method:

Substituting D = +10,980 Ibs and H = —16,474 Ibs into the appropriate LRFD load combi-
nation that addresses uplift or overturning (i.e., ASCE 7 LRFD load combination 5 with “H”
included or IBC 2018 Equation 16-6), we obtain the load combination as follows:

0.9D + 1.6H = (0.9)(10980 Ibs) +(1.6)(—16474 Ibs) = —16,477 Ibs.
Therefore, the factored net uplift force at the base of the tank = 16,477 Ibs.
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ASD method:

Substituting D = +10,980 Ibs and H = —16,474 Ibs into the appropriate ASD load combination
that addresses uplift or overturning (e.g., ASCE 7 ASD load combination 7 with “H” included or
IBC 2018 Equation 16-15), we obtain the load combination as follows:

0.6D + 1.0H = (0.6)(10980 Ibs) +(1.0)(—16474 Ibs) = —9,886 Ibs.
Therefore, the unfactored net uplift force at the base of the tank = 9,886 Ibs.

The factored net uplift force of 16,477 Ibs for the LRFD method (or the unfactored net
uplift force of 9,886 Ibs for the ASD method) will need to be counteracted or resisted by using
hold-down anchors or weighing down the tank by attaching it to a thick concrete base slab
that extends beyond the tank footprint to engage additional weight of soil. For an adequate
design, the sum of the dead load from the empty tank plus the additional dead load engaged by
the hold-down anchors (e.g., the weight of the concrete base slab and the additional weight of
soil engaged) must be large enough so that 0.9D is greater than or equal to 1.6H for the LRFD
method, or 0.6D is greater than or equal to 1.0H for the ASD method.

INTRODUCTION TO STRUCTURAL
DESIGN LOADS

Structural loads are the forces applied to a structure (e.g., dead load, floor live load, roof live
load, snow load, rain load, ice load, wind load, earthquake or seismic load, flood loads, earth and
hydrostatic pressure). For buildings, the magnitude of these loads are specified in the ASCE 7
Load Standard; in this standard, buildings are grouped into four different occupancy types,
which are used to determine the Risk Category of the building (see ASCE 7 Table 1.5-1), which
in turn are used to obtain the importance factor, I, (see ASCE 7 Table 1.5-2) that is used for
snow, seismic, or ice load calculations [2]. Maps of the 3-second gust wind speeds for Exposure
Category C that can be used for calculating the factored design wind pressures are given in
ASCE 7 Figures 26.5-1A, B, C, and D for the four different Risk Categories (RC). These wind
speed maps give the ultimate strength design level wind speeds, which already incorporate
the importance factor for wind, hence no importance factors for wind are given in ASCE 7
Table 1.5-2. The importance factor is a measure of the consequences of failure of a building to
public safety, and the higher the importance factor, the larger the snow, ice, or seismic loads
on the structure. ASCE 7 Table 1.5-1 should be used in conjunction with ASCE 7 Table 1.5-2
to determine the importance factors for snow loads, ice loads, and seismic loads, respectively.
The international building code (IBC) stipulates in Section 1603 that all structural design loads
must be listed on the contract documents. This information is usually listed on the first struc-
tural drawing including the General Notes and the Typical Structural Details.

Gravity Load Resisting Systems

The two main types of floor systems used to resist gravity loads in building structures consist of
one-way and two-way load distribution systems. In one-way floor systems, the floor or roof load
is distributed horizontally predominantly in one direction (i.e., the direction with the shorter
span), whereas in two-way floor systems, the load is distributed horizontally in two orthogonal
directions. For steel structures, the one-way load distribution system occurs much more fre-
quently than the two-way system; consequently, only one-way systems are discussed further in
this text. There are several one-way roof and floor systems used in steel buildings, and these
systems support gravity loads in one-way action by virtue of their construction and because the
bending strength of the floor or roof system in one direction is several times greater than the
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strength in the orthogonal direction. These types of one-way systems span in the stronger direc-
tion of the floor or roof panel regardless of the aspect ratio of the panel. Examples of one-way
systems used in steel buildings include:

e Metal roof decks (used predominantly for roofs in steel buildings),

* Concrete-filled composite metal floor decks (used predominantly for floors in steel
buildings) and concrete-filled non-composite metal deck or form deck.

* Hollow-core precast concrete planks.

* Metal cladding spanning vertically between horizontal girts or spanning horizontally
between wind columns in resisting wind pressure perpendicular to the face of the
cladding.

I3 GRAVITY LOADS IN BUILDING STRUCTURES

The common types of gravity load that act on building structures are roof dead load, floor dead
load, roof live load, snow load, and floor live load, and these are discussed in the following
sections.

T3 DEAD LOADS

Dead loads are permanent or nonmovable loads that act on a structure and it includes the
weight of all materials that are permanently attached to the structure, including the self-weight
of the structural member. Since the dimensions of structural members are known or can be
determined, and the material density is also a known quantity, the dead loads — which are pre-
dominantly the self-weight of the structural member - can be determined with greater accuracy
than any other type of load and they are not as variable as live loads. Examples of items that
would be classified as dead loads include floor finishes, partitions, mechanical and electrical
(M&E) components, fireproofing, glazing, and cladding. The floor and roof dead loads are typi-
cally uniformly distributed gravity loads expressed in units of pounds per square foot (psf) or
kips per square foot (ksf) of the horizontal projected plan area. For sloped members, the dead
load, which is in units of psf of the sloped area, must be converted to units of psf of the horizon-
tal projected plan area. In certain cases, concentrated dead loads, such as a heavy safe with a
small footprint, may also have to be considered in the structural analysis and design. The typical
checklists of the items to include for dead loads, and the estimated weights for roof and floor
dead load components in steel buildings are as follows:

Common Roof Dead Load Components in Steel Buildings

Framing (self-weight) 5 psf to 8 psf
Fireproofing 2 psf
Metal deck 2 psf (1% in. deck)

3 psf (3 in. deck)
6 psf (7% in. deck)

5 ply membrane roofing with 6.5 psf

gravel ballast
Rigid insulation 1.5 psf per inch of thickness
Plywood sheathing 0.4 psf per Y5 in. thickness

70 — Structural Steel Design, Third Edition




Asphalt shingles
Suspended ceiling

Mechanical/electrical
components

3.0 psf

2.0 psf

5 psfto 10 psf

Common Floor Dead Load Components in Steel Buildings

Framing (self-weight)
Fireproofing

Composite metal deck

Concrete slab:
lightweight
normal weight

Concrete on composite
metal deck

Floor finishes
Y4" ceramic tile
1" slate
Gypsum fill
4" hardwood
Partitions
Suspended ceiling

Mechanical/electrical
components

Concrete ponding load

6 psfto 12 psf
2 psf

1 psf (%6 in. deck)
2 psf (1% in. deck)
3 psf (3 in. deck)

10 psf per inch of thickness
12.5 psf per inch of thickness

see deck manufacturers
catalog for weights

10 psf

15 psf

6.0 psf per inch of thickness
4.0 psf

15 psf (minimum)

2.0 psf

5 psfto 10 psf
10% of the weight of the con-

crete slab on metal deck [29].

The ASCE 7 Load Standard [2] specifies a minimum partition load of 15 psf, and partition
loads need not be considered when the tabulated unreduced floor live load, L, is greater than
80 psf because of the low probability that partitions will be present in occupancies with higher
live loads. Partition loads may be greater than the 15 psf minimum specified in the ASCE 7 Load
Specifications, therefore, the actual partition load should be estimated for each project. It should
be noted that partition load is classified in ASCE 7 as a live load, but it is common in design
practice to treat partition load as a dead load, and this approach is adopted in this text.

Another dead load that should be considered for steel framed floors is concrete ponding load.
This is the dead load of the additional concrete that is needed to achieve a flat floor in a non-
composite beam construction (see Chapter 6) due to the deflection of the non-composite beams
and girders during the construction phase as the wet concrete is poured. A concrete ponding
dead load of 10% of the self-weight of the concrete and metal deck slab system is suggested in
Ref. [29] and adopted in this text. Some engineers use concrete ponding load values of up to 15%.
The concrete ponding dead load can be neglected for steel framing where an upward camber is
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specified for the floor beams or if the beams are shored. For floor framing with non-composite
beams, concrete ponding dead load should also be considered if the beams and girders are not
cambered.

Tributary Widths and Tributary Areas

When a gravity load is applied to a structure, the load is distributed to various structural mem-
bers as the load is transmitted from its point of application through the roof or floor system to
the beams and girders, to the columns, and ultimately to the foundations and the soil or bed-
rock. This path through which the gravity load travels or is transmitted is called the gravity load
path. There also needs to be a continuous lateral load path and this will be discussed in Chapters
3 and 14. Continuous gravity and lateral load paths are very important considerations in the
design of structures. A structural system with an inadequate load path is susceptible to collapse.
The magnitude of the gravity load distributed to the beams, girders or columns is dependent on
the tributary width and tributary areas of the supporting beams and girders, and the tributary
areas of the columns.

The tributary widths and tributary areas are used to determine the distribution of floor and
roof loads to the individual structural members. The tributary width (TW) of a beam is defined
as the width of the floor slab or roof deck supported by the beam; this is equal to one-half the
distance to the adjacent beam on the right hand side plus one-half the distance to the adjacent
beam on the left-hand side of the beam whose tributary width is being determined. The tribu-
tary width for a typical interior beam is calculated as:

TW = % (Distance to adjacent beam on the right hand side) + /2 (Distance to adjacent beam
on the left hand side).

For an edge or perimeter or spandrel beam, the tributary width is calculated as

TW = % (Distance to adjacent beam) + the floor or roof edge distance measured from the
longitudinal axis of the spandrel or edge beam.

The tributary area, Ay, of a beam, girder, or column is the floor or roof plan area supported
by the structural member. The tributary area of a beam is obtained by multiplying the span of
the beam (i.e. its length between supports) by its tributary width. The tributary area of a column
is the plan area bounded by lines located at one-half the distance to all the adjacent columns sur-
rounding the column whose tributary area is being calculated. For edge or corner columns, the
tributary area will also include the area of the floor or roof extending from the longitudinal axes
of the perimeter beams and girders framing into the column to the exterior edge of the floor or
roof. The following points should be noted:

* Beams are usually subjected to uniformly distributed loads (UDL) from the roof deck or
floor slab.

* Girders are usually subjected to concentrated loads due to the reactions from the
beams. These concentrated loads or reactions from the beams have their own tributary
areas.

* The tributary area of a girder is the sum of the tributary areas of all the concentrated
loads acting on the girder.

* Perimeter or edge beams and girders — also known as spandrel beams and spandrel
girders - support an additional uniform load due to the loads acting on the floor or roof
area extending beyond the longitudinal axes of the beam or girder to the edge of the
roof or floor. When the exterior wall cladding is an infill system where the weight of the
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exterior wall cladding is supported at each floor level, the spandrel beams and girders
will also directly support the weight of the exterior cladding (i.e., the brick veneer or
glazing and the masonry block or cold-formed steel stud back-up walls). For by-pass
exterior wall systems, the cladding load is not supported by the spandrel beams and
girders, but instead, the weight of the exterior cladding is supported on a concrete
foundation wall and the spandrel beams and girders only provide lateral support to the
exterior wall cladding. The by-pass exterior wall system is permitted only in buildings
not greater than three stories or 30 ft in height [7].

EXAMPLE 2-11
Calculation of Tributary Width and Tributary Area
Using the floor framing plan shown in Figure 2-3, determine the following parameters:

Tributary width and tributary area of a typical interior beam,

Tributary width and tributary area of a typical spandrel or perimeter beam,
Tributary area of a typical interior girder,

Tributary area of a typical spandrel girder,

Tributary area of a typical interior column,

Tributary area of a typical corner column, and
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Solution
The tributary widths and areas are calculated in Table 2-3.

TABLE 2-3 Tributary Widths and Areas

Member Tributary width (TW) Tributary area (A7)

Typical interior beam 25 ft./3 spaces = 8.33 ft. (8.33 ft.) (32 ft.) = 267 ft.

(25 ft./3 spaces)/2 + 0.5 [ft.]

_ 2
edge distance = 4.67 ft. (4.67 ft.) (32 ft.) = 150 ft.

Typical spandrel beam

267
Typical interior girder — [7 ft.2j(4 beams) =534 ft.2
(0.5ft. edge dist)(25 ft.)
Typical spandrel girder — (% ft.2j(2 beams)
=280 ft.”
Typical interior column — (32 ft.) (25 ft.) = 800 ft.2

(32 ft./2 + 0.5 ft. edge dis-
Typical corner column — tance) X (25 ft./2 + 0.5 ft.
edge distance) = 215 ft.2

Typical exterior column (short . (32 ft./2 + 0.5 ft. edge dis-
side of building) tance) (25 ft.) = 413 ft.2
Typical exterior column (long o (25 ft./2 + 0.5 ft. edge dis-
side of building) tance) (32 ft.) = 416 ft.2

BEEE=A LIVE LOADS

In general, any gravity load that is not permanently attached to the structure is considered to be
a live load. The three main types of live loads that act on building structures are floor live load,
roof live load, and snow load. Floor live loads, L, are the minimum live loads that are specified
in ASCE 7 Table 4.3-1 or IBC, Table 1607.1; the magnitude depends on the use of the structure
and the tributary area (A;) supported by the structural member. Floor live loads are usually
uniform loads expressed in units of pounds per square foot (psf) of horizontal plan area. In cer-
tain cases, the code also specifies alternate concentrated floor live loads (in Ib. or kip) that need
to be considered in design, but in most cases, the uniform loads govern the design of structural
members.

The live loads that act on roof framing members are roof live load, L, rain loads, R, and
snow load, S. From the load combinations presented in Section 2-3, it becomes apparent that
roof live loads, rain loads and snow loads do not occur on a structure at their maximum values
simultaneously (i.e., at the same time). Roof live loads rarely govern the design of structural
members in the higher snow regions of the United States, except where the roof is a special
purpose roof used for promenades or as a roof garden. Rain loads may be critical for flat roofs
with high parapets.
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X1 FLOOR LIVE LOADS

Floor live loads in building structures are occupancy loads that depend on the use of the struc-
ture. These loads are assumed to be uniform loads expressed in units of psf and the values
are specified in building codes such as the International Building Code (IBC) and the ASCE
7 Load Standard. The floor live loads are determined from statistical analyses of many load
surveys. The codes also specify alternate concentrated live loads for some occupancies because
for certain design situations, live load concentrations—as opposed to uniform live loads—may
be more critical for design. The uniform floor live loads are most commonly used in practice;
the concentrated live loads are used only in rare situations where, for example, punching shear
may be critical, such as in slabs supporting vehicle or forklift loads, or in the design of stair
treads where the concentrated loads, instead of the uniform loads, may control the design of the
structural member. A selected listing of the recommended minimum live loads is presented in
Table 2-4 [2, 4], with a more comprehensive listing provided in ASCE 7 Table 4.3-1 and ASCE 7
Table C4.3-1 [2]; particular attention should be paid to the footnotes below these tables. For
example, in addition to the vertical live loads specified for stadiums and arena, lateral loads of
24 1b. per linear ft. of seat applied in a direction parallel to each row of seat and 10 lb. per linear
ft. of seat applied in a direction perpendicular to each row of seats are specified in the footnotes
of ASCE 7 Table 4.3-1. This lateral load accounts for the action of spectators moving and sway-
ing in unison. This lateral load is equivalent to approximately 12 psf of plan area assuming 2 ft.
spacing between the seats; this same lateral load has recently been recommended for the design
of exterior decks based on results of preliminary tests at Washington State University [19]. Note
that the balcony live loads have changed from the previous editions of ASCE 7. Due to the lack
of redundancy of cantilevered balcony structures, the live load on balconies is now 1.5 times the
live load for the occupancy (see Table 2-4 or ASCE Table 4.3-1 or IBC Table 1607.1) that the
balcony serves, but not exceeding 100 psf. Thus, for example, balconies in office buildings are
designed for a live load of 75 psf (i.e., 1.5 X 50 psf). Some engineers design balcony framing for
100 psf because it lacks redundancy and they are frequently used as assembly areas. Note that
balconies are also permanently exposed to the elements and thus susceptible to hidden deterio-
ration from corrosion due to failure of the waterproofing system.

Some live loads that are not listed in the ASCE 7 tables include the live load for exhibition
halls which is commonly assumed as 300 psf due to the heavy materials and equipment that may
be displayed on the floor of an exhibition hall. The bottom chords of roof or floor trusses spanning
over an auditorium, or theater, or exhibition hall may support rigging loads of 12 psf or higher,
and in addition, these trusses may also support the dead and live loads from suspended catwalks.

For bridge structures, the two main types of live loads are the truck axle loads which are
concentrated loads, and the lane loads which is a uniform load of variable length plus a single
concentrated load. The lane loads represent the effect of several small vehicles on a bridge (the
continuous uniform load) plus a single truck represented by the single concentrated load.

XS] FLOOR LIVE LOAD REDUCTION

To account for the low probability that floor structural elements with large tributary areas
will have their entire tributary area loaded with the live load at one time, the IBC and ASCE 7
Load Specifications allow for floor live loads to be reduced, provided that certain conditions are
satisfied. The reduced design live load of a floor, L, in psf, is given as

L-L, [0.25 " L} 2-5)

VELL AT
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> 0.50 L, for members supporting one floor (e.g., slabs, beams, and girders)
> 0.40 L, for members supporting two or more floors (e.g., columns)
L, = Unreduced design live load from Table 2-4 (or IBC, Table 1607.1 or ASCE 7
Table 4.3-1)

K; 1, = Live load element factor which is a ratio of the influence area, A;, of the structural
member (i.e., the floor area from which the member derives its load) to the
tributary area of the member (see ASCE 7 Table 4.7-1 or IBC Table 1607.10.1).

For instance, the influence area for a typical interior column is the total area of

the floor bounded by all the adjacent columns. Thus, a typical interior column in

a 30 ft. x 30 ft. grid will have a tributary area of 900 ft.2 and an influence area of
3600 ft.2 (i.e., 60 ft. x 60 ft.); therefore, K;1, = 3600/900 = 4. Similarly, the influence
area for a typical interior beam is the total area bounded by the beams immediately
to the right and to the left of the beam whose influence area is being calculated.
Thus, a typical interior beam spaced at 10 ft. on centers and spanning 30 ft. will
have a tributary area of 300 ft.2 (i.e.,10 ft. x 30 ft.) and an influence area of 600 ft.2
(i.e., 20 ft. x 30 ft.); therefore, K;; = 600/300 = 2.

The K;; values for different structural elements are given as follows:

= 4 (interior columns and exterior columns without cantilever slabs)
= 3 (edge columns with cantilever slab)
= 2 (corner columns with cantilever slabs, edge beams without cantilever slabs, inte-
rior beams)
= 1 (all other conditions)
A; = Summation of all the applicable floor tributary areas, in ft.%, supported by the
structural member, excluding the roof tributary area

* For beams and girders (including continuous beams or girders), Ay is as defined in
Section 2-6.

* For one-way slabs, Ay must be less than or equal to 1.5s* where s is the slab span.

* For a member supporting more than one floor area in multistory buildings (e.g., multi-
story columns), Ap will be the summation of all the applicable floor areas supported by
that member. As an example, for a 10-story building supporting an office occupancy
on the second through the 9* floors, and a mechanical occupancy on the 10 floor, the
cumulative total axial live load on the ground floor column will be calculated as the
sum of the column tributary areas of the second through the 9" floors multiplied by
the reduced office floor live load on the ground floor column based on this cumulative
tributary area, plus the unreduced live load from the 10** floor mechanical occupancy
multiplied by the column tributary area at the 10" floor level, plus the roof live load or
the roof snow load multiplied by the column tributary area at the roof level. This cumu-
lative live load is added to the cumulative dead load (which is never reduced), to obtain
the total unfactored cumulative axial load on the column. The total factored cumulative
axial load on the column can similarly be calculated using the LRFD load combinations
from Section 2-3.

The ASCE 7 Load Specification [2] does not permit floor live load reductions for floors
satisfying any one of the following conditions:

o Kj; Ap<400 ft.2
In this case, the tributary area is small enough so that there is a high probability that
the whole of the tributary area will be loaded with the code-specified live load, L.
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* Floor live load, L, > 100 psf, due to the high probability of overloading.
However, the floor live load may be reduced 20% for members supporting two or more
floors in non-assembly occupancies.

* Floors used for assembly occupancies such as auditoriums, stadiums, exhibition halls,
theaters, etc., because of the high probability of overloading especially during an
emergency. Also, floors used for mechanical equipment occupancy are not allowed to be
reduced.

* Floors used for passenger car garage floors, except that the live load can be reduced by
20% for members supporting two or more floors.

The following should be noted regarding the tributary area, Aj, used in calculating the
reduced floor live load:

1. The infill beams are usually supported by girders which, in turn, are supported by col-
umns, as indicated in our previous discussions on load paths. The tributary area, Ay, for
beams is usually smaller than those for girders and columns and, therefore, beams will
have smaller floor live load reductions than girders or columns. The question arises as
to which A to use for calculating the reduced live loads on the girders:

a. For the design of the beams, use the A of the beam to calculate the reduced live
load that is used to calculate the beam moments, shears, and reactions. These load
effects are used for the design of the beam and the beam-to-girder or beam-to-col-
umn connections. Note that, in design practice, because of the relatively small tribu-
tary areas for beams, it is common practice to neglect live load reduction for beams.

b. For the girders, recalculate the beam reactions since the tributary area supported by
the girders is larger than that supported by the beams; for recalculating the reaction
from the beams on the girder, use the tributary area, A, of the girder in calculating
the live load reduction on the beam. Note that using the larger tributary area of the
girder in recalculating the live load reduction in the infill beams will result in the
infill beam reactions on the girders that are smaller than those calculated in Part
(a). These smaller beam reactions are only used for the design of the girders.

2. For columns, Ay is the summation of the tributary areas of all the floors with reducible
live loads at and above the level at which the column load is being determined, exclud-
ing the roof tributary areas, the mechanical occupancy tributary areas, and the assem-
bly occupancy areas supported by the column.

TABLE 2-4 Minimum Uniformly Distributed and Concentrated Floor Live Loads

Minimum uniformly distributed and concentrated live loads

Occupancy Uniform load (psf) Concentrated load (Ib.)
Balconies

Exterior 100 —

One- and two-family residences only, and 60 —

not exceeding 100 ft.2
Dining rooms and restaurants 100 —
Helipads 60 See ASCE 7

(continued)
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Minimum uniformly distributed and concentrated live loads (Continued)
Occupancy Uniform load (psf) Concentrated load (Ib.)
Libraries
Corridors above first floor 80 1000
Reading rooms 60 1000
Stack rooms 150 1000
Office buildings
Lobbies and first-floor corridors 100 2000
Offices 50 2000
Corridors above first floor 80 2000
Residential (one- and two-family —
. 40
dwellings)
Hotels and multifamily houses
Private rooms and corridors serving
them 40 —
Public rooms and corridors serving them 100
Roofs 20
Ordinary flat, pitched, and curved roofs
Promenades
60
Gardens or assembly 100
Single panel point of truss bottom chord
. 2000
or at any point along a beam
Schools
Classrooms 40 1000
Corridors above first floor 80 1000
First-floor corridors 100 1000
Stairs and exit ways 100 300 1b. over an area
One- and two-family residences only 40 of 4 in.?
Storage
Light 125
Heavy 250
Stores
Retail 100 1000
First floor
Upper floors & 1000
Wholesale 125 1000

Source: Excerpted from the 2018 International Building Code (IBC) Table 1607.1 [4]. Copyright 2017, International
Code Council, Washington, D.C. Reproduced with permissions. All rights reserved. www.iccsafe.org.

I ETE ROOF LIVE LOAD

Rooflive loads, L,, represent the weight of maintenance personnel and equipment on a roof, and
this has a maximum value of 20 psf as indicated in ASCE 7 Table 4.3-1, and is reducible. Other
types of roof live loads include the weight of moveable nonstructural elements such as planters
or other decorative elements on a roof, or the use of a roof for assembly purposes (maximum
live load is 100 psf). Like floor live loads, the unreduced roof live loads are also tabulated in the
ASCE 7 Table 4.3-1. Live loads on roofs that are used for special occupancies such as roof gar-
dens can be reduced using equation (2-5). The live load for roof gardens is 100 psf. Roofs that
are used for assembly occupancies should be designed for a roof live load that is the same as
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that used for floors with the same occupancy, and note that live loads for roofs that are used for
assembly occupancies cannot be reduced.

However, roof live loads on ordinary flat, pitched, or curved roofs that represent the weight
of maintenance personnel and equipment can be reduced as described in the following section.

Roof Live Load Reduction for Ordinary
Flat, Pitched, and Curved Roofs

For ordinary flat, pitched, and curved roofs, the ASCE 7 Load Standard [2] allows the roof live
load, L,, to be reduced according to the following formulas (note that for all other types of roofs,
L.=L):

Design roof live load, in psf, L, =L, R, R,, (2-6)
where,
12 psf < L, < 20 psf, and
L, = Roof live load from ASCE 7 Table 4.3-1 (typically 20 psf).
The roof live load for ordinary flat, pitched, and curved roofs is 20 psf.

The reduction factors, B; and R,, in equation (2-6) are determined as follows:

R =1.0 for Ay <200 ft.?

R, =1.2-0.0014, for 200 ft.* < A, <600 ft.?
R, =0.6 for Ay > 600 ft.?

R, =10 for F <4

R,=1.2-0.05F for4<F <12

R, =0.6 for F >12

F = Number of inches of rise per foot for a pitched or sloped roof
(e.g., F =3 for a roof with a 3-in-12 pitch or slope)
= Rise-to-span ratio multiplied by 32 for an arch or dome roof

A, =Tributary area in square feet (ft.Q)

For landscaped roofs, the weight of the landscaped material should be included in the dead
load calculations and should be computed assuming the soil will be fully saturated.

EXAMPLE 2-12
Roof Live Load

For the framing of the ordinary flat roof shown in Figure 2-4, determine the design roof live
load, L,, for the following structural members:

Typical interior beam,

Typical spandrel or perimeter beam,
Typical interior girder,

Typical spandrel girder, and

R

Typical interior column.
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FIGURE 2-4 Roof framing for Example 2-12
Solution

The unreduced roof live load, L,, is 20 psf from ASCE-7 Table 4.3-1, and the tributary width and
tributary areas are calculated in Table 2-5.

TABLE 2-5 Tributary Widths and Areas

Member Tributary width (TW) Tributary area (A;)

Typical interior beam 25 ft./4 spaces = 6.25 ft. (6.25 ft.) (32 ft.) = 200 ft.?

(25 ft./4 spaces)/2 + 0.5 ft.

— 2
odge distance = 3.63 ft, (3.63 ft.) (32 ft.) = 116 ft.

Typical spandrel beam

200
Typical interior girder — (7 ft.2j(6 beams) =600 ft.2

(0.5 ft. edge dist)(25 ft.)

Typical spandrel girder - + (% ft.zj(S beams) = 318 ft.”

Typical interior column — (32 ft.) (25 ft.) = 800 ft.2

a. Tributary area, A; = 200 ft.2, therefore, R, =10
For a flat roof, F = 0, therefore, R, = 1.0
Using equation (2-6), the design roof live load, L, = 20 (1.0) (1.0) = 20 psf

b. Tributary area, Ay = 116 ft.2, therefore, R, =10
For a flat roof, F = 0, therefore, R, = 1.0
Design roof live load, L, = 20 (1.0) (1.0) = 20 psf
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c. Tributary area, A; = 600 ft.%, therefore, R, = 0.6
For a flat roof, F = 0; therefore, R, = 1.0
Design roof live load, L, = 20 (0.6) (1.0) = 12 psf

d. Tributary area, A, = 313 ft.%, therefore, R; = 1.2 — 0.001 (313) = 0.89
For a flat roof, F = 0, therefore, Ry = 1.0
Design roof live load, L, = 20 (0.89) (1.0) = 17.8 psf

e. Tributary area, A, = 800 ft.%, therefore, R, = 0.6
For a flat roof, F = 0, therefore, Ry = 1.0
Design roof live load, L, = 20 (0.6) (1.0) = 12 psf

To determine the total design load for the roof members, the calculated design roof live
load, L,, will need to be combined with the dead load and other applicable loads using the load
combinations from Section 2-3.

EXAMPLE 2-13
Column Load With and Without Floor Live Load Reduction

A three-story building, with columns that are spaced at 20 ft. in both orthogonal directions, is
subjected to the roof and floor loads shown here. Using a tabular format, calculate the cumula-
tive factored and unfactored axial loads on a typical interior column with and without live load
reduction. Assume a minimum roof slope of ¥ in./ft. for drainage.

Roof Loads:
Dead load, D, =30 psf
Snow load, S =30 psf

Roof live load, L, = per code

Second and Third Floor Loads:
Dead load, Dy, =110 psf

Floor live load, L =40 psf

Solution
At each level, the tributary area, Ay, supported by a typical interior column is 20 ft. x 20 ft. =
400 ft.

Roof Live Load, L,:

For an ordinary flat roof, L, = 20 psf (ASCE 7 Table 4.3-1).

From Section 2-10, the roof slope factor, F, is ¥4; therefore, Ry = 1.0.

Since the tributary area, Ay, of the column = 400 ft.2, R, = 1.2 — 0.001 (400) = 0.8

Using equation (2-6), the design roof live load is

L. =L,RR,=20RR, = 20(0.8)(1.0) =16 psf,
Since 12 psf < L, <20 psf; therefore, L. =16 psf.

L, is smaller than the snow load, S = 30 psf; therefore, the snow load, S, is more critical than
the roof live load, L,, in the applicable load combinations. The reduced or design floor live loads
(in psf) for the second and third floors are calculated using Table 2-6.

All other loads, such as W, H, T, F, R, and E, are zero for the roof and all the floors. The
applicable LRFD load combinations from Section 2-3 will be used to calculate the factored col-
umn axial loads. Only load combinations 2 and 3 are pertinent for this column.

Chapter 2 — Design Methods, Load Combinations, and Gravity Loads and Load Paths — 81




A close examination of these load combinations will confirm that the most critical factored
load combinations (i.e., LRFD) are load combinations 2 (1.2D + 1.6L + 0.5S) and 3 (1.2D + 1.6S +
0.5L). A similar examination of the ASD load combinations reveals that load combinations
2 (D + L) and 3 (D + 0.75L + 0.75S) are the two most critical load combinations for the calcu-
lation of the unfactored axial load on the typical interior column for this building. We will now
illustrate how some of the numbers in Table 2-7 were obtained for the case with floor live load
reduction (i.e., the top three rows of Table 2-7).

For the case with floor live load reduction, the loads from load combination 2 or LC2
(1.2D + 1.6L + 0.5S) are now calculated:

For the roof level, the value of the factored load for LC2 is 1.2 (30psf) + 0.5 (30psf) = 51 psf.

For the third floor level, the value of the factored load for LC2 is 1.2 (110psf) + 1.6 (25psf)
= 172 psf. (Note: 25 psf'is the reduced floor live load at the third floor level).

For the second floor level, the value of the factored load for LC2 is 1.2 (110 psf) + 1.6
(21 psf) = 165.6 psf. (Note: 21 psf is the reduced floor live load at the second floor level).

The above psf loads are the values shown in the 6 column of Table 2-7

To obtain the axial load in kips for LC2, these factored uniform loads in psf are multiplied
by the column tributary area as follows:

For roof, the factored axial load for LC2 = (51psf)(400 ft?) = 20.4 kips

For third floor, the factored axial load for LC2 = (172psf)(400 ft.%) = 68.8 kips
For second floor, the factored axial load for LC2 = (165psf)(400 ft.%) = 66 kips
The above are the left hand values tabulated under the 8" column in Table 2-7.

For the case with floor live load reduction, we will now calculate the loads using load com-
bination 3 or LC3:

1.2D + 0.5L + 1.6S.

For the roof level, the value of the factored load for LC3 is 1.2 (30psf) + 1.6 (30psf) = 84 psf.
For the third floor level, the value for LC3 is 1.2 (110psf) + 0.5 (25psf) = 144.5 psf.

For the second floor level, the value for LC3 is 1.2 (110 psf) + 0.5 (21psf) = 142.5 psf.

The above factored uniform loads are the values shown in the 7 column of Table 2-7

To get the axial load in kips for LC3, these psf loads are multiplied by the column tributary
area as follows:

For the roof level, the factored axial load for LC3 = (84psf)(400 ft?) = 33.6 kips.
For the third floor level, the factored axial load for LC3 = (144.5 psf)(400 ft.?) = 57.8 kips.

For the second floor level, the factored axial load for LC3= (142.5 psf)(400 ft.?) = 57 kips.
The above are the right hand values tabulated under the 8 column in Table 2-7.

Using both LRFD combinations 2 (i.e., 1.2D + 1.6L + 0.5S) and 3 (1.2D + 1.6S + 0.5L), the
maximum factored column axial loads with and without floor live load reductions are calculated
in Table 2-7. The corresponding values for the unfactored column axial loads with and without
floor live load reductions are calculated in Table 2-8. Tables 2-7 and 2-8 are known in design
practice as the column load summation table or the column load rundown table.
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Therefore, the ground floor column will be designed for a cumulative reduced factored axial
compression load of 153 kips; the corresponding factored axial load without floor live load reduc-
tion is 177 kips. The reduction in factored column axial load due to floor live load reduction is

only 14% for this three-story building. Thus, the effect of floor live load reduction on columns

and column footings is not as critical for low-rise buildings as it would be for taller buildings.

Although in the previous discussions and example we used the tributary area method for

calculating the column loads, the column load can also be determined by summing the reactions

of all the beams and girders that frame into the column. This method will prove to be useful

later when the columns must be designed for combined axial loads and bending moments due

to the eccentricity of the beam and girder reactions relative to the centroid of the supporting

columns.

TABLE 2-6 Reduced or Design Floor Live Load Calculation Table

Member Levels Ay (summa- K;; Unreduced Live load reduc- Design
supported tion of floor live tion factor, 0.25 + live load,
floor load, L, (L or S)
tributary (psf) 15/ K}, Ay
area)
Third-floor | Roof only Floor live — — — 30 psf
column load reduc- (snow load)
(i.e., tion NOT
column applicable
below roof) to roofs
Second- 1 Floor + (1 Floor) K;; =4 40 psf 15 0.625 (40)
floor col- Roof (400 ft.) = | Ky  Ap = {0‘25 + m} = 25 psf >
umn (i.e., 400 ft.? (4)(400) 0.50L, =
column = 1600 > =0.625 (0.5)(40psf)
below third 400 ft.2 = 20 psf
floor) Therefore,
live load
reduction is
allowed
Ground or | 2 Floors+ (2 Floors) K;; =4 40 psf 15 0.52 (40)
first-floor Roof (400 ft.2) = | K;; Ap = {0'25 + M} =20.8 psf
column 800 ft.2 (4)(800) Z0.52 = 21 psf >
(i.e., col- = 3200 > o 040L, =
umn below 400 ft.2 (0.4)(40psf)
second Therefore, = 16 psf
floor) live load
reduction is
allowed
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BT SNOW LOAD

The ground snow load map of the contiguous United States showing the 50-year mean recurrence
interval (MRI) ground snow loads, p, is found in ASCE 7 Figure 7.2-1 (use ASCE Table 7.2-1
for Alaska) [2]; however, for certain areas of the United States, specific snow load studies are
required in order to establish the ground snow loads. The ground snow loads in Ref. [2] have
an annual probability of 2% of being exceeded. The ground snow loads are specified in greater
detail in the local building codes, and because relatively large variations in snow loads can occur
even over small geographic areas, the local building codes appear to have more accurate ground
snow load data for the different localities within their jurisdiction when compared to the ground
snow load map given in the ASCE 7 Load Standard [2]. The value of the roof snow load depends
on, but is usually lower than, the ground snow load, p,, because of the increased effect of wind
at the higher levels. The roof snow load is also a function of the roof exposure (i.e., how much
the roof is exposed to wind on all sides), the roof slope, the building occupancy, the temperature
of the roof—whether it is heated or not, or whether it is a structure that is intentionally kept
below freezing temperatures, such as freezer buildings or cold rooms, and the terrain conditions
at the building site; however, roof snow load is independent of the tributary area of a structural
member. The steeper the roof slope, the smaller the roof snow load, because steep roofs are less
likely to retain snow, and conversely, the flatter the roof slope, the larger the roof snow load.
Flat roofs are more susceptible to failure from snow load if the drainage fails and refreezing of
melted snow occurs. The accumulation of ice together with the snow increases the load on the
roof considerably since the density of ice is up to 8 times that of snow. Several roof failures were
reported in the Northeastern United States during the winter of 2010 because of the unexpected
additional loads caused by ice accumulation [11, 12, 13].

Depending on the type of roof, the snow load can either be a uniform balanced load or an
unbalanced load. A balanced snow load is a uniform snow load distributed over the entire roof
surface, while an unbalanced snow load is a partial uniform or nonuniform distribution of snow
load over the roof surface or a portion of the roof surface.

The procedure for calculating snow loads on a roof surface is as follows:

1. Determine the ground snow load from Figure 7.2-1 of ASCE 7 or from the local build-
ing code ground snow load map of the area. In mountainous regions, local ground snow
load maps take on even greater importance as the ASCE 7 values are often low for these
areas or are not given at all, and local building codes can override ASCE 7.

2. Determine the snow exposure factor, C,, from ASCE 7 Table 7.3-1. Refer to ASCE 7
Section 26.7 for the description of the terrain categories (B, C, and D) that are needed
in ASCE Table 7.3-1.

3. Determine the thermal factor, C,, from ASCE 7 Table 7.3-2. Heated buildings have a
C,value of 1.0. Freezer buildings or cold rooms have a C, of 1.3, and unheated and
open-air buildings such as loading docks or sheds, or bus shelters have a C, of 1.2.

4. Determine the snow load importance factor, I, from ASCE 7 Table 1.5-2 based on the

s Lo

Risk Category (I, II, III, or IV) of the building from ASCE 7 Table 1.5-1.

5. Calculate the flat roof snow load, pj, from equation 2-7:

Flat roof snow load, p, =0.7 C, C, I, p, (psf) (2-7

6. Determine the minimum flat roof snow load, Pp,:

prg > 20 psf, p,, =201, (psf) (2-8)

If p, <20 psf, p,, =I,p, (psf) (2-9)
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The minimum snow load, P, should not be combined with sliding or drift snow load [11].
It is the balanced flat roof snow load, P, that should be combined with drift or sliding snow.

Determine the design snow load accounting for the sloped roof factor, C,, which
is a function of the roof slope and the temperature below the roof (see ASCE 7
Figure 7.4-1):

Design sloped roof snow load, p, = C, p;(psf) (2-10)

For non-slippery roofs in a heated building (i.e., a warm roof),

C, = %(70—9) < 1.0 for roof slope 6 <70°;

S

C, = 0 for roof slope 6>70°

For cold roofs and slippery roof surfaces, refer to ASCE 7 Figure 7.4-1.

8.

10.
11.

12,

13.

14.

15.

Consider partial loading for continuous beams per ASCE 7 Section 7.5, where alternate
span loading might create maximum loading conditions.

. The unbalanced loading from the effects of wind must be considered per ASCE 7

Section 7.6.
Determine snowdrift loads on adjacent lower roofs per ASCE 7 Section 7.7.

Determine snowdrift loads at roof projections and parapet walls per ASCE 7
Section 7.8. Where the side length of a roof projection or rooftop equipment is smaller
than 15 feet, snowdrift does not have to be considered.

Determine the effects of sliding snow from higher sloped roofs onto adjacent lower roofs
per ASCE 7 Section 7.9.

Check the requirements for rain-on-snow surcharge per ASCE 7 Section 7.10. Roofs
with a slope of less than W/50 (where W is the horizontal distance in feet from eave

to ridge) in areas where p, < 20 psf must be designed for an additional rain-on-snow
surcharge load of 5 psf. Note that this additional load only applies to the balanced load
case, and it does not need to be used for snowdrift, sliding snow, and unbalanced or
partial snow load calculations.

The requirements for ponding instability should be checked, per ASCE 7 Section 7.11,
in susceptible roof bays defined in ASCE 7 Section 8.4. Ponding is the additional load
that results from rain-on-snow or melted snow water acting on the deflected shape of a
flat roof, which, in turn, leads to increased deflection and therefore increased roof load-
ing because of the additional space available (due to the deflected roof framing) for the
snow and rain to accumulate.

Check existing adjacent lower roofs for the effect of drifting or sliding snow.

The following should be noted with respect to using the “slippery surface” values in
ASCE 7 Figure 7.4-2, to determine the roof slope factor, C;:

Slippery surface values can only be used where the roof surface is free of obstruction
and sufficient space is available below the eaves to accept all the sliding snow. Examples
of slippery surfaces include metal, slate, glass, and bituminous, rubber, and plastic
membranes with a smooth surface.

Membranes with imbedded aggregates, asphalt shingles, and wood shingles should not
be considered as a slippery surface.
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EXAMPLE 2-14
Balanced Snow Load

An office building located in an area with a ground snow load of 85 psf has an essentially flat roof
with a slope of %4 in. per foot for drainage. Assuming a partially exposed heated roof and terrain
category “C”, calculate the design roof snow load using the ASCE 7 load standard.

Solution
The ground snow load, p, = 85 psf
Roof slope, 6 (for 1/4 in./ft. of run for drainage) = 1.2 degrees
From ASCE 7 Table 7.3-1, exposure factor, C, = 1.0 (partially exposed roof and terrain
category C)
From ASCE 7 Table 7.3-2, thermal factor, C, = 1.0 (for heated roof)
Assuming a Risk Category II for office buildings from ASCE 7 Table 1.5-1, we obtain from
ASCE 7 Table 1.5-2 the importance factor, I, = 1.0
For 6 = 1.2°, and assuming a heated roof (see ASCE 7 Figure 7.4-1),

C. = %0(70—1.2) =1.72 1.0, therefore, C,=1.0

S

From equation (2-7), the flat roof snow load, p, = 0.7 C, C; I; p,
= (0.7) (1.0) (1.0) (1.0) (85) = 59.5 psf
> Pm = 201, = 20 (1.0) = 20 psf

Using equation (2-10), the design roof snow load, p; = C; p; = (1.0) (569.5) = 59.5 psf
The calculated snow load will need to be combined with the dead load and all the other
applied loads using the load combinations given in Section 2-3.

Windward and Leeward Snowdrift

Snowdrift loads on the lower levels of multilevel roofs are caused by wind transporting snow
from the higher roof and depositing it onto the lower roof or to balconies or canopies (i.e., snow
deposited on the leeward side). It can also occur where the wind encounters roof obstructions,
such as high roof walls, penthouses, high parapet walls, and mechanical rooftop units, and the
snow is deposited on the windward side of the obstruction. The snowdrift loads are additional
snow loads on the lower roof that are superimposed on the balanced flat roof snow load, P The
distribution of the snowdrift load is assumed to be triangular in shape (see Figure 2-5). The two
kinds of snowdrift are windward and leeward drifts. Windward snowdrift occurs when the wind
moves the snow from one area of a lower roof to another area on the same lower roof adjacent to
a high wall or other sufficiently high obstruction. Leeward snowdrift occurs as the wind moves
the snow from an upper roof and deposits the snow on a lower roof adjacent to the wall of the
higher roof building. The length of roof used for the calculation of the snowdrift is the length of
the roof area from which the drifting snow is derived (see Figure 2-5).

The procedure for calculating the maximum height of the triangular snowdrift load is as
follows (see ASCE 7 Sections 7.7, 7.8, and 7.9):

1. Calculate the density of snow,y, (pcf) =0.13 p, +14 < 30 pcf, (2-11)

where p, = 50-year ground snow load in psf obtained from the snow load map in the
governing building code.
2. Calculate the height of balanced flat roof snow load, A, = Py , where py is the flat roof
14

snow load. s
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FIGURE 2-5 Snow drift diagrams

3. Calculate the difference in height, A (in feet), between the high and low roof, and
calculate the additional wall height, 4., available to accommodate the drifting snow,
where h, = h — h,,

4. Where h < hy or h /h, < 0.2, the snowdrift is neglected, and the low roof is designed for
the uniform balanced snow load, py.

5. The maximum drifting snow height in feet, &, is the higher of the values calculated
using equations 2-12a and 2-12b in Table 2-9.

TABLE 2-9 Maximum Snowdrift Heights

Type of Snowdrift Maximum Height of Snowdrift, &,
Windward snowdrift (i.e., B 1/3 1/4 (2-12a)
snowdrift on the low roof ha = 0'75(\/1)(0’43[11] [pg * 10} B 15]
on the windward side of the
building L; = Length of lower roof > 20 ft.
Leeward snowdrift (i.e., 3 1/3 1/4 (2-12b)
snowdrift on the low roof ha 7(\/173)(0'43[1’[7] [pg * 10} B 1'5) <0.60L;

on the leeward side of the
building L;; = Total length of upper roof > 20 ft.
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6. h,is the larger of the two values calculated from the previous step.
Ifh;<h,usehyin steps 7and 8, but if h; > h,, set h; = h, in steps 7 and 8.

7. The maximum value of the triangular snowdrift load in psf is given as
Psp =7shg (psf) (2-13)
8. This load must be superimposed on the uniform balanced flat roof snow load, p;.
9. The length of the triangular snowdrift load, w, is calculated as follows:
Ifhy <h, w=4hy (ft.) (2-14a)
Ifh;>h., w=4h3/h <8h, (2-14b)

For the case where the actual length of the upper roof, L,, is less than 20 ft, a value of 20 ft
is substituted for L, in calculating s, from equations 2-12a and 2-12b; for this case, the

4y

Where the drift width, w, exceeds the length of the lower roof, L;, the snowdrift load
distribution should be truncated, varying linearly from zero at the edge of the lower roof to a
maximum value of y h; at the face of the high roof wall (ASCE 7 Section 7.7.1) (see Figure 2-5).

S

T Isp Lu actual
value of h, is limited as follows: h; < [ £ 2%

Sliding Snow Load

Where a higher pitched or gable roof is adjacent to a lower flat roof, there is a tendency for snow
to slide from the higher roof onto the lower roof. The ASCE 7 load standard assumes that only
40% of the snow load on the pitched roof will slide onto the lower roof because of the low prob-
ability that the snow load on both the pitched higher roof and the low roof will be at their maxi-
mum values at the same time when the sliding occurs. The magnitude of the snow that slides
from a pitched higher roof (slippery roof with slopes greater than % in./ft. or nonslippery roof
with slopes greater than 2:12) onto a lower flat roof is assumed to be a uniform load, pg;, distrib-
uted over a length of 15 ft. on the lower roof. This snow load is in addition to the flat roof bal-
anced snow load, pj, on the lower roof. However, sliding snow load should not be combined with
or superimposed on drift snow load or unbalanced, partial or rain-on-snow loads [2]. Therefore,
the maximum uniform snow load in psf on a lower roof adjacent to a higher sloped roof, with no
separation between the two buildings, due to balanced snow load on the lower roof and sliding
snow from the upper sloped roof'is equal to p; (ower roo) + Ps1, Where

0.4 pf(upper roof) w pSf

15 ft. (2-15)
0.4 pf (upper roof) w h
=7 snow
15 ft.

DPg1, =

pf(lower roof) + Pgr, = pf (lower roof) +

W = Horizontal distance in feet from the eave to the ridge of the higher roof as shown
in Figure 2-6
L; = Length (in feet) of the lower roof

}, = Difference in height (in feet) between the eave of the higher roof and the top of the
lower roof

by, = Sliding snow load (in psf) on the lower roof

Py (upper roof) = Flat roof snow load in (psf) on the upper roof

Pf ower roof) = Flat roof snow load in (psf) on the lower roof
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FIGURE 2-6 Sliding snow diagram

Where the length of the lower roof, L;, is less than 15 ft., the total resultant sliding snow
load on the lower roof will be proportionally smaller; however, the uniformly distributed sliding
snow load in psfis still calculated using equation (2-15). Note that the total combined snow load
on the lower roof will be limited by the difference in height, &, between the eave of the upper
roof and the top of the lower roof because the snow will be blocked from sliding onto the lower
roof in instances where there is not sufficient height difference.

Horizontal Separation between Multilevel
Adjacent Roofs—Snowdrift

Where two adjacent buildings with different roof heights are separated by a horizontal distance
S (in feet), as shown in Figure 2-7a, that is less than 20 ft. or 6k, the maximum leeward snow-
drift load, Psp, at the edge of the lower roof is the smaller of
vshg, whereh,isbased upon the length, L, of the adjacent higher structure (i e, L= Lupper)
(2-16a)
¥s(6h-S)
6

The maximum depth of the snowdrift, h, is calculated using equation (2-12b) from Table 2-9
and the length of the upper roof, L and £ is the difference in height, in feet, between the two
adjacent roofs. The horizontal extent of this leeward snowdrift on the lower roof is the smaller of

6hg or (6h — S). When S > 20 ft. or 6A, no leeward snowdrift occurs on the adjacent lower roof.
For windward snowdrift on the lower roof adjacent to a taller building, the maximum

upper’

windward snowdrift load, Psp, at the edge of the lower roof is given as

4h,; -S
= h, 2-16b
Psp ( 4h, j?’s d ( )

where the maximum depth of the snowdrift, 7 ;, is calculated using equation (2-12a) from Table 2-9
and the length of the lower roof, L, ., and % is the difference in height, in feet, between the two
adjacent roofs. The horizontal extent of this windward snowdrift on the lower roof is 4h; - S.

When S 2 4h,;, no windward snowdrift occurs on the adjacent lower roof (see Figure 2-7b).
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FIGURE 2-7b Effect of separation between adjacent buildings on
windward snow drift loads on lower roofs

Horizontal Separation between Multilevel
Adjacent Roofs—Sliding Snow

For two separated adjacent buildings with a separation distance S < 15 ft. and the difference in
height, h, between the eave of the higher roof and the top of the lower roof, &~ > S, the sliding
snow on the lower roof is calculated using equation (2-15) with the sliding snow load distributed
over a length of 15-S on the lower roof (see Figure 2-7c). The load per unit length in this case
4 Ps (upper rooty W15 =1S)

15 ft. '
When S > 15 ft. or & < S, no sliding snow load is considered on the adjacent lower roof.

0
will be

These discussions on snowdrift and sliding snow on adjacent lower roofs, even with separa-
tion distances between the buildings, have implications for existing buildings that are adjacent
to proposed new buildings that will be higher in elevation. Other factors such as the exposure of
the lower roof of the existing building (i.e., the C, factor in Equation (2-7)) may also be impacted,
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which may result in increased snow loads on the existing lower roof. In accordance with ASCE
Section 7.12, “owners or agents for owners of an existing lower roof should be advised of the
potential for increased snow loads where a higher roof is to be constructed within 20 ft” of the
existing building.

Windward Snowdrift at Roof Projections

When drifting snow transported by wind is obstructed by a roof projection such as high para-
pets, signs, and rooftop equipment units (RTU), snow will tend to accumulate on both the wind-
ward and leeward sides of the projection. This windward snowdrift load can be neglected if the
width of the roof projection perpendicular to the snowdrift is less than 15 ft. [2]. For all other
cases, the snowdrift load distribution is assumed to be triangular (see Figure 2-8) in shape, with
a maximum magnitude of

Psp = Vshaps (2-17)
Leeward
Windward drift )
drift g High

//Drift roof
Low !—/

roof \—Basic SNow
load (Py)

Parapet RTU—

T

FIGURE 2-8 Snow drift due to roof projections
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where
7s = Density of snow

hq, = Windward snowdrift height at the obstruction = 0.75(4/1 (0.43 [L1"[p, +10]" —1.5) (2-18)

L = The greater of the length of roof on the windward and leeward sides of the roof projec-
tion > 20 ft.

The length of the triangular snowdrift load, w, is determined using equations (2-14a) and
(2-14b). The snowdrift load due to roof projections is neglected when the width of the roof pro-
jection perpendicular to the wind direction is less than 15 ft. Consequently, snowdrift loads do
not need to be considered at rooftop equipment that have a plan size smaller than 15 ft. x 15 ft.

Partial Loading for Continuous and
Cantilevered Roof Beams

In addition to designing continuous or cantilevered flat roof beams for the balanced design roof
snow load, p,, Section 7.5 of ASCE 7 prescribes a pattern of full and partial loading for the design
of continuous beams. It involves applying one-half of the design snow load and the full design
snow load in a checkered pattern that creates maximum load effects. The three different load
cases specified in ASCE 7 are illustrated in Figure 2-9a.

Snow Loads on Hip and Gable Roofs

In addition to designing hip and gable roofs for the balanced design roof snow load, p,, Section 7.6
of ASCE 7 prescribes two unbalanced loading patterns for the design of gable roofs as shown in
Figure 2-9b. These unbalanced loads may govern the design in certain situations and should be
considered in the design, together with the balanced snow load.

full

Wmuh?fmuul
- R

support not present—/
at cantilevers

full

T

e

full

L

e

FIGURE 2-9a Partial loading diagram for continuous roof beams
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FIGURE 2-9b Balanced and unbalanced snow loads for hip and gable roofs

Snow Loads on Other Types of Structural Systems

The snow load caused by ice dams and icicles on the eaves of overhanging roofs is covered in
ASCE 7 Section 7.4.5. The snow load on such roofs is twice the unheated flat roof snow load
(i.e., 2D¢ (unheateq)) @nd should be applied as a uniformly distributed load on the roof overhang
over a length of 5 ft. If the roof overhang is longer than 5 ft., the unheated snow load, p; nheated)
should be applied to the remainder of the roof overhang.

Snow Stockpiling on Parking Garage Roofs

The live load due to stockpiled snow from snow plowing operation on parking garage roofs
during a snowstorm should be considered. Parking garage floors used for passenger vehicles are
usually designed for a live load of 40 psf, but the parking garage roof is designed for additional
loads due to snow. Thus, the roof of parking garages is usually designed for a live load of 40 psf
plus the flat roof snow load, p;. This would amount to a live load on the parking garage roof of
65 psf in Philadelphia and 75 psf in Rochester, New York. Additionally, some area of the parking
garage roof is usually designated to accommodate stockpiled snow from snow plowing operations
during a snowstorm. Those areas of the parking garage roof, which should be clearly identified
on the structural drawings and marked on the finished structure, are subjected to far greater
live loads than other areas of the roof or floors of the parking garage. For example, if a maxi-
mum height of 6 ft of stockpiled snow is specified in some designated areas on the roof framing
plan of a parking garage, the resulting live load on the parking garage roofs for the areas with
stockpiled snow could be as large as 336 psf (i.e.,56 pcf x 6 ft). The density of ice of 56 pcf is
used instead of the density of snow (which is smaller) because of the potential of freezing of the
compacted stockpiled snow and the high probability of clogged roof drains. This is a heavy live
load that must be considered in designing the parking garage roof framing.
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More information on snow loads for other types of roofs such as curved, folded plate, and
dome roofs, and a detailed treatment of structural loads in general can be found in Ref. [18].

EXAMPLE 2-15
Balanced, Snowdrift, and Sliding Snow Load

A building located in an area with a ground snow load of 85 psf has a lower flat roof adjacent to
a pitched higher roof with a 30-degree slope as shown in Figure 2-10. Assume a fully exposed
roof and terrain category C, and a warm roof with C, = 1.0. Assume a Risk Category II building.

e (Calculate the design snow loads for the upper roof using ASCE 7

e (Calculate the design snow load for the lower roof, considering snowdrift and sliding
snow, and

* Determine the most critical average snow loads on beams A and B, assuming a typical
beam spacing of 4 ft.

Solution
High-pitched Roof

The ground snow load, p, = 85 psf

High roof slope, 6 = 30°

From ASCE 7 Table 7.3-1, C, = 0.9 (fully exposed roof and terrain category C)

From ASCE 7 Table 7.3-2, C, = 1.0

With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance
factor, I, from ASCE Table 1.5-2: I, = 1.0

From ASCE-7 Figure 7.4-1(a), for 6 = 30° and with a warm roof, C, = 1.0.
Alternatively, use the equation to calculate C, as follows with 6 = 30°:

C. = %0(70—30) =1.0 1.0, therefore, C,=1.0

s

Flat roof snow load,  prypper =0.7C, G, I p,
=(0.7)(0.9)(1.0)(1.0)(85) = 54 psf

w»
<
AN— parapet
_ NI
— 4' ;(]
LIXIT
beam 'C’'
beam 'A’
beam 'B'
Lu= 80' L[ =100'

FIGURE 2-10 Building section for Example 2-15
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> p,, =20I; =20(1.0) = 20 psf
Design roof snow load for the higher roof,  p, =Cp; = (1.0)(54) =54 psf

Lower flat roof (adjacent to higher pitched roof)
Two load cases will be considered for the lower flat roof: drifting and sliding snow.
Case 1: Balanced Snow Load + Triangular Snowdrift Load

The ground snow load p, = 85 psf

Lower roof slope, 6 =1.2° (i.e., ¥ in. per foot of slope for drainage)

The roof is assumed to be fully exposed and a terrain category C is assumed. (See ASCE 7
Section 26.7.2 for definitions of terrain categories.)

From ASCE 7 Table 7.3-1, exposure factor, C, = 0.9 (fully exposed roof and terrain category C)
From ASCE 7 Table 7.3-2, thermal factor, C, = 1.0

With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance
factor, I, from ASCE Table 1.5-2: I, = 1.0

From ASCE 7 Figure 7.4-1(a), for 8 =1.2°, and assuming a warm roof, C, = 1.0
or C, = 50(70—1.2) =1.72 1.0, therefore, C,=1.0
Flat roof snow load, psoyer =0.7C, C, I p,
= (0.7)(0.9)(1.0)(1.0)(85) = 54 psf
> p,, =201 =20(1.0) = 20 psf
Design roof snow load for the lower roof, p, =C, pr= (1.0)(54) =54 psf

Snowdrift on lower roof:

1. Ground snow load, p, = 85 psf
Density of snow, y, = 0.13 p, + 14 < 30 pcf
7, = 0.13 (85) + 14 = 25 pef < 30 pcf

2. Height of balanced flat roof snow load, &, = by _ o4 pSf2 Bpef = 2.2 ft.
Vs

3. Height difference between the higher roof eave and the top of the lower roof, & = 10 ft.
Additional wall height available for drifting snow, h, = h — h, = 10 ft. — 2.2 ft. = 7.8 ft.

4. h =10ft. > hy = 2.2 ft., and h /h, = 7.8 {t./2.2 ft. = 3.55 > 0.2; therefore, snowdrift
must be considered.

5. The maximum height in feet, A, of the drifting snow is calculated as shown in
Table 2-10:

TABLE 2-10 Maximum Snowdrift Heights

Type of Snowdrift Maximum Height of Snowdrift, 2,
Windward snowdrift (i.e. ( 1/3 1/4 )
> =0.75(~+1.0)(0.43|100 85 +10 -1.5|=3.55ft.
snowdrift on the low roof on the hd 0 ( ) [ ] [ - ]
windward side of the building L = L; = Length of low roof = 100 ft. > 20 ft.
Leeward snowdrift (i.e., _ ( 1/3 1/4 ) _
=(+/1. . 80 85 +10 -1.5|=4.29 ft.
snowdrift on the low roof on the ha ( 1 0) 0 43[ ] [ * ]
leeward side of the building <(0.60)(100 ft) = 60 ft
L = Ly = Total length of upper roof = 80 ft. > 20 ft.
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6. h,; = Larger of the two values calculated from the previous step = 4.29 ft.
Since h; =4.29 ft. < h, =7.8 ft., use h; in steps 7 and 8.

7. The maximum value of the triangular snowdrift load in pounds per square feet is
given as

Psp = rhy =(25 psf)(4.29 ft.) =107 psf.
This load must be superimposed on the uniform balanced flat roof snow load.

8. The length of the triangular snowdrift load, w, is calculated as follows:
Since hy < h,w =4 h; = (4)(4.29 ft.) = 17 ft. (governs) <8 h, = 8 (7.8 ft.) = 63 ft.
The resulting snowdrift load diagram is shown in Figure 2-11a.

Pfupper = Ps = 54pSf

EEREERERRERRRE

*W=—15',
Py, =58psf
P, = 54psf
EEEEENEREN
Sliding snow
Ly, = 80" L; =100

Pfupper = Ps = 54pSf

EEREERERRERRRE

S| he429 NP, = 20psf
he=2.2" (parapet)
Snow drift
L, =80'

FIGURE 2-11a Snow drift and sliding snow diagrams
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Case 2: Balanced Snow Load + Uniform Sliding Snow Load

From Case 1, p; = 54 psf and p; = 54 psf.

Sliding snow load on lower roof:

In accordance with the ASCE 7 load standard, consider the snow that slides from a pitched
roof onto a lower flat roof as equal to a uniform load, pg;, distributed over a length of 15
ft. on the lower roof. This load is superimposed on the flat roof balanced snow load, ps jsyer
for the lower roof.

W = Horizontal distance from eave to ridge of the higher roof = 40 ft. > 15 ft.

0.4 Pt (upper rooty W _0.4 (54psf)(40 ft.)
15 ft. 15 ft.

Dgr, = =58 psf (uniformly distributed over 15 ft. length)

0.4 pf (upper roof) w
15 ft.

pf(lower roof) + Dgy, = pf (lower roof) +

=54+58=112psf <y, ., h = (25 pcf)(10 ft.)= 250 psf; .. use 112 psf

Therefore, the maximum uniform snow load on the lower roof due to sliding snow is
pf(lowerroof) +pSL = 54 + 58 = 112 pSf

The resulting sliding snow diagram is shown in Figure 2-11a. The lower roof structure must
be designed and analyzed for combined balanced snow plus snowdrift and combined balanced
plus sliding snow, to determine the worst case loading on the roof framing members.

Loads on Beams A and B due to Snowdrift

Beam A (see Figure 2-11b)

From similar triangles, the average snowdrift load on beam A is obtained from

Figure 2-11b as

Pave = (17 ft. — 4 ££.)(107 psf /17 ft.) = 82 psf, and

Snowdrift + Balanced snow loads, S = py¢ + py = 82 psf + 54 psf = 136 psf.

Beam B (see Figure 2-11b)

From similar triangles, the snowdrift load midway between beams A and B is obtained
from Figure 2-11b as

Yap = (17 ft. — 2 ££.)(107 psf /17 ft.) = 94.4 psf,
Average snowdrift load on beam B = (107 + 94.4)/2 =101 psf, and
Snowdrift + Balanced snow load, S = Average snowdrift + p, = 101 psf + 54 psf = 155 psf.

Loads on Beams A and B Due to Sliding Snow
Beam A

Sliding snow + Balanced snow loads, S = 58 psf + p, =58 psf + 54 psf =112 psf

This is less than the Snowdrift + Balanced snow load of 136 psf calculated previously for
beam A; therefore, the most critical design snow load for beam A is S, =136 psf.

Beam B

Sliding snow + Balanced snow loads, S = 58 psf + p, =58 psf + 54 psf =112 psf

This is less than the Snowdrift + Balanced snow load of 155 psf calculated previously for
beam B; therefore, the most critical design snow load for beam B is Sy = 155 psf.

The design snow loads will need to be combined with the dead load and all other applicable
loads using the load combinations in Section 2-3 to determine the most critical design loads for
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107 psf~ average drift load = 101 psf average drift load = 82 psf

~94.4 psf
Fi \balanced snow load = 54 psf P \balanced snow load = 54 psf
2ft. | 2 ft.)2 ft.
beam 'B' drift load beam 'A’ drift load

_~—sliding snow load = 58 psf —sliding snow load = 58 psf

| —balanced snow load = 54 psf | —balanced snow load = 54 psf

L

2 ft. 2 ft.]2 ft.

=

beam 'B' sliding snow load beam 'A’ sliding snow load
FIGURE 2-11B Loads on Beam “A” and Beam “B”

the beams. As a practice exercise, the reader should determine the most critical design snow load
for beam C. Will snowdrift or sliding snow control the design for beam C?

Windward Snowdrift Due to Parapet
Use the windward drift equations.

1. Ground snow load, p, = 85 psf
Density of snow, 7 = 0.13 p, + 14 < 30 pcf
7s = 0.13 (85) + 14 = 25 pef < 30 pcf

2. Height of balanced flat roof snow load, 4, = p% = b4 psf = 2.2 ft.
Vs 25pcf

3. Height of parapet, h = 3 ft.
Additional parapet height available for drifting snow, 2, = h — h, = 3 ft. —2.2 ft. = 0.8 ft.

4. h = 3ft. > hy = 2.2 ft., and h /hy, = 0.8 {t./2.2 ft. = 0.36 > 0.2; therefore, snowdrift
must be considered around this parapet.

5. The maximum height in feet, a4, of the drifting snow around the parapet is calculated as
follows:

L = Length of the roof windward of the parapet =100 ft. > 20 ft.
h,;, = Maximum snowdrift height at the parapet

=0.75 ({1,)(0.48 [L]"*[ p, +10]"* - 1.5)
= 0.75(V1.0) (0.43 [100]"[85 +10]"* ~1.5) = 8.55 ft.
6. Maximum snowdrift height at the parapet, hq, = 3.55 ft.
Since hdp = 3.55 ft. > h, = 0.8 ft.; therefore, use hdp = h, = 0.8 ft. for calculating pgp,.

7. The maximum value of the triangular snowdrift load in pounds per square feet at the
parapet is determined as follows:

Psp = Vshap = (25 psf)(0.8 ft.) = 20 psf

This load must be superimposed on the uniform balanced flat roof snow load.
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8. The length of the triangular snowdrift load, w, is calculated as follows:

Since hy, > h,, w=4 h3, [ h, =4 (3.55 ft.)° /0.8 ft. = 63 ft.
<8 h, =8(0.8 ft.) = 6.4ft.
Sw=6.4ft.

The resulting diagrams of snowdrift near the parapet is shown in Figure 2-11a.

EXAMPLE 2-16
Snowdrift Due to Rooftop Units and Parapets

A flat roof warehouse building located in an area with a ground snow load of 50 psf has 3-ft.-high
parapets around the perimeter of the roof and supports a 12-ft. x 22-ft. x 13-ft.-high cooling
tower located symmetrically on the roof (see Figure 2-12). Assuming a partially exposed roof in
a heated building in terrain category C,

* Calculate the flat roof and design snow loads for the warehouse roof using ASCE 7.
* Determine the design snowdrift load around the parapet.

* Determine the design snowdrift load around the cooling tower.

Solution
Flat Roof
Case 1: Balanced Snow Load + Triangular Snowdrift Load

The ground snow load, p, = 50 psf
Roof slope, 6 =1.2° (for % in. per foot of slope for drainage)

X

\ parapet

RTU
L

100'
22'

Building plan

| 100 |

_—RTU
44'

0] ﬂ
parapet

Building section
FIGURE 2-12 Building section for Example 2-16
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The roof is assumed to be partially exposed and terrain category C is assumed. (See ASCE 7
Section 26.7.2 for definitions of terrain categories.)

From ASCE 7 Table 7.3-1, exposure factor, C, = 1.0

From ASCE 7 Table 7.3-2, thermal factor, C, = 1.0
With a Risk Category II assumed from ASCE 7 Tables 1.5-1, we obtain the importance
factor, I, from ASCE Table 1.5-2: I, = 1.0

From ASCE 7 Figure 7.4-1(a) (for 6 =1.2°), and assuming a heated roof, C, = 1.0 or
C. = 41—0(70—1.2) =1.72 < 1.0, therefore, C,=1.0

S

Flat roof snow load, p, =0.7 C,C,I;p, =0.7x1.0x1.0 x 1.0 x 50 = 35 psf
> p; (minimum) = 20(1.0) = 20 psf
Design roof snow load for the flat roof, p; = C; p; =1.0 x 35 = 35 psf

Snowdrift around the Roof Parapet and Cooling Tower:

1. Ground snow load, p, = 50 psf
Density of snow, 7, = 0.13 p, + 14 < 30 pcf
7s = 0.13 (50) + 14 = 20.5 pef < 30 pcf
2. Height of balanced flat roof snow load, &, = p%= 35psf 20.5pcf = 1.71 ft.
3. Height of parapet, h = 3 ft.
Additional parapet height available for drifting snow, h, = b — h, = 3 ft.
—-1.71 ft. = 11.29 ft.
Height of cooling tower, o = 13 ft.
Additional cooling tower height available for drifting snow, h, = h — h, = 13 ft. —
1.71 ft. = 11.29 ft.

4. Parapet:
Parapet height, h = 3 ft. > hy = 1.71 ft., and h /Ry = 1.29 ft./1.71 ft. = 0.75 > 0.2;
therefore, snowdrift must be considered around this parapet.
Cooling Tower:
Cooling tower height, h = 13 ft. > h, = 1.71 ft.,
and A /h, = 11.29 ft./1.71 ft. = 6.6 ft. > 0.2 ft;
therefore, snowdrift must be considered around this cooling tower.

5. The maximum height in feet, h,, of the drifting snow around parapets and cooling
tower is calculated as follows:
Parapet:

L = Length of the roof windward of the parapet =100 ft. > 20 ft.

hdp = Maximum snowdrift height at parapet

_ 0.75(\/1)(0.43 [LT"[p, +10]"" —1.5)
~0.75 (v1.0)(0.43 [100]°[50 + 10]"* ~1.5) = .08 fc.

Cooling Tower:
Since the cooling tower is symmetrically located on the roof, the length of the low roof
on the windward side of the cooling tower is

L =(100 ft. — 12 ft. width of tower)/2 = 44 ft. > 20 ft.;
therefore, use L = 44 ft.
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hg, = Maximum snowdrift height at cooling tower

=0.75(,/1,) (0.43 (L] p, +10]"" - 1.5)
~0.75 (+1.0)(0.43 [44]""[50 + 10]"* - 1.5) = 2 f.

6. Parapet:
Maximum snowdrift height at parapet, /4, = 3.03 ft.
Since hg, = 3.03 ft. > h, = 1.29 ft.; therefore, use hq, = h, = 1.29 ft. for calculating pg,.
Cooling Tower:
Maximum snowdrift height at cooling tower, 24, = 2 ft.
Since hg, = 2 ft. < h, = 11.29 ft.; therefore, use hy, = 2 ft. for calculating pgy,.
7. The maximum value of the triangular snowdrift load in pounds per square feet (psf) is
determined as follows:
Parapet:

Psp = Vshap = (20.5 psf)(1.29 ft.) = 26.4 psf

This load must be superimposed on the uniform balanced flat roof snow load.

Cooling Tower:

Psp = Vshay = (20.5 psf)(2 ft.) = 41 psf

This load must be superimposed on the uniform balanced flat roof snow load.
8. The length of the triangular snowdrift load, w, is calculated as follows:

Parapet:

Since hy, > h,, w=4 h /h, =4 (3.03 ft.)" /1.29 ft. = 28.5 ft.

<8 h, =8(1.29 ft.) =10.3 ft.

~w=10.3 ft.
Cooling Tower:
Since hy, <h,, w=4 hy, =4 (2 ft.) =8 ft.
<8h, = 8(11.29 ft.) =90.3 ft.
~w=8 ft.
The resulting diagrams of the snowdrift near the parapet and the cooling tower are shown
in Figure 2-13.

— P = 41psf | —Py5= 26.4psf
/.
—‘ hy =2 P, = 35psf hy =2
h, =171 T T T 1] hy=171"

/\/\/\

FIGURE 2-13 Snow drift diagram around parapets and roof top units
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BEFETE RAIN LOADS

Rain loads (see ASCE 7 Chapter 8) are applicable only to flat roofs with parapets since accumula-
tion of rain will generally not occur on roofs without parapets or on pitched roofs. The higher the
roof parapet, the greater the rain load. Building codes require that roofs with parapets have two
independent drainage systems—primary and secondary (or overflow) drains at each drain location
[2, 10]. The secondary drain must be located at least 2 in. above the main roof level where the
primary drain is located; the secondary drain is the means for roof drainage if the primary drain
is blocked. The design rain load, R, is calculated based on the assumption that the primary
drainage system is blocked (see Figure 2-14). Thus, the total depth of water to be considered
consists of the depth from the roof surface to the inlet of the secondary drainage (the static head)
plus the depth of water that rises above the inlet of the secondary drainage due to the hydraulic
head of the flowing water.

secondary drain
E/ (scupper)
_dh

dy
1 — | - N
d ﬂ d /—roof surface

D

secondary drain
primary drain (pipe)

(pipe)

FIGURE 2-14 Primary and secondary roof drains

Roof drainage is a structural engineering, architectural, and mechanical engineering or
plumbing issue; therefore, proper coordination is required among these disciplines to ensure
adequate design. For flat roofs with susceptible bays as defined in ASCE 7 Section 8.4, ponding
or the additional rain load due to the deflection of the flat roof framing must also be considered
in the design. Some flat roof structures have failed due to the additional rain load accumulated
because of the deflection of the flat roof framing.

Assuming the primary drainage is blocked, the rain load, R, which is a function of the
static head, the hydraulic head of water, and the drainage area, is given as

R (psf)=5.2(d, +d,,), (2-19)

where

d,= Depth in inches from the undeflected roof surface to the inlet of the secondary
drainage system (i.e., the static head of water),

d;, = Depth of water in inches above the inlet of the secondary drainage or above the top of the
secondary drainage pipe (i.e., the hydraulic head) obtained from ASCE 7 Table C8.3-1.
The hydraulic head is a function of the tributary roof area, A, drained by each drain, the
size of the drainage system, and the flow rate, @. Use ASCE 7 Tables C8.3-3 and C8.3-5
to determine the hydraulic head for rectangular and circular scuppers.

@ = Flow rate in gallons per minute = 0.0104 Az,

A Tributary roof area (in ft.%) drained by a single secondary drain, and

design rainfall precipitation intensity (in inches/hr.) for a 100-year, 15-min duration

™~
I

rainfall for the secondary drainage based on precipitation intensity estimates
obtained from the National Oceanographic and Atmospheric Administration (NOAA)
precipitation frequency data server at the following URL: http://hdsc.nws.noaa.gov.
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Note that the rainfall intensity is based on the 15-minute duration 100-year MRI event, not
the 1 hr. duration 100-year event that was used in previous Codes. The IBC Code Section 1603
stipulates that the rain load must also be listed on the construction documents, in addition to
other pertinent structural loads [32].

EXAMPLE 2-17
Rain Loads

The roof drainage plan for a building located in Avondale, Pennsylvania with a 100-year
15-minute duration precipitation intensity of 5.43 inch/hr. is shown in Figure 2-15.

120'

50’
high point

\

A\ AY A}

Kroof drain \roof drain

(low point) (low point)
FIGURE 2-15 Roof drainage plan

a. Assuming a 4-in.-diameter secondary drainage pipe that is set at 3 in. above the roof
surface, determine the design rain load, R.

b. Assuming a 6-in.-wide channel scupper secondary drainage system that is set at 3 in.
above the roof surface, determine the design rain load, R.

c. Assuming a 24-in.-wide, 6-in.-high closed scupper secondary drainage system that is set
at 3 in. above the roof surface, determine the design rain load, R.

Solution

a. drain size = 4-in.-diameter secondary drainage

d, = Depth in inches from the undeflected roof surface to the inlet of the secondary drain-
age system (i.e., the static head of water) = 3 in. (given)

A = Tributary area of roof drained by one secondary drain

_ 1201t (50 ft.) = 3000 ft.?

i 100-year., 15-min precipitation intensity = 5.43 in./hr. (see NOAA data server)

Q = 0.0104 Ai = (0.0104) (3000 ft.2) (5.43 in.) = 169 gallons/min.

Using ASCE 7 Table C8.3-1 for a 4-in.-diameter secondary drainage system with a
flow rate, @ = 169 gallons/min., we find by linear interpolation from the values in the table
that

d;, = Depth of water in inches above the inlet of the secondary drainage system

(2in.-1.5in.)
(200gallons / min — 150gallons / min)

(169gallons/ min —150gallons / min) +1.5in. = 1.69 in.
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Using equation (2-19), the rain load is
R (psf)=5.2(d, +d;,)=5.2(3 in. + 1.69 in.) = 24.4 psf
(assuming primary drainage is blocked)

b. 6-in.-wide channel scupper

d, = Depth in inches from the undeflected roof surface to the inlet of the secondary drain-
age system (i.e., the static head of water) = 3 in. (given)

A = Area drained by one secondary drainage = 3000 ft.

i = design rainfall precipitation intensity = 5.43 in./hr.

Q = 0.0104 Ai = (0.0104) (3000 ft.?) (5.43 in.) = 169 gallons/min.

Using ASCE 7 Table C8.3-3 for a 6-in.-wide channel scupper secondary drainage with

a flow rate, @ = 169 gallons/min., we find by linear interpolation from the values in the

table that

dj,

Depth of water in inches above the inlet of the secondary drainage system
(5in. - 4in.)
(194 gallons/ min —140gallons/ min)

(169 gallons/min — 140 gallons/min) + 4 in.

= 4.54 in.
Using equation (2-19), the rain load is

R (psf)=5.2(d, +d;,)=5.2 (3 in. + 4.54 in.) = 39.2 psf
(assuming primary drainage is blocked)

c. 24-in.-wide, 6-in.-high closed scupper

d, = Depth in inches from the undeflected roof surface to the inlet of the secondary drain-
age system (i.e., the static head of water) = 3 in.

A = Area drained by one secondary drainage = 3000 ft.2

i = design rainfall precipitation intensity = 5.43 in./hr.

Q = 0.0104 Ai = (0.0104) (3000 ft.?) (5.43 in.) = 169 gallons/min.

Using ASCE 7 Table C8.3-3 for a 24-in.-wide, 6-in.-high closed scupper system with

a flow rate, @ = 169 gallons/min., we find by linear interpolation from the values in the

table that
d;, = Depth of water in inches above the inlet of the secondary drainage
2in. - 1in.
= ( H.l 1 ) — (169 gallons/min — 72 gallons/min) + 1 in.
(200gallons / min — 72gallons / min)

= 1.76 in.
Using equation (2-19), the rain load is
R (psf)=5.2(d, +d),)=5.2(3 in. + 1.76 in.) = 24.8 psf

(assuming primary drainage is blocked)

B RN ICE LOADS DUE TO FREEZING RAIN

The weight of ice formed on exposed structures such as towers, cable systems, and pipes in the
northern parts of the United States due to freezing rain must be accounted for in the design
of these structures (see ASCE 7 Chapter 10); it is quite common in these areas to see downed
power lines and tree limbs due to the weight of accumulated ice loads. Figure 2-16 shows ice
accumulation on exposed tree limbs in Rochester, New York, during an ice storm.

106 — Structural Steel Design, Third Edition




FIGURE 2-16 Ice accumulation on exposed tree limbs (Photo by Abi Aghayere)

Similar ice accumulations occur on exposed structural steel members. The weight of ice on
these structures is usually added to the snow load on the structure.

The procedure for calculating the ice load on a structural element in accordance with ASCE 7
Chapter 10 is as follows:

1. Determine the Risk Category based on the occupancy of the structure from ASCE 7
Table 1.5-1.

2. Determine the 500-year mean recurrence interval (MRI) uniform nominal ice thickness,
¢, and the concurrent wind speed, V,, from ASCE 7 Figures 10.4-2 through 10.4-6.; the
temperature concurrent with the ice thickness caused by freezing rain is obtained from
ASCE 7 Figures 10.6-1 and 10.6-2 or from a site-specific study.

3. Determine the topographical factor, K,; from ASCE 7 Section 26.8
K, =(1+K,K,K, )2 =1.0 for flat land (per ASCE 7 Section 26.8-1), (2-20)

where the multipliers K, K,, and K; account for wind speed-up effect for buildings
located on a hill or escarpment and are determined from ASCE 7 Figure 26.8-1.

4. Using the Risk Category of the structure from step 1, determine the importance factor,
I;, from ASCE 7 Table 1.5-2.

5. Determine the height factor, £, , to account for the increase in ice thickness as the
height above ground increases:

0.10
- (%j <14 (2-21)

where z = Height of the structural member in feet above the ground.

6. The design uniform radial ice thickness in inches due to freezing rain is given as
(see ASCE 7 equation 10.4-5):

ta=t1 f.(K)" (2-22)
7. The weight of ice on exposed surfaces of structural shapes and prismatic members is

calculated in accordance with ASCE 7 Section 10.4.1 as follows:

Ice load, D; =y, 7ty (D, +1t;), in pounds per foot, (2-23)
where
D, = Characteristic dimension, shown for various shapes in ASCE 7 Figure 10.4-1, and
Yice = Density of ice = 56 pef (minimum value per ASCE 7 Section 10.4.1).
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For large 3-D objects, the volume of ice is calculated as follows:

Flat plates: V; = (Anty ) (Area of one side of the plate) (2-24)
A = 0.8 for vertical plates

= 0.6 for horizontal plates
Domes or sphereswithradius,r:V, = nt; x (nr2) (2-25)
The ice load, D;, must now be combined with the dead load and all other applicable loads

in the load combinations from Section 2-3. The load combinations must be modified
according to ASCE 7 Sections 2.3.3 and 2.4.3 when ice loads are considered.

8. Determine the dead load, D, of the structural member in pounds per foot.

10.

11.

12.
13.
14.

15.

Determine the snow load, S on the ice-coated structural member.

Determine the live load, L, on the structural member (e.g., for a pipe transporting
liquid, determine the live load due to the liquid carried in the pipe).

Determine the wind velocity pressure 4. for wind velocity V, in accordance with ASCE 7
Chapter 29.

Determine the wind force coefficients, 4, in accordance with ASCE 7 Section 10.5.
Determine the gust effect factor from ASCE 7 Section 26.9.

Determine the wind-on-ice force, W,, in accordance with ASCE 7 Chapter 29 consider-
ing the increased projected surface area of the ice-coated structural member that is
exposed to wind (see ASCE 7 Chapter 10). The projected area will be increased by £, all
around the perimeter of the exposed structural member.

Calculate the maximum total load using the modified load combinations that includes
ice loading. The LRFD load combinations from Section 2-3 are modified per ASCE 7
Section 2.3.3 to include ice load as follows:

2. 12D + 1.6L + 0.2D, + 0.5S

4a.1.2D + L + D, + W, + 0.5S

4b.1.2D + D;

5. 09D + D; + W,

The ASD or service load combinations with ice load included are as follows:
1. D+ 0.7D;

2. D+ L +0.7D;

3. D+0.7D; + 0.7TW, + S

7. 0.6D + 0.7D; + 0.7W,

EXAMPLE 2-18
Ice Loads (LRFD)

Determine the ice load, dead load, and live load on exposed 50-in.-diameter horizontal steel pipes

for a chemical plant. The pipes have a wall thickness of 1 in. and carry a liquid with a density

of 64 pcf. The top of the pipe is at an elevation of 100 ft. above the ground and the site is flat.
Assume that the snow load is 35 psf, the density of the ice is 56 pcf, the density of the steel is 490
pcf, and the wind load on the pipe has been calculated to be 20 psf. Assume that the 500-year

MRI uniform ice thickness, ¢, due to freezing rain is 1 in.
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Solution

1. Determine the Risk Category of the structure (from ASCE 7 Table 1.5-1):
Chemical plant = Risk Category IV building (from ASCE 7 Table 1.5-1).

2. Determine the nominal ice thickness, ¢, and the concurrent wind speed, V,, from
ASCE 7 Figures 10.4-2 through 10.4-6; and the concurrent temperature from ASCE 7
Figures 10.6-1 and 10.6-2:

t=11n.

(Note: the 500-year MRI uniform ice thickness due to freezing rain was given for this problem)
3. Determine the topographical factor, K,,:
K,=(1+K, K, K, =1.0 for flat land

4. Using the structure category from step 1, determine the importance factor, I;, from
ASCE 7 Table 1.5-2:

I, =1.25.
5. Determine the height factor, £,:

f(z 0410_ 100 0.10
‘ 33 33

=1.12<1.4

o f, =112,
where z = Height of the pipe in feet above the ground = 100 ft.
6. The design uniform radial ice thickness in inches due to freezing rain is calculated as

0.35

ty=tI £ (K,)"™ = (1in)(1.25)(1.12)(1.0)** =1.4 in.

7. The weight of ice on exposed surfaces of a steel pipe is calculated in accordance with
ASCE 7 Section 10.4.1 as follows:

Ice load, D; =y, ity (D, +14)

= (56 pef)(n)(1.4 in./12)(50 in. + 1.4 in.)/12 = 88 Ib./ ft.,

where

D, = Characteristic dimension, shown for various shapes in

ASCE 7 Figure 10.4-1 = 50 in. for 50-in.-diameter pipe,

Yiee =  Density of ice = 56 pcf (minimum value per ASCE 7 Section 10.4.1), and

8. Determine the dead load, D, of the structural member in pounds per foot:

. 2 . . . 2
. ~lin.-1in.
Dead load of pipe, D = “(504“1 ) _r(50in 4”’ in.) }(490 pef /144)
- 524Th./ft

9. The snow load on the ice-coated pipe, S = 35 psf (D, + ¢,)

50 1in. . 1.4 in.
12 12

= 35 psf [
= 150 1b./ft.
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10. Determine the live load, L, of the pipe due to the liquid carried by the pipe:

n(50 in. -1 in. -1 in.)2
(4)(144)
12. Calculate the wind-on-ice load, W; (the wind pressure has previously been calculated
and given as 20 psf, which obviates the need for steps 11 through 13):
W, = (wind pressure) (D, +¢;) = (20 psf) (50in. + 1.4 in.)/12 = 86 Ib./ft.

11. Live load in pipe, L = (64 pef) =805 1b./ ft.

12

13. The ice load, D,, must now be combined with the dead load and other applicable loads to
determine the maximum total factored load on the pipe. The most critical limit states
load combinations for downward-acting loads are calculated using the modified LRFD
load combinations:

1. 14D = 1.4 (524) = 734 1b./ft.
2. 1.2D + 1.6L + 0.2D; + 0.5S
= 1.2 (524) + 1.6 (805) + 0.2 (88) + 0.5 (150) = 2009 1b./ft. (governs)
3. 1.2D + 1.6 (L.or Sor R) + (0.5L or 0.8W)
= 1.2 (524) + 1.6 (150) + 0.5 (805) = 1271 1b./ft.
4a.12D + L + D, + W, + 0.5S8
= 1.2 (5624) + 805 + 88 + 86 + 0.5 (150) = 1683 Ib./ft.
4b.1.2D + D;
= 1.2(524) + 88 = 717 Ib./ft.
5. 09D + D; + W,
= 0.9 (524) + 88 + 86 = 646 lb./ft.
Therefore, the controlling factored-downward load on the pipe for which the pipe will
be designed is 2009 1b./ft.

IE=T] MISCELLANEOUS LOADS
The following miscellaneous loads will be discussed in this section of the chapter:
¢ Fluid loads,
* Flood loads,
e Self-straining loads (e.g., temperature),
* Lateral pressure due to soil, water, and bulk materials,
e Impact loads (see Table 2-11),

e Live loads from miscellaneous structural elements such as handrails, balustrades, and
vehicle barriers (see Table 2-12), and

¢ Construction loads (see Table 2-13 and Ref [5]).

Note that the basic LRFD and ASD load combinations from ASCE 7 presented in Section 2-3
of this text that include dead, live, snow, wind, and seismic loads have been derived from reliabil-
ity analyses that are “supported by an extensive statistical database” [2]. The load combinations
for other loads—including some of those in the following sections—are based more on judgment
rather than on a rigorous engineering analysis and hence they are not included in the basic load
combinations in order to distinguish the load combinations that are based on engineering prin-
ciples from those that are based on judgment [17].
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Fluid Loads, F

The ASCE 7 load standard uses the symbol F' to denote loads due to fluids with well-defined
pressures and maximum heights. This load is separate and distinct from the soil or hydrostatic
pressure load, H, or the flood load, F,. Not much guidance is given in ASCE 7 regarding this load,
but since it has the same load factor as the dead load, D, in the LRFD load combinations, that
would indicate that this load pertains to the weight of fluids that may be stored in a building or
structure (e.g., storage tanks).

TABLE 2-11 Impact Factors

Type of load or equipment supported by the structural member Impact factor*
Elevator loads See ASME A17
Elevator machinery See ASME A17
Hoists for fagade and building maintenance equipment 2.5
Light machinery or motor-driven units 1.2
Reciprocating machinery or power-driven units 1.5
Monorail cranes (powered) 1.25
Cab-operated or remotely operated bridge cranes (powered) 1.25
Pendant-operated bridge cranes (powered) 1.10
Bridge cranes or monorail cranes with hand-geared bridge, trolley, 1.0

and hoist

TAl equipment impact factors shall be increased where larger values are specified by the equipment manufacturer.

TRef: ASCE 7 Sections 4.6.3, 4.6.4, and 4.9.3.

TABLE 2-12 Live Loads on Miscellaneous Structural Elements

Structural element Live load
Handrails and balustrades 50 lb./ft. applied at the top along the length of the handrail or

balustrade in any direction, or a single concentrated load of
200 1b. applied in any direction at any point

Grab bar Single concentrated load of 250 lb. applied in any direction at
any point
Vehicle barriers for passenger cars 6000 Ib. of horizontal load applied in any direction to the

barrier system, acting at between 18 in. and 27 in. above the
floor or ramp surface over an area of 1 ft.2

Fixed ladders with rungs Single concentrated load of 300 lb. applied at any point
to produce maximum load effect plus additional 300 1b. of
concentrated load for every 10 ft. of ladder height

Rails of fixed ladders extending Concentrated load of 100 lb. in any direction, at any height
above floor or platform

Ship ladders with treads instead of Live load similar to stairs (typically 100 psf (see ASCE 7 Table
rungs 4.3-1)

Anchorage for attachment of fall Required unfactored live load = 3100 Ib.
arrest equipment

Adopted from ASCE-7, Section 4.5.
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TABLE 2-13 Construction Live Loads

Type of construction Construction live load (psf)
Very light duty construction 20
Light duty construction 25
Medium duty construction 50
Heavy duty construction 75

Flood Loads, F,

This pertains to flood loads acting against a structure, but most building structures are not
subjected to flood loads, except for buildings in coastal regions. The individual flood load com-
ponents that make up F, include hydrostatic, hydrodynamic, wave, and debris impact loads.
The procedures for calculating these individual flood load components are covered in Chapter 5
of ASCE 7. For load combinations, including flood load, F,, refer to ASCE 7 Section 2.3.2. Note
that a high load factor of 2.0 is used on F, in the flood load combinations in ASCE Section 2.3.2
because of the relative lack of information on flood loads. More information on how to combine
the individual flood load components that make up the flood load, F,, can be found in Ref.
[15, 16]. In designing buildings for flooding in coastal regions (e.g., ocean-front buildings), the
first habitable floor level must be located above the design flood elevation (DFE) which can be
obtained from Ref. [28]. Below the DFE level, all walls are designed to withstand wind forces,
but any non-structural wall must be designed to “break away” under flooding loads because the
flood must be able to “flow through” the building below the DFE level. The lowest floor level in
these buildings are typically used as open parking areas [27, 28].

Self-Straining Force, T

Self-straining loads (e.g., temperature) arise due to the restraining of movement in a structure
caused by expansion or contraction from temperature or moisture change, creep, or differential
settlement. If these movements are unrestrained, the temperature force is practically zero. This is
the case for most building structures, except for posttensioned members, where restrained shrink-
age could lead to self-straining loads in the member. Some cladding systems, when subjected to
expansion due to temperature effects, could develop sizable self-straining forces, but these could be
alleviated by proper detailing of the cladding connections. An example of the effect of self-straining
force due to temperature changes was previously discussed in Section 1-3 and in Example 1-1.

Lateral Pressure Due to Soil, Water, and Bulk Materials, H

Lateral and hydrostatic pressures of soil on retaining walls and the lateral pressures exerted by
bulk solids against the walls of bins and silos are denoted in ASCE 7 by the symbol H. This nota-
tion is also used to denote the upward hydrostatic pressures on base slabs and foundation mats
of buildings since these upward forces usually act simultaneously with the lateral hydrostatic
or soil pressures, depending on the elevation of the water table. An example on the calculation
of the net buoyancy uplift force on an underground storage tank was previously illustrated in
Example 2-10.

Impact Loads

Impact loads are dynamic loads that are caused by the sudden application of a live load on a
structure. This can be caused either by a load dropping onto a structure or a crane suddenly
picking up a load, or from the wheels of a vehicle or a crane hitting bumps in a bridge or crane
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girder resulting in an increased vertical load on the structure; the resulting amplification of the
static live load is called the impact factor. Structures subject to impact loads include bridges and
industrial crane-supporting structures. Only live loads can cause impact; therefore, only the live
load is amplified by the impact factors. Thus, the service live load for the structure is the static
live load multiplied by an impact factor, which may range from 1.25 to greater than 2.0, depend-
ing on the cause of the impact and the elevation of the object relative to the structure. For struc-
tures subjected to impact loads from falling objects, the impact factor may be much larger than
2.0, depending on the height of the falling object above the structure. Examples of minimum
impact factors specified in ASCE 7 are as shown in Table 2-11. For the calculation of the loads
and the design of bridge crane girders and crane runway girders and supporting columns, the
reader should refer to Ref. [31].

Extraordinary Event Loads

The ASCE 7 load standard provides load combinations for extraordinary events such as explo-
sions, fires, and vehicular impacts, which have a low probability of occurrence (see ASCE 7
Section 2.5). The load combination for checking the strength and stability of the structure under
these events is (0.9 or 1.2)D + A, + 0.5L + 0.2S, where A is the load effect arising from the
extraordinary event.

After a damaging event occurs, the load combination for checking the residual load bearing
capacity of the damaged member is (0.9 or 1.2)D + 0.5L + 0.2 (L, or S or R). The load factor of
0.9 is used for D when the dead load, D, counteracts the primary variable load, A,, and a load
factor of 1.2 is used for D when D is additive to the primary variable load, A,.

VERTICAL AND LATERAL DEFLECTION, AND
LATERAL ACCELERATION CRITERIA

Vertical Deflection Limits

The limits on vertical deflections due to gravity loads are performance objectives intended
to ensure occupant comfort and to ensure the functionality of, and prevent excessive crack-
ing of, plaster ceilings, architectural partitions and finishes, and supported exterior cladding.
These deflection limits are typically specified in terms of the joist, beam, or girder span, and
the deflections are calculated based on elastic analysis of the structural member under service
or unfactored loads. The service loads, instead of the factored loads, are used in the deflection
calculations because under the ultimate limit state, when failure is imminent, deflection of the
structure is no longer important. The maximum allowable deflections recommended in IBC,
Table 1604.3 are as follows [4]:

Maximum allowable floor deflection due to service live load < SLE’
Maximum allowable floor deflection due to service total dead plus live load < ;ﬁ’
Maximum allowable roof deflection due to service live load < SLE’ and

Maximum allowable roof deflection due to service total dead plus live load < Z{JTO’

where
L = Simple span length of the flexural member.
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The roof framing deflection limits presented above assume that the roof structural mem-
bers support deflection-sensitive elements such as plastered ceiling which would crack under
excessive deflections. See Table 6-4 in Chapter 6 for more beam deflection limits. For members
that directly support masonry wall partition or cladding, and glazing (e.g., spandrel beams and
girders, or interior beams and girders directly supporting a partition wall), the allowable total
deflection due to the weight of the cladding or partition wall plus the superimposed dead load
plus the live load should be limited to ﬁ or 0.3 in., whichever is smaller, to reduce the likelihood
of cracking of the masonry cladding or partition wall or glazing [7].

It should be noted that the most critical deflection is the deflection that occurs after the
cladding is in place (i.e., the live load deflection) because as the masonry cladding or glazing is
being installed, the beam or girder would deflect, and the cladding will tend to conform to the
shape of the deflected member, and any curvature in a masonry wall cladding can be corrected at
the mortar joints by the mason. For prefabricated members or composite steel beams and gird-
ers, a camber is sometimes specified to help control the total deflection. To avoid too much cam-
ber, it is common practice to specify a camber approximately equal to the dead load deflection of
the structural member, but no less than % inch. Support restraints should also be considered in
determining the required camber and this is discussed in Chapters 6 and 7.

For operable partition walls, the deflection limit should be obtained from the operable par-
tition wall manufacturer’s data sheet. A typical maximum deflection limit for operable walls
under superimposed loads is 1/8 in. per 12 ft. of wall length, or a maximum vertical deflection
limit of L/1152, where L is the span of the beam or girder supporting the operable wall, and the
“1152” in the denominator is obtained from (12 ft.)(12 in./ft)/0.125 in. = 1152 [6].

Lateral Deflection Limits

The deflection limits discussed thus far are for vertical deflections due to gravity loads. There
are also performance objectives for the lateral deflections in buildings. These are expressed as
limits on the total lateral or horizontal deflection of steel buildings and the inter-story drift
caused by wind or seismic loads. These performance objectives are intended to ensure occu-
pant comfort, the proper functioning of elevators, prevention of cracking and reduced func-
tionality of the interior partition walls and exterior cladding panels [14]. The wind load used
for serviceability considerations is a matter of engineering judgement and should be decided
in consultation with the client [2] and the exterior cladding supplier. The serviceability wind
speed that could be used to check the lateral drift limits in buildings include the unfactored
10-year mean return interval (MRI) wind speed, or the 50-year MRI wind speed, or the
100-year MRI wind speed.

The unfactored 3-second gust wind speeds in Exposure C for the 10-year MRI, 25-year MRI,
50-year MRI, and 100-year MRI, respectively, are presented in Figures CC.2-1 through CC.2-4 in
Appendix CC of the ASCE 7 Commentary [2]. Note that the 700-year MRI or the 1700-year MRI
or the 3000 MRI 3-second gust wind speeds from Figures 26.5-1B, 26.5-1C and 26.5-1D in Ref.
[2] should not be used to check serviceability because these wind speeds are at the factored load
level and would be too conservative for serviceability considerations.

The overall drift and inter-story drift limits vary between 1/800 to 1/400 of the overall
height of the building, and 1/250 to 1/500 of the floor-to-floor height of the building under a
10-year wind, respectively. The Canadian Standards Association (CSA) Steel Code indicates
that the maximum total drift due to service wind loads be limited to 1/400 of the total build-
ing height and the inter-story drift be limited to 1/500 of the floor-to-floor height for build-
ings with brick cladding, and 1/400 for all others [8]. It is common practice among some
designers to use the preceding lateral drift limits for typical buildings under the 10-year MRI
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wind speed. [9]. Others have recommended using a maximum inter-story drift of 1/600 of the
floor-to-floor height under a 20-year MRI wind speed or between 1/300 and 1/500 of the floor-
to-floor height under a 50-year MRI wind speed [14]. The most commonly used inter-story and
total lateral deflection limit for tall buildings appears to be 1/400 under a 50-year MRI wind
speed [14]. In the author’s experience, inter-story and total lateral deflection limit of 1/400
under a 10-year MRI wind speed will suffice for low to mid-rise buildings. For more deflection
sensitive buildings (e.g., super tall and slender buildings), a 100-year MRI 3-second gust wind
speed (see Figure CC.2-4 of the ASCE 7 Commentary [2]) should be used. For example, the fol-
lowing stringent lateral deflection criteria were used for the serviceability design of a 55-story
high-rise building [30]:

* Overall lateral displacement at the top of the building = H/500 under a 100-year MRI
wind, where H is the total height of the building.

* Inter-story drift limit = 4/350 under a 100-year MRI wind, where £ is the floor-to-floor
or story height.

* Inter-story drift limit of 4/50 or 0.022 under strength-level seismic forces

The Petronas Towers in Kuala Lumpur, Malaysia, comprising 1483 ft. tall twin buildings
of 88 stories, used a maximum total lateral deflection limit of H/560 under a 50-year MRI
wind [14].

The lateral deflection limits prescribed in ASCE 7 for seismic loads are much higher than
the lateral deflection limits commonly used by designers in practice for wind loads, and the seis-
mic deflection limits are calculated using strength-level (i.e., factored) seismic forces because
the design philosophy for earthquakes focuses on life safety and not on serviceability conditions.
The seismic lateral deflection limits are given in ASCE 7 Table 12.12-1 [2].

Lateral Acceleration Limits

Satisfying the lateral deflection criteria for multi-story buildings may not be sufficient to assure
the comfort of building occupants, therefore, lateral acceleration performance criteria are also
required to ensure the comfort of tall building occupants during high wind events. These per-
formance criteria, which are measured in terms of acceptable lateral accelerations, are meant to
minimize motion or seasickness of occupants in tall slender buildings during windstorm events.
One industry-accepted lateral acceleration criteria prescribe a maximum peak lateral accelera-
tion of 15 to 18 milli-g for residential buildings and 20 to 25 milli-g for office buildings under a
10-year mean return period (MRI) wind event [25, 26]. The lateral acceleration of a building is
dependent on its lateral stiffness, and its mass and damping. For tall slender buildings, the accel-
eration cannot be controlled by stiffness alone, and since the mass or dead weight of the building
is fixed, the only efficient way available to control the motion of the building is increasing the
damping which reduces the lateral acceleration of the building. The types of damping systems
used in tall slender buildings to minimize lateral accelerations due to wind forces include tuned
liquid sloshing dampers (filled with water) and tuned mass dampers (TMD) — a heavy mass and
spring system [25, 26]. These damping systems are usually installed at the highest floor level
of the building, and they minimize the lateral accelerations from wind by opposing the building
motion caused by wind [35]. Though they help to control the lateral vibrations in the building,
these damping devices are heavy, and they increase the weight on the building which has to be
taken into account in calculating the seismic loads on the building; in addition, they occupy large
floor areas that cannot be leased out for living occupancies and therefore, these spaces will not
be revenue generating.
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Exercises
2-1. Define the term “limit state.” What is the difference between the ASD method and the
LRFD method?

2-2. What are the reasons for using resistance factors in the LRFD method? List the resistance
factors for shear, bending, tension yielding, and tension fracture.

2-3. a.Determine the factored axial load or the required axial strength, P,, of a column in an
office building with a regular roof configuration. The service axial loads on the column
are as follows:

Pp, =200 kips (dead load)

P;, =300 kips (floor live load)
Pg =150 kips (snow load)

Py, =+ 60 kips (Wind load)
Py =+ 40 kips (seismic load)
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b. Calculate the required nominal axial compression strength, P,, of the column.

2-4. a. Determine the ultimate or factored load for a roof beam subjected to the following ser-
vice loads:

Dead load = 29 psf (dead load)
Snow load = 35 psf (snow load)

Roof live load = 20 psf
Wind load = 25 psf upward
15 psf downward

b. Assuming a roof beam span of 30 ft. and a tributary width of 6 ft., determine the fac-
tored moment and shear.

2-5. List the floor live loads for the following occupancies:
* Library stack rooms,
¢ C(Classrooms,
* Heavy storage,
* Light manufacturing, and
* Offices.

2-6. Determine the tributary widths and tributary areas of the beams, girders, and columns in
the roof framing plan shown in Figure 2-17.

9" overhang 32'-0" 32'-0"
(typ.) \’,_ _________________________________________
[l T I
A
| corner column interior beam =C,>
T =
: N
|
sl
SRS i T
| A
! | "~ interior column | £
| &
|
| —
& — L —%
|
|

interior girder

FIGURE 2-17 Roof framing plan for Exercise 2-6

Assuming a roof dead load of 30 psf and an essentially flat roof with a roof slope of '/, in./ft.
for drainage, determine the following loads using the ASCE 7 load combinations. Neglect
the rain load, R, and assume the snow load, S, is zero:

Uniform dead and roof live loads on the typical roof beam in pounds per foot.
Concentrated dead and roof live load reactions on the typical roof girder in pounds.
Total factored axial load on the typical interior column in pounds.

o

d. Total factored axial load on the typical corner column in pounds.

2-7. A three-story building has columns spaced at 18 ft. in both orthogonal directions and is
subjected to the roof and floor loads listed below. Using a column load summation table,
calculate the cumulative axial loads on a typical interior column with and without live load
reduction. Assume a roof slope of 1/4 in./ft. per foot for drainage.
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Roof Loads:
Dead load, D, . =20 psf

roof —

Snow load, S = 40 psf

Second- and Third-Floor Loads:
Dead load, Dy, =40 psf

Floor live load, L = 50 psf

2-8. a. Determine the dead load (with and without partitions) in pounds per square foot of
floor area for a steel building floor system with W24 x 55 beams (weighs 55 1b./ft.) spaced
at 6 ft. 0 in. o.c. and W30 X 116 girders (weighs 116 lb./ft.) spaced at 35 ft. on centers. The
floor deck is 3.5-in. normal weight concrete on 1.5 in. X 20 ga. composite steel deck.
¢ Include the weights of 1-in. light-weight floor finish, suspended acoustical tile ceiling,

mechanical and electrical equipment (assume an industrial building), and partitions.

* Since the beam and girder sizes are known, you must calculate the actual weight, in
pounds per square foot, of the beam and girder by dividing their weights in in. pounds
per foot by their tributary widths.

b. Determine the dead loads in kips/ft. for a typical interior beam and a typical interior
girder. Assume that the girder load is uniformly distributed.

c. Ifthe floor system is to be used as a heavy manufacturing plant, determine the control-
ling factored loads in kips/ft. for the design of the #ypical interior beam.

d. Determine the factored concentrated loads on the #ypical interior girder.

* Use the LRFD load combinations.
* Note that partition loads need not be included in the dead load calculations when
the floor live load is greater than 80 psf.

e. Determine the factored shear, V,, and the factored moment, M,,, for a typical beam and
a typical girder.

* Assume that the beams and girders are simply supported.
* The span of the beam is 35 ft. (i.e., the girder spacing).
* The span of the girder is 30 ft.

2-9. The building with the steel roof framing shown in Figure 2-18 is in Rochester, New York.

20" 20" 20' 20' 40'
3 equal 3 equal 4 equal 5 equal
spaces spaces spaces spaces

20

Plan

20'

Elevation

FIGURE 2-18 Roof plan and building elevation for Exercise 2-9
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Assuming terrain category C and a partially exposed roof, and a ground snow load of
35 psf, determine the following:

a. Balanced snow load on the lower roof, p;.

b. Balanced snow load on the upper roof, py.

c. Design snow load on the upper roof, p,.

d. Snow load distribution on the lower roof, considering sliding snow from the upper
pitched roof.

e. Snow load distribution on the lower roof considering drifting snow.

f. Factored dead plus snow load in pounds per foot for the low roof beam A shown on the
plan. Assume a steel-framed roof and a typical dead load of 29 psf for the steel roof:

g. Factored moment, M,,, and factored shear, V,, for beam A.
Note that the beam is simply supported.

h. For the typical interior roof girder nearest the taller building (i.e., the interior girder
supporting beam A, in addition to other beams), draw the dead load and snow load dia-
grams, showing all the numerical values of the loads in pounds per foot for:

1. Dead load and snowdrift loads, and
2. Dead load and sliding snow load.

Assume that for the girder, the dead load, flat roof snow load, and sliding snow load will be

uniformly distributed, and the snowdrift load will be a linearly varying (trapezoidal) load.

i. For each of the two cases in problem h, determine the unfactored reactions at both
supports of the simply supported interior girder due to dead load, snow load, and the
factored reactions. Indicate which of the two snow loads (snowdrift or sliding snow) will
control the design of this girder.

2-10. An eight-story office building consists of columns located 30 ft. apart in both orthogonal

directions. The roof and typical floor gravity loads are as follows:

Roof Loads:

Dead load = 80 psf

Snow load = 40 psf

Floor Loads:

Floor dead load =120 psf

Floor live load = 50 psf

a. Using the column tributary area and a column load summation table, determine the
total unfactored and factored vertical loads in a typical interior column in the first
story, neglecting live load reduction.

b. Using the column tributary area and a column load summation table, determine the
total unfactored and factored vertical loads in a typical interior column in the first
story, considering live load reduction.

c. Develop an Excel spreadsheet to solve problems (a) and (b), and verify your results.

2-11. Use the following framing plan and floor section (see Figure 2-19):

Framing members

Interior beam: W16 x 31

Spandrel beam: W21 X 50

Interior girder: W24 X 68
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FIGURE 2-19b Floor framing plan

Floor deck: refer to manufacturers catalog based on the detail. Provide the reference.
Assume office occupancy, L = 50 psf

Determine the floor dead load in psf to the interior beam.

Determine the weight of the perimeter wall (brick and stud wall) in plf.

Determine the service dead and live loads to the spandrel and interior beams in plf.
Using the LRFD load combinations, determine the factored loads to the spandrel and
interior beams in plf.

e. Determine the factored maximum moment and shear in the to the spandrel and inte-

pe o

rior beams.
f. Determine the factored loads to the interior girder.
g. Determine the factored maximum moment and shear in the interior girder.
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2-12. Refer to the following details in Figure 2-20.

eq. eq.

| ]
{ L {
FIGURE 2-20 Beam loading for Exercise 2-12

Given Loads (Exercise 2-12):

Uniform Load, w Concentrated Load, P
D = 500 plf D=11k

L = 800 plf S=15k

S = 600 plf W=+12kor-12k
Beam length = 25 ft. E=+8kor-8k

Determine the following:

a. Describe a practical framing scenario where these loads could all occur as shown in
Figure 2-20.

b. Determine the maximum moment for each individual load effect (D, L, S, W, and E)

c. Develop a spreadsheet to determine the worst-case bending moments for the code-
required load combinations.

2-13. Refer to the following details in Figure 2-21.

Given:

Beam is HSS8 x 8 x %, length = 28 ft.

Pipe 6 STD is hung from the beam and is full of water (assume load is uniformly distributed).

5" thick ice is around the HSS8 x 8 and P6

Find:

a. The uniform load in plf for each load item (self-weight, ice, and water)

b. The maximum bending moment in the beam.

l l l l l | l l HSS8x8 beam

L ] Hangers
+ / + (neglect wt.)
| L / | P6 STD

HSS8x8 beam:

FIGURE 2-21 Beam loading for Exercise 2-13
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2-14. Refer to the following details in Figure 2-22.

By
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FIGURE 2-22 Roof framing plan for Exercise 2-14

Assuming a roof dead load of 25 psf and a 25° roof slope, determine the following using the
IBC-factored load combinations. Neglect the rain load, R and assume that the snow load S
is zero:

a. The tributary areas of B1, G1, C1, and W1.

b. The uniform dead and roof live load and the factored loads on B1 in plf.

c. The uniform dead and roof live load on G1 and the factored loads in plf.
(assume G1 is uniformly loaded).

d. The total factored axial load on column C1 in kips

e. The total factored uniform load on W1 in plf (assume a tributary length of 50 ft.).

2-15. A three-story building has columns spaced at 25 ft. in both orthogonal directions, and is
subjected to the roof and floor loads shown below. Using a column load summation table,
calculate the cumulative axial loads on a typical interior column. Develop this table using
a spreadsheet.

Roof Loads: second and third floor

Dead, D = 20 psf loads:

Snow, S = 45 psf Dead, D = 60 psf
Live, L = 100 psf

NOTE: All other loads not shown are taken as zero.

2-16. Using the floor plan as shown in Figure 2-23, assume a floor live load, L, = 60 psf.
Determine the tributary areas and the design floor live load, L, in psf by applying a live
load reduction, if applicable. Assume the slab overhangs the perimeter beams by 9".

B-1, interior beam
B-2, spandrel beam

G-1, interior girder (assume point loads)
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C-1, interior column

C-2, corner column

40'-0" 400"
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FIGURE 2-23 Roof framing plan for Exercise 2-16

2-17. Refer to the following details in Figure 2-24.

12
10 /asphalt shingle roof

160 ft. L0 L6

FIGURE 2-24 Roof framing plan for Exercise 2-17

Location: Massena, NY; elevation is less than 1000 ft.

Total roof dead load, D = 25 psf

Ignore roof live load; consider load combination 1.2D + 1.6S only
Use normal temperature and exposure conditions

Length of B-1 and B-2 is 30 ft.

Determine the following:

a. Flat roof snow load and sloped roof snow load in psf.
b. Sliding snow load in psf.
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c. The depth of the balanced snow load and the sliding snow load on B-1 and B-2 in feet.
d. Draw a free-body diagram of B-1 showing the service dead and snow loads in plf.
e. Find the factored moment and shear in B-1.

2-18. Refer to the following details in Figure 2-25.

leeward drift windward drift
—_——— i —-

- J-1
Z TW = 8ft.
/ L = 100ft.
1150 ft. 1-200 fi.
A

FIGURE 2-25 Roof framing plan for Exercise 2-18

Location: Pottersville, NY; elevation is 1500 ft.

Total roof dead load, D = 20 psf

Ignore roof live load; consider load combination 1.2D + 1.6S only

Use normal temperature and exposure conditions

Determine the following:

a. Flat roof snow load in psf

b. Depth and width of the leeward drift and windward drifts; which one controls the
design of J-1?

c. The depth of the balanced snow load and controlling drift snow load. Draw a free-
body diagram of J-1 showing the service dead and snow loads in plf.

d. Determine the maximum factored moment and shear in J-1 (analysis to be done using
a computer program or by hand).

2-19. An interior column in a multistory office building with a 50 psf live load supports a total
cumulative floor tributary area of 7200 ft%. Calculate the reduced floor live load (in psf)
that will be used for the design of the bottom story column.

2-20. Calculate the flat roof snow load, Py, in psf for a police station in an area where the ground
snow load is 75 psf. The building is heated and has a flat roof that is partially exposed.
Assume Terrain Category “C.”
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HAPTER

Lateral Loads and .
Lateral Force Resisting Systems

LATERAL LOADS ON BUILDINGS

The types of lateral loads that act on structures include wind loads, seismic loads, lateral earth pressure,
and hydrostatic pressures. These loads produce the following load effects in the structure: overturning
moment, sliding or base shear, and uplift forces. In this text, only the two main types of lateral loads -
wind and seismic loads - will be discussed.

Wind Loads—Cause and Effect

All exposed structures are acted upon by wind pressures (see Figure 3-1), and as the wind flows around
a structure, the surface nearest to the wind direction (i.e., the windward face) is acted on by a positive
wind pressure (i.e., the wind is “pushing” into the wall surface); the surface opposite the wind direction
(i.e., the leeward face) is acted on by a negative wind pressure (i.e., suction, which implies that the wind
is “pulling” away from the wall surface). The side walls of the building will be subjected to suction, while
the roof will be mostly subjected to suction or uplift pressures, though there are areas of the roof that
may be subjected to downward acting wind pressures.

Wind is a dynamic force, but for simplicity and convenience, the lateral wind pressure is represented
in ASCE 7 [1] by an equivalent static pressure, P = ¢gGC,), in psf, and this wind pressure is proportional
to the velocity wind pressure, ¢, the gust response factor, G, and the shape-dependent pressure coef-
ficients, C, [1]. The velocity wind pressure, g, is a function of the wind speed and is represented by the
Bernoulli equation as follows [1]:

1
q=5CpV* (3-1)

where, C is a constant that accounts for the drag coefficient and the shape factor of the building, and p
is the mass density of air given as 0.002378 slugs/ft? or 0.002378 Ib-s%/ft/ft>. Since the wind speed, V, is
usually specified in miles per hour (mph), and the velocity wind pressure is usually expressed in psf, we
can rewrite equation (3-1) with these appropriate units and the appropriate unit conversions to obtain
the velocity pressure as follows:

52801t
3600 s

2
q (psf) = 30(0.002378110.52 /£6.%) VZ( J =0.00256CV”> (3-2)
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FIGURE 3-1 Wind pressures on building surfaces

Where,

g = velocity pressure in Ib/ft? or psf

V = wind speed in mph

Thus, the velocity pressure, g (inpsf), is proportional to the square of the 3-second gust
wind speed (in mph) and is a function of the topography, the building height, the building Risk
Category (RC), the building stiffness and hence its frequency, and the percentage of wall open-
ings in the building. Using a form of equation (3-2), the velocity pressure, in psf, is given in the
ASCE 7 load standard [1] as

q (psf) =0.00256K_K_,K,K,V* (3-3)

K, = velocity pressure exposure coefficient (see ASCE 7 Table 26.10-1)

K_ = topographic factor (see ASCE 7 Figure 26.8-1)

K, = wind directionality factor (see ASCE 7 Table 26.6-1)

K, = ground elevation factor (see ASCE 7 Section 26.9 and Table 26.9-1). This factor
accounts for the lower mass density of air as the height above sea level of the ground surface
level increases. It leads to lower wind pressures for structures at locations with higher ground
elevations (e.g., Denver, Colorado) [15].

V = 3-second gust wind speed (ASCE 7 Figures 26.5-1A through 26.5-1D and 26.5-2A through
26.5-2D), in mph. Note that these are ultimate or factored wind speeds and the Risk Categories
(RC) and the loads factors and importance factors are built into the mapped 3-second wind speed
values, therefore, the maximum load factor for wind is taken as 1.0.

The wind pressures act perpendicular to the building surfaces. The minimum exterior wind
pressure is 16 psf per ASCE 7 and per IBC Section 1607.14, the minimum interior horizontal
wind pressure for the design of interior walls and partitions is 5 psf [6]. Note that the interior
walls and partitions in open buildings (e.g., buildings with multiple large openings such as load-
ing dock overhead doors that may remain open in a wind event) may need to be designed for
pressures higher than 5 psf because the interior walls may be subjected to increased pressures
from the exterior wind pressures that are transmitted to the interior of the building through
the large openings.

Buildings are also subjected to in-plane torsional moments due to wind, and these in-
plane torsional moments must be calculated using the wind load cases presented in ASCE 7
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Figure 27.3-8. For checking serviceability conditions under wind loads, such as drift limits, a dif-
ferent set of wind velocity maps are presented in Appendix CC of ASCE 7 Commentary [1], and
see also Section 2-14.

Special attention should be paid to canopy or open structures (e.g., gas station structures)
because these structures are susceptible to large upward wind pressures that may lift the roof
off the building, and the wind pressures on canopies or overhangs of buildings are usually much
higher than at other parts of the building.

Seismic or Earthquake Loads—Cause and Effect

Earthquakes are caused by the relative movement of the tectonic plates in the earth’s crust, and
these movements, which occur suddenly, originate at planes of weaknesses in the earth’s crust
called faults (e.g., the San Andreas fault), causing a release of the stress that has been built
up, resulting in a release of massive amounts of energy [2]. This energy causes ground motion,
which results in the vibration of buildings and other structures. Although earthquake action
cause motion in all directions, only the horizontal and vertical motions are of the most signifi-
cance to buildings and bridges.

The point at which the earthquake originates within the earth’s crust is called the hypocen-
ter, and the point on the earth’s surface directly above the hypocenter is called the epicenter.
The magnitude of earthquakes is measured by the Richter scale, which is a logarithmic measure
of the maximum amplitude of the earthquake-induced ground vibration as recorded by a seismo-
graph. The higher the Richter number, the stronger the earthquake, though the damage done
to structures by an earthquake of a relatively lower Richter number, but of a longer duration,
may be as severe as the damage from an earthquake of a higher Richter number, but of a shorter
duration. The amount of damage from an earthquake is also dependent on the distance of the
structures from the epicenter of the earthquake. Another measure of the damage potential of an
earthquake is the Modified Mercalli Intensity (MMI), which is a qualitative human assessment
of the damage potential of an earthquake in contrast to the Richter scale which is a quantitative
measurement [1, 12].

The theoretical elastic dynamic force exerted on a structure by an earthquake is obtained
from Newton’s second law of motion as follows:

F=V= Ma:(yja:W(gj, (3-4)
g g
where
V = the force induced at the base of a structure due to the ground acceleration (i.e., the
base shear)
M = Mass of structure,
a = ground acceleration of the structure induced by the earthquake,
g = Acceleration due to gravity,
a/g = Seismic coefficient, and

W = Weight of the structure.

The ASCE 7 Load Standard uses a modified version of equation (3-4) together with a design
response spectrum to determine the seismic base shear on a structure. The code equation consid-
ers the damping (or internal friction of the material), structural and foundation properties. The
base shear, V, is then converted to some Code-calculated static lateral force at each floor level
of the building. It should be noted that the lateral forces measured in buildings during actual
earthquake events are usually greater than the code equivalent lateral forces (see Figure 3-2)
[1, 20]. However, experience indicates that buildings that have been designed elastically to these
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Au = inelastic deflection used to calculate the design story drift, A, (Au = CyAxe)
Axe = maximum deflection under design seismic forces from elastic analysis

C,4 = deflection amplification factor

R = Seismic response modification coefficient (it reduces the elastic seismic

force, V. ic» t0 a strength level design force, V design)

Q) = overstrength facter (see Section 2-3)
FIGURE 3-2 Seismic inelastic force-deformation curve

code equivalent static forces have always performed well during actual earthquakes. The reason
for this is the ductility of building structures, that is the ability of structures to dissipate seismic
energy, without failure, through inelastic action, such as cracking and yielding. In general for
many structures, the inelastic lateral displacement is much greater than the elastic lateral dis-
placement as depicted in Figure 3-2.

During an earthquake event, the induced ground acceleration of the structure, measured
with an accelerograph, varies in an erratic or random manner, having low and high points as
shown in the ground acceleration time history in Figure 3-3. This plot of the ground acceleration
or motion during an earthquake is called an accelerogram [2]. A plot of the absolute maximum
accelerations of different buildings with different periods, T, yields an acceleration response

spectrum similar to that shown in Figure 3-4.
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Ductility

Ductility is the ability of a structure or element to sustain large deformations, and thus some
structural damage under constant load, without collapse. The horizontal length of the load-
deformation curve of a structural member from first yield to when the member collapses (see
Figure 3-2) is a measure of the ductility of the structure or member, and the higher the ratio
of the deflection at the ultimate limit state to the deflection at first yield, the more ductile the
structural member. The more ductile a structure is, the better the seismic resistance and behav-
ior of the structure. Ductility is usually achieved in practice by proper detailing of the structure
and its connections as prescribed in the materials sections of ASCE 7. For seismic design using
ASCE 7 ductility is accounted for through the structural system response modification factor, R.
This will be discussed later in this chapter.

Similarities and Differences between
Wind and Seismic Forces

The similarities and differences between wind and seismic forces affect the design provisions for
these forces in the ASCE 7 Load Standard [1]. These are summarized as follows:

* Both wind and seismic loads are dynamic in nature, but earthquakes are even more so
than wind.

* During an earthquake, there are no direct external forces applied to the various lev-
els of a structure, but instead, the lateral forces computed using the ASCE 7 Load
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Standard are only approximations of the internal forces that will arise from the ground
motion or acceleration at the base of the structure and the inertial resistance of the
structure to this motion. On the other hand, during a windstorm, direct external forces
from the wind are applied to the structure.

* Seismic forces on a structure depend on structural and foundation properties, and the
dynamic properties of the earthquake. The softer the soil, the higher the earthquake
forces on the structure. Wind forces, however, depend mainly on the shape and surface
area of the structure that is exposed to wind.

* Because of the highly dynamic nature of earthquakes, compared with wind, safety is not
necessarily ensured by using a stiffer structure for seismic resistance. In fact, the stiffer
a structure is, the higher the seismic forces that the structure attracts. Therefore, in
designing for seismic forces, the structural stiffness and the ductility of the structure
are both equally important.

* The code-specified seismic forces are smaller than the actual elastic inertial forces
induced on the structure during a seismic event; however, buildings have been known
to perform well in earthquakes because of the ductility of these structures, which allows
the structure to dissipate seismic energy through controlled structural damage, but
without collapse [3]. Therefore, the structure is designed for a reduced earthquake force
that is much smaller than the elastic earthquake force that the structure will experi-
ence. This reduction in seismic force is represented by the structural system response
modification factor, R (see Figure 3-2). Consequently, when designing for earthquake
effects, it is not enough to design just for the code-specified seismic forces; the pre-
scribed seismic detailing requirements in the materials section of the International
Building Code (IBC) or Chapter 14 of ASCE 7 also must be satisfied in order to
ensure that adequate ductility is present in the structure to facilitate the inelastic
action that justifies using the reduced seismic force indicated in Figure 3-2. On the
other hand, when designing for wind forces, stiffness is a more important criterion, and
ductility is not as important because of the lesser dynamic nature of wind. Therefore,
we design for the full wind forces.

* To calculate seismic forces, the base shear is first determined, and this base shear is
converted into equivalent static lateral forces at each floor or diaphragm level of the
building using a linear or parabolic distribution based on the modal response of the
structure. For wind forces, the design wind pressures are first calculated, followed by
the calculation of the lateral forces at each level based on the vertical surface tributary
area of each level of the building, and from this, the wind base shear is calculated.

* For wind loads, two sets of lateral forces are required for the design of a structure:
— the lateral wind forces acting on the main wind force resisting system (MWFRS) and

— the wind forces acting on smaller elements known as the components and cladding
(C&O).

* For seismic design, two sets of lateral forces are required for the design of a structure:
— the lateral forces, F,, on the vertical lateral force resisting system (LFRS), and

— the lateral forces, Fp, on the horizontal diaphragms (i.e., the roof and floors)—
because of the different dynamic behavior of the horizontal diaphragms compared
with that of the vertical LFRS during an earthquake event.

— In addition, the seismic lateral forces on the parts and components (i.e., structural
and nonstructural components) of the building also need to be calculated.
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BET1 LATERAL FORCE RESISTING
SYSTEMS IN STEEL BUILDINGS

The different types of lateral force resisting systems (LFRS) commonly used in steel buildings are
discussed in this section. Each of these LFRS may be used solely to resist the lateral force in both
orthogonal directions in a building, or a mixed LFRS or a combination of these systems may also
be used. In taller buildings (30 stories or higher), a mixed LFRS of moment resisting frames and
shear walls is an efficient system for resisting lateral forces in the same direction [3]. However,
for low- and mid-rise buildings, it is typical in design practice to use only one type of LFRS in
each orthogonal direction to resist the lateral forces. Depending on architectural considerations,
the LFRS may be located internally within the building or on the exterior face of the building.

The lateral force distributed to each LFRS is a function of the in-plane rigidity of the roof
and floor diaphragms (diaphragms can be classified as either flexible or rigid or semi-rigid). The
definitions of flexible and rigid diaphragms are given in ASCE 7 Section 12.3, and this topic is
discussed in detail in Chapter 14. The different LFRS in steel structures are discussed in the
following sections.

Fully Restrained Moment Resisting
Frames (i.e., Rigid Frames)

For frames with fully restrained moment connections, sometimes called “rigid” or moment
frames (see Figure 3-5), the beams and girders are connected to the columns with moment-
resisting connections, and the lateral load is resisted by the bending of the beams and columns.
For maximum efficiency in steel buildings, the columns in the moment resisting frames in both
orthogonal directions should be oriented so that they are subjected to bending about their strong
axis, and the moment-resisting connection can be achieved by welding steel plates to the column
flange and bolting or welding these plates to the beam/girder top and bottom flanges, or weld-
ing the beam/girder top and bottom flanges directly to the column flange. To support the shear
and reaction from the gravity loads, the web of the steel beam/girder is connected to the column
flange using shear connection plates (i.e., shear tabs) or double angles that are either welded or
bolted to the beam web and to the column flange.

E
——

é,f—rRigid joint
F {

o

\Web doubler, if required
’\, \Horizontal stiffener, if required

FIGURE 3-5 Steel moment resisting frames
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Partially Restrained Moment
Connections (Semirigid Frames)

For semirigid frames with partially restrained moment connections (see Figure 3-6), the rigidity
of the beam-to-column connections is generally less than that of the fully restrained moment
frame. In these connections, the flanges of the steel beam or girder are usually connected to the
column flange with angles, and the beam web is connected to the column flange using shear
connection plates or angles. However, at the roof level, the top flange of the beam or girder is
typically connected to the column with a steel plate that also acts as a cap plate for the column.
The deflection of a partially restrained moment frame is generally higher than that of a fully
restrained moment frame.

cap plate

o

1

\L—shape (typ.)

B
fom ]

s

Y

FIGURE 3-6 Partially restrained moment connections

Braced Frames

For braced frames, the lateral load is resisted through axial tension and/or compression forces
in the diagonal bracing members. The beam-to-column connections in braced frames are usu-
ally simple shear connections with no moment-resisting capacity. Examples of braced frames are
shown in Figure 3-7; these include X-bracing, Chevron or inverted V-bracing, diagonal bracing,
V-bracing, and knee bracing (see also Figures 1-21b and 1-21c¢). The X-bracing and V-bracing in
braced frames offer the least flexibility for the location of doors, while chevron bracing, diago-
nal bracing, and knee bracing offer the most flexibility — allowing for door, window, and corri-
dor openings between the diagonal braces, and these are usually the bracing systems preferred
by architects. Note that knee-braced frames are a hybrid between braced frames and moment
resisting frames because they resist lateral loads by a combination of axial deformation in the
braces and bending in the beams and columns. In lieu of moment frames, knee braces are
commonly used in low-rise school buildings with continuous windows on the exterior walls.
Depending on their energy dissipation capacity, braced frames can be classified as eccentric
braced frames (EBF) or concentric braced frames (CBF). Concentrically braced frames include
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FIGURE 3-7 Braced frames

X-braced members and chevron braces where the diagonal braces meet at the same work point
on the beam, thus there is no vertical shear in the beam from the forces in the diagonal braces.
In eccentrically braced frames on the other hand, the diagonal braces do not meet at the same
work point on the beam, thus inducing shear forces in the beam between the diagonal braces.
Another form of braced frames used in buildings with tall story heights is the multi-tiered
braced frames with one or more braced panels within a single story with horizontal struts at the
top and bottom of each panel.

A more recent braced frame system used in steel buildings for seismic resistance are buck-
ling-restrained braced frames (BRBF). In this system, the diagonal braces are restrained from
lateral buckling, and therefore can attain their cross-sectional axial material strengths in both
tension and compression. The core steel brace can be a plate or cruciform-shaped axially load
member that is enclosed in a tube shell, but the exterior tubing is not attached to the buckling-
restrained brace member. The interior space between the inside wall of the tube steel and the
BRB is filled with mortar, with a bond breaker between the mortar and the buckling restrained
brace (BRB) to ensure that the BRB is freely able to deform axially without restraint from the
mortar or the tube steel. Thus, the outer tube shell and the mortar provides lateral restraint
against flexure and buckling to the axially loaded “core steel” of the BRB member, but without
contributing to its cross-sectional axial load capacity; thus, the BRB member can attain its
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yield strength in both tension and compression and is able to reach the strain hardening phase
without buckling. These BRB members have a “full and essentially balanced hysteresis” - i.e.,
they possess identical behavior in both tension and compression over multiple cycles of loading
and unloading - resulting in a much higher capacity to dissipate energy; therefore, they are very
efficient in resisting seismic loads [17].

Shear Walls

Shear walls (see Figures 3-8a through 3-8c¢) are planar structural elements that act as vertical can-
tilevers fixed at their bases; they are usually constructed of concrete, masonry, plywood sheathing,
or steel plates. They could be located internally within the building or on the exterior face of the
building. The concrete or masonry walls around the stair and elevator shafts are frequently used
as shear walls. Shear walls are very efficient lateral force resisting elements. Concrete shear walls
that are perforated by door or window openings are called coupled shear walls, and these may
be modeled approximately as moment resisting frames. The portion of the wall above and below
the door or window openings that connects one solid wall segment to an adjacent wall segment
is called a coupling beam. The actual strength of a coupled shear wall lies somewhere between
the strength of the wall moment frame and the strength of an unperforated or solid shear wall
of the same overall dimensions. The coupling beams in coupled shear walls must be adequately
reinforced and detailed for the shear and bending moment that they are subjected to.

reinforced concrete
F / or masonry
LI

/

FIGURE 3-8a Reinforced concrete and masonry shear walls

A new type of shear wall system that has been used for at least one high-rise building is the
steel plate composite shear walls or the “composite corewall system,” also called “Speed Core”
[18] (see Figures 3-8b and 3-8c). They consist of two longitudinal steel plates connected with
steel cross ties at specified horizontal and vertical spacings, and with shear studs welded on
the interior face of the two plates that allows the concrete infill to interact with the steel plates
to create the composite action of the sandwich system. The ends of the longitudinal steel
plates are connected to transverse steel end plates that also have studs welded to its interior
face. Essentially, this “composite corewall system” is a rectangular steel box infilled with self-
consolidating concrete (SCC) and without the need for vertical steel reinforcement (i.e., rebar)
in the concrete because the steel plates provide the reinforcement. Shear studs spaced at regular
intervals horizontally and vertically are welded to the inside face of the longitudinal and trans-
verse steel plates. Similar to steel columns, the Speedcore composite shear wall system is spliced
at a minimum of 4 ft. above the floor level (see Chapter 8), and fire proofing is provided using a
protective coating to the outer steel plates. This sandwich shear wall system obviates the need
for concrete formwork since the steel plates act as the formwork for the concrete infill and has
been predicted to cut down the superstructure construction time by up to 50% [19].

Although moment resisting frames are the least rigid (i.e., the most flexible) of all the lateral
force resisting systems discussed above, they provide the most architectural flexibility for the
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FIGURE 3-8b Steel plate composite shear wall (Speedcore)
module (Photo courtesy of Magnusson Klemencic Associates)
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FIGURE 3-8c Steel plate composite shear walls (Speedcore) under construction
(Photo courtesy of Magnusson Klemencic Associates)

placement of windows and doors, while shear walls and X-brace frames provide the least archi-
tectural flexibility. The distribution of lateral forces to the lateral force resisting systems (LFRS)
and the diaphragm elements (i.e., collectors or drag strut and chords) in building structures is
discussed in Chapter 14.

WIND LOADS

The two parts of building structures for which wind loads are computed are: the main wind force
resisting system (MWFRS) and the components and cladding (C&C). The MWFRS consists of
the shear walls, braced frames, and moment resisting frames that are parallel to the direction
of the lateral wind force, including the roof and floor diaphragms and the chords and collec-
tors (i.e., drag struts). The C&C are small individual structural components or members, and
the wind load acts perpendicular to these members. Examples of C&C include walls, stud wall,
cladding, a roof deck fastener resisting a net uplift wind force, and a cladding fastener resisting
a suction force. The wind pressures on C&C are usually higher than the wind pressures on the
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MWFRS because of local spikes in wind pressure that occur over small areas of the C&C. The
C&C wind pressure is a function of the effective wind area, A, given as

A, =Span of member x Tributary width

> (Span of member)2 /3 (3-5)

8 psf minimum pressure
applied to vertical projected
area of roof surface

16 psf minimum pressure
applied to vertical projecte
area on walls

FIGURE 3-9 Minimum wind load diagram

For cladding and deck fasteners, the effective wind area, A,, shall not exceed the area that
is tributary to each fastener. In calculating wind pressure, positive pressures are indicated by
a force “pushing” into the wall or roof surface, while negative pressures are shown “pulling”
away from the wall or roof surface. The minimum design wind pressure for MWFRS and C&C
is 16 psf and is applied to the vertical projected area of the wall surfaces for the MWFRS, and
perpendicular to the wall or roof surface for C&C (see Figure 3-9 or ASCE 7 Figure C27.1-1).

IS CALCULATION OF WIND LOADS

The calculation of wind loads is covered in Chapters 26 through 31 of ASCE 7 [1]. In Chapter 26,
the general requirements and parameters for determining wind loads are defined and discussed.
The wind hazard maps for the different risk categories and the definitions of the wind load
parameters such as building enclosure categories - open, partially enclosed, partially open, and
enclosed buildings used to determine the internal pressures are provided in ASCE 7 Chapter 26.
The basic factored wind speed maps, the topography factor, and the building exposure categories
that are dependent on the terrain roughness are also provided in Chapter 26 of ASCE 7. The
different methods for calculating the wind loads on buildings and other structures provided in
Chapters 27 through 31 of the ASCE 7 are discussed briefly as follows, in addition to the limita-
tions of each method:

1. ASCE 7 Chapter 27: This chapter, which is divided into two parts (Part 1 and Part 2),
contains the “Directional Procedure” that is applicable to regular-shaped buildings.
Part 1 of Chapter 27 presents the directional method for calculating the wind loads
on the main wind force resisting systems (MWFRS) for Enclosed, Partially Enclosed,
Partially Open, and Open Buildings of all Heights.” In this method, the applied wind load
is a function of the external wind pressures on the windward, leeward, and side walls.
On the windward face, the wind pressure varies (increases) with height while on the lee-
ward side, the wind pressure is constant throughout the height of the building, and with
a leeward side wind pressure equivalent to the wind pressure at the mean roof height,
h, of the building. This method is applicable to regularly-shaped buildings of all heights,
and the exterior pressure coefficients (Cp) used in the directional method were obtained
from past wind tunnel testing on models of prototypical buildings. In the directional
method, the information required to compute the lateral wind loads are as follows:
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a. The factored wind speed which is based on the Risk Category (RC) and the site location.
Note that there is no importance factor for wind loads because the importance factor is
already embedded in the ultimate or factored wind speed maps.

The external exposure category which is based on the surface roughness category

(B, Cor D).

The enclosure classification.

&

The topographic factor.
The gust factor, G, which accounts for wind turbulence.
The ground elevation factor, K,, which is an adjustment factor for the air density. The

o oo

higher the ground elevation above sea level, the lower the air density and hence the
lower the ground elevation factor. A lower ground elevation factor means a lower veloc-
ity wind pressure (see equation (3-3)).

The following are assumed in the directional method:

a. The wind pressure acts perpendicular to the surface of the structure.

=

. The windward wind pressure varies and increases with height.

c. The leeward wind pressure is obtained at the mean roof height and is uniform or con-
stant over the height of the building.

d. The roof wind pressures are uniform.

In the directional method, a simple diaphragm building is also assumed, which means that
the wind forces are assumed to be concentrated at the horizontal diaphragm levels —i.e., at the
roof and the floor levels, and the lateral force in the diaphragms are then distributed to the ver-
tical LFRS (i.e., the shear walls, braced frames, or moment resisting frames) that are parallel
to the wind direction [1]. Therefore, the net wind pressure on the building for the design of the
main wind force resisting system (MWEFRS) is the sum of the magnitude of the windward pres-
sure and the leeward wind pressure since the interior pressures cancel out.

The velocity pressure on the windward face is lower closer to the ground due to the drag forces
that occur closer to the ground surface. Using equation (3-3), the general equations for the veloc-
ity pressure at a height, z, above the ground surface can be written as (ASCE 7 Section 26.10):

q, =0.00256K K_K,K,V?, psf (3-6)

The general equations for the velocity pressure at the mean roof height, h, above the ground
surface is given as

q, =0.00256K,K,,K,K,V*, psf (3-7)
Where,
g, = velocity pressure, in psf, at a height z, in ft, above the ground surface
q;, = velocity pressure, in psf, at the mean roof height, A.

V = the basic wind speed in miles per hour (mph) obtained from ASCE 7 Section 26.5.
The basic wind speed corresponds to the 3-second gust speed at 33 ft above the
ground surface for Exposure Category C.

K, = Velocity pressure exposure coefficients at height z above the ground level (ASCE 7
Table 26.10-1), and it depends on the Exposure Category.

K; = Velocity pressure exposure coefficients at the mean roof height, 4, in feet above the
ground level (ASCE 7 Table 26.10-1), and it depends on the Exposure Category

K., = topography factor (ASCE 7 Table 26.6-1); K, is equal to 1.0 for flat land.

K, = wind directionality factor from ASCE 7 Section 26.8-2. It has a value of 0.85 for the
main wind force resisting systems (MWFRS) and components and cladding (C&C);
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K, = ground elevation factor (ASCE 7 Table 26.9-1), and it is permitted and conservative
to assume a value of 1.0 for all cases.
The general equation for the net design wind pressure on the wall surface of a building

structure is given as

pdesign :quCp — 4 (chi ) ’ pSf (3-8)
For the windward wall (WW), the factored design wind pressure is
DPww :quCp,WW —qp (GCpi ) ) pSf (3'9)

For the leeward wall (LW), the factored design wind pressure is

Prw=9,GC, 1w — 4, (GC,;), psf (3-10)

The windward pressures “pushes” into the windward wall and this is regarded as a positive
pressure, whereas the leeward pressure “pulls” away from the leeward wall and therefore is
regarded as a negative pressure or suction.

The net design pressure on the main wind force resisting system (MWFRS) for the entire
building structure is given as

Pret = Pww — PLw
=q.GCpyw —qy, (chi ) - [thCp,LW ~ 4qp (chi )}
=q,GC,yw — 4, (GC,; )~ 4,GC, 1w + 4, (GC,;)
= quCp,WW _thCp,LW

(3-11)

Note that the internal pressures cancel out in equation (3-11). Since the exterior wall pres-
sure coefficients for the windward wall, C, yy, are positive and those for the leeward wall, C, ; ,
are negative (see ASCE 7 Figure 27.3-1), therefore, the net design wind pressure on the MWFRS
for the entire building structure will be the algebraic sum of the magnitudes of the windward
and leeward wind pressures. That is,

Pesign :|pWW| + |pLW| = quCp,WW| + |thCp,LW (3-12)

Where,

G = gust-effect factor (see ASCE 7 Section 26.11) with a value of 0.85 for rigid build-
ings (i.e., buildings with a fundamental lateral frequency of vibration, f> 1.0 Hz).
For flexible buildings (i.e., f < 1 Hz), the gust-effect factor is calculated using the
equations in ASCE 7 Section 26.11. The gust-effect factor accounts for the effect
of wind turbulence on the structure in the direction of the wind. It does not
account for flutter, across-wind loading, vortex shedding, or any aerodynamic
torsional vibration of the building [1].

f = natural frequency. For wind load calculations, the natural lateral frequency
of vibration of a building in Hz or cycles per second can be approximated as

f= 22%0_8, where £ is the mean roof height in feet (see ASCE 7 Section 26.11.3).

C,ww = External pressure coefficient for the windward wall from ASCE 7 Figure 27.3-1.

C,w = External pressure coefficient for the leeward wall from ASCE 7 Figure 27.3-1.
The external pressure coefficients for the leeward wall is dependent on the build-
ing aspect ratio, L/B, where L is the plan dimension of the building parallel
to the wind direction, and B is the plan dimension perpendicular to the
wind direction.

140 — Structural Steel Design, Third Edition




(GCpi) = internal wind pressure coefficient from ASCE 7 Section 26.13-1. g;, and ¢, are as

defined previously.

The directional method of ASCE 7 Chapter 27 is the only wind load calculation method
that will be used in this text because of its versatility, and this method will be illustrated in
Example 3-1.

The wind pressure distribution for Parts 1 and 2 of the Directional Procedure of Chapter
27 is assumed to act perpendicular to the surface of the wall or roof, and the windward wall
pressure varies with the height of the building (due to the lower pressure near the surface as
a result of surface friction), while the leeward wall pressure measured at the mean roof height
is uniform or constant over the height of the building; the roof pressures are also uniform (see
Figures 3-10b and 3-10c¢).

Orthogonal Wind Load Effects - Wind Load Cases for the MWFRS (ASCE 7 Figure
27.3-8) To account for orthogonal wind load effects — that is, the effect of wind loads acting
simultaneously in two orthogonal directions or the effect of diagonal winds and the effect of
in-plane torsion from wind loads, four wind load cases are prescribed in ASCE 7 Figure 27.3-8.
For the main wind force resisting system (MWFRS) in any building, the four wind load cases are
presented in ASCE 7 as follows:

* Wind Load Case 1: Accounts for full design pressure on the windward (pyyx or pyyy)
and leeward faces (pyyx or pryy) of the building. This load case is calculated sepa-
rately for the two orthogonal (X- and Y-) directions of the building and the wind load is
assumed to act independently (i.e., not simultaneously) in both directions without any
in-plane torsional moment.

* Wind Load Case 2: Accounts for 75% of the full design pressures on the windward
and leeward faces of the building plus an in-plane torsional moment, M, about a verti-
cal axis of the building due to the eccentricity of 0.15By, where By is the plan dimen-
sion of the building perpendicular to the X-direction wind. This load case is calculated
separately for the Y-direction wind using an eccentricity of 0.15By, where By is the plan
dimension of the building perpendicular to the Y-direction wind. For this load case, the
wind loads in the X- and Y-directions are assumed to act independently.

X-direction wind:
ex = *0.156By
Windward lateral pressure = 0.75pyyx
Leeward lateral pressure = 0.75p
My = 0.75(pywx + prwx) (Bx)(ex), ft-kips/ft. of tributary height.
= F, x(ex), ft-kips/ft. of tributary height.
Where, F, x = 0.75(ywx + prwx)(Bx), kips/ft. of tributary height.
Y-direction wind (applied independently of the X-direction wind):
ey = *0.15By
Windward lateral pressure = 0.75pyyy
Leeward lateral pressure = 0.75p y,y
My = 0.75(pyywy + prwy) (By)(ey), ft-kips/ft. of tributary height.
= F, yley), ft-kips/ft. of tributary height.
Where, F, y = 0.75(pwwy + PLwy)(By), kips/ft. of tributary height.
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* Wind Load Case 3: 75% of the full design pressures (i.e., 0.75pyw and 0.75p ) is
assumed to act simultaneously on the windward (0.75pyyx or 0.75pyyy) and leeward
faces (0.75pyx or 0.75p yy) of the building in the two orthogonal (X- and Y) directions.
Thus, this is a combined load case that occurs simultaneously in both the X- and Y-
directions, but without any in-plane torsional moment.

* Wind Load Case 4: Accounts for 56.3% of the full design pressures acting simultane-
ously on the windward and leeward faces of the building in both orthogonal (X- and Y-)
directions, plus a combined in-plane torsional moment, M, about a vertical axis of the
building due to the eccentricities of 0.15Bx and 0.15By, where By is the plan dimension
of the building perpendicular to the X-direction wind and By is the plan dimension of
the building perpendicular to the Y-direction wind.

X-direction wind:

ex = +0.15By

Windward lateral pressure = 0.563pyyx

Leeward lateral pressure = 0.563p

Y-direction wind (applied simultaneously with the X-direction wind load):
ey = =0.15By

Windward lateral pressure = 0.563pyyy

Leeward lateral pressure = 0.563p yy

The in-plane torsional moment, M, due to the combined X-direction and
Y-direction wind loads acting simultaneously is

tributary height.

= F, x(ex) + F, y(ey), ft-kips/ft. of tributary height.
Where, F, x = 0.563(pyywx + prwx)(Bx), kips/ft. of tributary height.
F.y = 0.563(pywwy + prwy)(By), kips/ft. of tributary height.

Part 2 of Chapter 27 discusses the method for “Enclosed Simple Diaphragm Buildings
with & <160 ft.” This is a simplified procedure in which the wind loads on the MWFRS
are determined directly using ASCE 7 Tables 27.5-1 (for walls) and 27.5-2 (for roofs),
provided the conditions in ASCE 7 Section 27.1.2 for using the method are satisfied.

2. ASCE 7 Chapter 28: This chapter contains the “Envelope Procedure” for low-rise
buildings and is subdivided into two parts.
Part 1 discusses the analytical method for determining the wind loads on low rise
buildings.
Part 2 provides a simplified method for determining the wind loads on low-rise build-
ings (h <60 ft.). The wind pressures are obtained directly from ASCE 7 Figure 28.5-1
without any calculations. The net horizontal and vertical wind pressures from this
method are assumed to act on the exterior projected areas (i.e., projected vertical sur-
face area and projected horizontal roof area) of the building as shown in Figure 3-10a.
The windward wall pressures are uniform or constant over the height of the building.

3. ASCE 7 Chapter 29: This chapter contains procedures for determining the wind loads
on other structures (i.e., nonbuilding structures) such as signs; rooftop structures; and
equipment, chimneys, lattice framework, and towers.
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4. ASCE 7 Chapter 30: This chapter contains the methods for determining the wind
loads on Components and Cladding (C&C) and is divided into two parts:
Part 1 is for “Enclosed or Partially Enclosed” low-rise buildings with height & < 60 ft.
Part 2 discusses a simplified approach that is applicable to “Enclosed” low-rise build-
ings with height h < 60 ft.
Part 3 method is applicable to “Enclosed or Partially Enclosed” buildings with height
h > 60 ft.
Part 4 is a simplified approach that is applicable to “Enclosed” buildings with height
h <160 ft.
Part 5 method is applicable to “Open” buildings of all heights provided the roof of the
building is not a pitched roof, monoslope roof, or trough roof.
Part 6 method is applicable to “Roof Overhangs, Parapets, and Rooftop Equipment.”
Notes:

+ C&C with tributary areas greater than 700 ft.” should be designed using the provi-
sions for MWFRS (ASCE 7 Section 30.2.3).

* The minimum design wind pressures on C&C shall be 16 psf acting perpendicular to
the surface of the C&C and in either direction. That is, the C&C should be designed
for a minimum suction and a minimum pressure of 16 psf (ASCE 7 Section 30.2.2).

5. ASCE 7 Chapter 31: The wind tunnel procedure presented in ASCE 7 Chapter 31 can
be used for any structure, and for structures where the methods previously discussed
cannot be used. The wind tunnel procedure is typically used for very tall and wind-
sensitive buildings where across-wind oscillations occur simultaneously with along-wing
oscillations [1], and for slender buildings with a height-to-width ratio greater than 5.0
[4]. The methods for wind load calculations presented previously only consider along-
wind motion of the structure. The wind pressures on buildings with unique topographic
features should also be determined using the wind tunnel method, and wind tunnel tests
are also used to determine the effect of wind on pedestrians around the base of buildings.

Of the several methods just presented for calculating wind loads, only the directional method
of Chapter 27 is used in this text. More detailed treatment of wind and seismic loads can be
found in Ref. [11]. The parameters needed in the directional method of ASCE 7 Chapter 27 are
discussed in the following sections:

Exposure Categories

An exposure category is a measure of the terrain surface roughness and the degree of exposure
of the building to the wind. The three main exposure categories are Exposure Categories B, C,
and D. Exposure B is the most commonly occurring exposure category although many engineers
tend to specify exposure C for most buildings. An airport is an example of an Exposure C condi-
tion. The exposure category is determined by first establishing the type and extent of the ground
surface roughness at the building site using Table 3-1, and then using Table 3-2 to determine the
exposure category (see ASCE 7 Sections 26.7.2 and 26.7.3).

TABLE 3-1 Ground Surface Roughness Categories

Ground surface roughness Description

B Urban and suburban, and mixed wooded areas with numerous spaced
obstructions the size of a single-family dwelling or larger

C Open terrain or open country with scattered obstruction generally less
than 30 ft. in height.

D Flat, unobstructed areas and water surfaces.; includes smooth mudflats,

salt flats, and unbroken ice
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TABLE 3-2 Exposure Categories

Exposure category™ Description

B Surface roughness B occurs in the upwind' direction for a distance of 20k >
2600 ft. relative to the building location, where & is the height of the build-
ing. Examples: City centers; suburban residential areas

C Where exposure category B or D does not occur
Examples: Open country; flat grass land

D Occurs where there is surface roughness D for a distance of 20/ > 5000 ft.,
and exposure category D extends into downwind' areas with a category B or
C surface roughness for a distance of 20k > 600 ft., where 4 is the height of
the building. Examples: Ocean-front and beach-front structures; structures
in coastal areas (Note: these structures would also have to be designed for
flood loads)

* Where a building or structure is located in a transition zone between two exposure categories, use the exposure
category that produces the higher wind loads. In the author’s experience, the most widely used exposure category is
Exposure Category C.

" Upwind is the ground surface starting from the building or structure toward the direction opposite the direction
where the wind is coming from. For example, if wind is acting on a building from west to the east, then the upwind
direction is west of the building while the downwind direction is east of the building.

Basic Wind Speed, V

This is a 3-second gust wind speed in miles per hour based on a 15% probability of exceedance in
50 years for Risk Category (RC) I building, 6.9% probability of exceedance in 50 years for Risk
Category (RC) II buildings, 2.9% probability of exceedance in 50 years for Risk Category (RC) III
buildings, and 1.6% probability of exceedance in 50 years for Risk Category (RC) IV buildings.
These probabilities are equivalent to mean return interval (MRI) of 300 years for Risk Category
(RC) 1, 700 years for Risk Category (RC) II, 1700 years for Risk Category (RC) III, and 3000
years for Risk Category (RC) IV [1]. Wind speed increases as the height above the ground level
increases because of the reduced drag effect of terrain surface roughness at higher elevations.
See ASCE 7 Figures 26.5-1A through 26.5-1D, for the ultimate or factored wind speed maps for
the continental United States corresponding to the Risk Categories and MRI. Similar ultimate
wind speed maps for the state of Hawaii are presented in Figures 26.5-2A through 26.5-2D.
These maps for Hawaii already include the topography of the locations and thus the topographic
factor, K,,, should be taken as 1.0 when the State of Hawaii maps are used [15]. Note that the
load factor and the importance factor for wind have already been embedded within the ultimate
wind speed maps, therefore, there are no importance factors given for wind loads in ASCE 7
Table 1.5-2.

For structures in the United States, the ASCE 7 Hazard Online tool (see https://
asce7hazardtool.online/) can be used to more accurately determined the wind and seismic design
parameters for a building. In fact, all the design parameters for seven different hazards includ-
ing wind, seismic, snow, ice, rain, flood, and tsunami can be accurately determined using this
online tool. For example, the basic wind speed and the wind speed for 10-year, 25-year, 50-year,
and 100-year MRI can be obtained using this tool. Sometimes, it may be necessary to evaluate
existing buildings that were designed using prior versions of ASCE 7 with wind speeds that were
not at the ultimate level. The conversion of the basic unfactored wind speeds, V, ,,t,c/oreq» SPeCIfIEd
in prior ASCE 7 Load Standard (e.g., ASCE 7-93) to the basic factored wind speeds, V, ;,, in the
current ASCE 7 Load Standard are given in ASCE 7 Table C26.5-7. Alternatively, the following
equation from the IBC 2018 equation (16-33) [6] can be used:

Vi, = M (3-13)

“ Jo.6
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EXAMPLE 3-1
Directional method for wind loads (MWFRS)

The typical floor plan and elevation for a six-story office building measuring 100 ft. x 100 ft. in
plan and laterally braced with ordinary moment resisting frames are shown in Figure 3-11. The
building is a Risk Category (RC) II building located in an area with a 3-second factored wind
speed of 115 mph. Determine the factored design wind forces on the main wind force resisting
systems (MWEFRS) using the directional method in Part 1 of ASCE 7 Chapter 27. Assume that
the building is enclosed, located on a flat terrain, and the roof is flat (except for the minimum
roof slope for drainage), with no roof overhang.

moment Roof
connection
(typ.) =
=k ; 2K ; T 6th
=
5th
> < <4 < H
_ T T _
= =
I 4th
e}
(@\] L.l -1 [l |
(;\ 3I'd
[+]
O
<t -
L <> <> < LI
2nd
S
4 bays @ 25' =100'
a) plan view b) elevation

FIGURE 3-11 Building plan and elevation for Example 3-1

Solution
The solution to this example using the directional procedure in Part 1 of Chapter 27 of the ASCE 7
Load Standard is now carried out in a step-by-step format.

1. Risk Category (RC) II
(Ref: ASCE 7 Table 1.5-1)

2. Basic wind speed, V = 115 mph
(Ref: ASCE 7 Figures 26.5-1A, B or C of ASCE 7)
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3. Determine wind load parameters

a. Wind Directionality Factor (Main wind force resisting system - MWFRS),
K; =0.85
(Ref: ASCE 7 Table 26.6-1)

b. Exposure Category = Terrain category “C”

(See Tables 3-1 and 3-2 or ASCE 7 Sections 26.7.3 and 26.7.2. Note that there are
three Exposure Categories: B, C, & D)

c. Topographic factor, K, = 1.0 assuming a flat land
(See ASCE 7 Table 26.8-1)

d. Calculate the lateral natural frequency, f, of the building to determine if the building
is rigid or flexible. A rigid building possesses a lateral natural frequency of vibration,
f=1.0 Hz or cycles per second (ASCE 7 Section 26.2), and for rigid buildings, the
gust-effect factor, G, is taken as 0.85 (ASCE 7 Section 26.11.1). A flexible structure
possesses a lateral natural frequency of vibration, f < 1. The approximate lateral
natural frequency of building structures can be estimated using ASCE 7 Section
26.11.3. For this 6-story building with steel moment resisting frames, the approxi-
mate lateral natural frequency is calculated as f = 22.2/(h*®) = 22.2/(60 ft)*® = 0.84 Hz
or cycles per second. Therefore, this building will be classified as flexible with
respect to wind loads and thus the gust-effect factor, G, will not be 0.85; it will have
to be calculated using the cumbersome equations in ASCE 7 Sections 26.11.4 and
26.11.5. The gust-effect factor, G, using the equations from ASCE 7 Section 26.11.3,
is found to be 0.92; the reader is encouraged to verify this number.

e. Enclosure Classification = Partially Enclosed
The Enclosure Classification of “partially enclosed” was given for this example.
ASCE 7 Sections 26.12 and Section 26.2 provide the definitions for the Enclosure
Classifications. The four possible types of Enclosure Classifications as defined
in ASCE 7 Section 26.2 are: Open, Partially Open, Partially Enclosed, and
Enclosed. The Enclosure classification is used to determine the internal pressure
coefficients, (GCp;) in step 3e (see ASCE 7 Section 26.13-1) and depends on the
amount of wall and roof openings in the building relative to the total surface area
of the building envelope. To determine the Enclosure Classification, each wall at
a time is assumed to be the windward wall. The determination of the Enclosure
Classification for a building structure will be illustrated in Example 3-2.

f. Internal Pressure Coefficient, GC,, = +0.55 or —0.55 (for Partially Enclosed
Building; See ASCE 7 Table 26.10-1). Note that the internal pressures do not impact
the net design wind pressures and the design wind forces on the MWFRS for the
entire building because the internal pressures cancel out as depicted in ASCE 7
Figure 27.3-1 or ASCE 7 Figure 27.3-8. The internal pressure coefficient impacts the
design of the individual exterior walls and the roof, and their anchorages.

4. Velocity Pressure Exposure Coefficients, K, and Kj: The velocity pressure coeffi-
cient, K,, on the windward face of the building varies with height and is also a function
of the External Exposure Category (i.e., whether Exposure Category B, C, or D). The
higher the height or level, the higher the value of K, because nearer the ground sur-
face, the wind velocity is reduced by the surface roughness and obstructions. The veloc-
ity pressure coefficient, K, on the leeward face of the building is uniform for the full
height of the building and is calculated at the mean roof height of the building. The K,
and K, factors are obtained from ASCE 7 Table 26.10-1, and with the given Exposure
Category “C,” the values of the velocity pressure exposure coefficients, K, and K;, are
tabulated in Table 3-3.
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TABLE 3-3 Velocity Pressure Exposure Coefficients for Example 3-1

Diaphragm Level Height, z at each K, K, (i.e.,atz = h)
diaphragm level
Roof 60 ft 1.13 1.13
6 flr 50 ft 1.09 1.13
5% flr 40 ft 1.04 1.13
4% fly 30 ft 0.98 1.13
3% flr 20 ft 0.90 1.13
27 fly 10 ft 0.85 1.13

Ref: ASCE Table 26.10-1

5. Determine the Velocity Pressure, g, and g;, using equations (3-6) and (3-7) as follows:
q, (psh) = 0.00256 K, K, K; K, V* = 0.00256 K, (1.0)(0.85)(1.0)(115 mph)? = 28.8 K,
g, (psf) = 0.00256 K, K,, K; K, V* = 0.00256 (1.13)(1.0)(0.85)(1.0)(115 mph)? = 32.52

6. Determine the External Pressure Coefficient, C,, from ASCE 7 Figure 27.3-1 for the
walls:
L = Length of building (plan dimension parallel to the wind direction) = 100 ft
B = Width of building (plan dimension perpendicular to the wind direction) = 100 ft
Therefore, /B = 100/100 = 1.0 (this will be used in ASCE 7 Table 27.3-1 to determine
the external pressure coefficients for the leeward wall. For the windward wall, there is
only one value for the external pressure coefficient and it is valid for all L/B ratios).

C, (windward wall) = Cpyyy = 0.8 (for all values of L/B)
C, (leeward wall) = Cpry = —0.5 (i.e., for L/B = 1)

7. Calculate the wind pressures on each surface of the building using the diagrams in
ASCE 7 Figure 27.3-1 (see also ASCE 7 Equation 27.3-1). For this problem, we will
focus only on the wall pressures on the windward face and the leeward face of the
building. The external wind pressures, p, on the windward wall and the leeward
wall are,

Puwindward wall™ Pww = 42 GCp,WW = 28.8 Kz (092)(08) =212 Kz pSf
Piecward wat= Prw = qn GCppw = 32.52(0.92)(=0.5) = —15 psf

Note that the external wind pressure on the windward wall varies with height. Some
engineers use a linearly varying wind pressure distribution between floor levels instead of
the simpler uniform distribution between floor levels used by the authors in Figure 3-12.

The internal wind pressures for the windward and leeward walls are:
Pinternal = 4 (GCpL) = 32.52 (i0.55) = =+17.9 pSf
For this problem, the internal pressures are not required since only the net wind pres-

sures on the MWFRS of the entire building are required. As a result, the internal pres-
sures will cancel out.

8. Net lateral wind pressure on the MWFRS, p =pyy + |p.y|
The net lateral wind pressure on the MWFRS is the algebraic sum of the magnitude of
the windward and leeward pressures. Note that this net wind pressure (see Table 3-4)
varies with the height of the building as shown in Figure 3-13. Also, in calculating the
net lateral wind pressure on the building, the internal pressures cancel out.

148 — Structural Steel Design, Third Edition




Roof

24 .0psf
6th
23. 1psf
Sth
22.05psf

4th

20.8psf L
3rd

19.08psf
2nd = ppw=15.0psf
18.02psf
Pww

Pyw = Positive (+ve) because it is "pushing" into the face of the building
P;w = Negative (-ve) because it is "pulling away" from the face of the building

FIGURE 3-12 Windward and leeward wind pressures on the building (Load case 1 — see ASCE 7 Figure 27.3-8)

TABLE 3-4 Net Lateral Wind Pressure on MWFRS in Example 3-1

Diaphragm | Height at K, K, Pww = Prw | D LW| Net lateral wind
Level each dia- 212K, (psf) (psf) pressure
phragm (psf) P =Pww + |Prwl|
level

= QzGCp,WW + |thCp,LW|
2 16 psf minimum

(psf)
Roof 60 ft 1.13 1.13 24 -15 15 24 + (15) = 39
6t flr 50 ft 1.09 - 23.1 -15 15 23.1 + (15) = 38.1
5% flr 40 ft 1.04 - 22.05 -15 15 37.05
4% fir 30 ft 0.98 - 20.8 -15 15 35.8
3% flr 20 ft 0.90 - 19.08 -15 15 34.08
2 fly 10 ft 0.85 - 18.02 -15 15 33.02

Note:

—ve sign in the table above indicates wind suction (i.e., wind pulling away from the wall).
+ve sign in the table above indicates wind pressure (i.e., wind pushing into the wall).

For this building, pywx = pwwy = Pww and prwx = Prwy = Prw
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Roof

39.0psf

6th

38.1psf

Sth

37.05psf
4th

35.8psf
3rd

34.08psf

2nd

33.02psf

Design wind pressure
on the building:
P=DPpww T |pLW|

FIGURE 3-13 Net design wind pressures on the building (Load case 1)

The windward and leeward wind pressures on the MWFRS for the entire building for
load case 1 are shown in Figure 3-12 and the net design lateral wind pressures are
shown in Figure 3-13. The summary tables for load cases 2 through 4 will be presented
later.

9. The total lateral force on the building at each level is calculated using the net lateral
design wind pressures (see Table 3-5a and Figure 3-14).

F, = [(py (THy + (py)(TH;)1(Width of building perpendicular to the wind direction)

THy; = the upper portion of the Tributary height above the floor level under consider-
ation. Note: At the roof level, THy; = height of parapet, or equal to zero where there is
no parapet.

TH; = the lower portion of the Tributary height below the floor level under consideration
py = uniform net lateral design wind pressure above the floor level under consideration
pr, = uniform net lateral design wind pressure below the floor level under consideration
In Table 3-5a, the design lateral forces on the six-story building were calculated and shown
in Figure 3-14 for wind load case 1. As previously discussed, ASCE 7 Figure 27.3-8 presents

four wind load cases for the main wind force resisting system (MWFRS) in a building that are
required to be checked. We present in the tables below the wind loads for load cases 2 through 4.
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TABLE 3-5a Total Lateral Wind Force on the Building (Load Case 1)

Diaphragm Height D =Py + | P LW| Tributary Total factored lateral force on the build-
Level at each >16 psf height (ft) ing at each diaphragm level, F,
diaphragm | (minimum)
level (psf) (This is the “W” load in the load combi-
nations in Section 2-3)
Roof 60 ft 39 gZU f g0/2 -5 39psf(100")(5") = 19.5 kips
L= =
th TH; =10/2=5 39psf(100")(5") + 38.1psf(100)(5") =
6" fir 50 ft 38.1 TH, = 10/2 = 5 38.6 kips
th TH; =10/2=5 38.1psf(100")(5") + 37.05psf(100)(5") =
57 fr 40 ft 37.05 TH, = 10/2 = 5 37.5 kips
th TH;=10/2=5 37.05psf(100")(5") + 35.8psf(100)(5") =
47 flr 30 ft 368 TH, =102 =5 36.4 kips
rd TH;=10/2=5 35.8psf(100")(5") + 34.08psf(100)(5") =
87 flr 20 ft B8 g —102=5 35 kips
nd TH;=10/2=5 34.08psf(100')(5") + 33.02psf(100)(5") =
25 fir 10 £t 33.02 TH, = 102 = 5 33.6 kips

Note that for load case 1, the X- and Y- direction forces will be the same since the building is symmetrical. The forces in
Figure 3-14 are applied independently in the X-direction and in the Y-direction. For pyy and p;y, see Table 3-4.

19.5 kips

—_—

38.6 kips

B

37.5 kips

—_—

36.4 kips

B

35.0 kips

—_—

33.6 kips
P —

Roof

6th

Sth

4th

3rd

2nd

Note: These lateral forces will be distributed to
the LFRS in the building depending on the
rigidity of the diaphragm and the rigidity of the

LFRS

FIGURE 3-14 Design lateral forces on the building at each level
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Wind load case 2:

By =100 ft

By =100 ft

ex = £0.156By = £0.15(100 ft.) = =15 ft.
Windward lateral pressure = 0.75pyyx
Leeward lateral pressure = 0.75p y,x
For the X-direction wind,

MT = O75(pWW,X + pLWX)(BX)(eX) = 075(pWWX + prx)(loo ft.)(£15 ft.) ft-klpS/ft of
tributary height

= F, x(ey), ft-kips/ft. of tributary height
Due to the symmetry of this building, the X-forces and the in-plane torsional moments

calculated for the X-direction wind load will be the same for the Y-direction wind load, but the
X- and Y-direction forces/moments for this load case are applied independently.

Wind load case 3:
By = 100 ft.
By =100 ft.
ex=20
ey =0
For the X-direction wind,
Windward lateral pressure = 0.75pywx
Leeward lateral pressure = 0.75p
For the Y-direction wind,
Windward lateral pressure = 0.75pyyy
Leeward lateral pressure = 0.75p yy
The in-plane torsional moment due to wind is calculated at each diaphragm level as
M, = 0 ft-kips/ft
Due to the symmetry of this building, the X-direction wind load and the in-plane torsional

moments will be the same for the Y-direction, and the X- and Y-direction forces/moments in this
load case are applied simultaneously.

Wind load case 4:
By = 100 ft.
By =100 ft.

ex = =0.15By = +0.15(100 ft.) = =15 ft.
ey = £0.15By = *£0.15(100 ft.) = 15 ft.
For the X-direction wind,

Windward lateral pressure = 0.563pyyx
Leeward lateral pressure = 0.563p
For the Y-direction wind,

Windward lateral pressure = 0.563pyyy
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Leeward lateral pressure = 0.563p yy
The in-plane torsional moment due to wind is calculated at each diaphragm level as
My = 0.563(pyyx + prwx)(Bx)(ex) + 0.563@yyy + prwy)(By)(ey), ft-kips/ft. of tribu-
tary height
= F, xlex) + F, y(ey) ft-kips/ ft. of tributary height

Due to the symmetry of this building, the X-forces and the in-plane torsional moments will

be the same for the Y-direction, and the X- and Y-direction forces/moments in this load case are
applied simultaneously.

Approximate Natural Frequency for Wind
Load Calculations

The approximate natural or fundamental lateral frequency of structures used for calculating
wind loads are given in ASCE 7 Section 26.11.3 for the different lateral force resisting systems

as follows:
Lateral Force Resisting System Approximate Fundamental Lateral Frequency
of Vibration ™
.. 22.2

Structural steel moment-resisting frames f =7h0‘8 Hz or cycles per second

. 43.5
Concrete moment-resisting frames f :W Hz or cycles per second
Structural steel and concrete buildings with other 75
lateral force resisting systems f T Hz or cycles per second
(e.g., shear walls)

~ h is the mean roof height in feet in the above equations.

Building Enclosure Classifications
(ASCE 7 Sections 26.2 and 26.12)

There are four possible types of building enclosure classifications: open, partially open, par-
tially enclosed and enclosed. These classifications are used to determine the internal pressure
coefficients, (GCp,), from ASCE 7 Table 26.13-1, and depends on the amount of wall and roof
openings in the building relative to the total building envelope surface area. ASCE 7 Sections
26.12 and Section 26.2 provide the definitions for the Enclosure Classification. To determine
the Enclosure Classification, each wall at a time is considered to be the windward wall; that is,
the wall that receives the positive pressure with surface area A .. The most critical classification
which results in the highest wind pressures is used. The definitions of the different enclosure
classifications from ASCE 7 Section 26.2 are as follows:

1. “Open” Building: A > 0.8 A,

2. “Partially Enclosed” Building
* A,>1104A,
* A, > the smaller of 0.01 A, or 4 ft?, and
* A;<020A,

and
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3. “Enclosed” Building:
* A, < the smaller of 0.01 A, or 4 ft?, and
* A;<0.20A,
4. “Partially Open” Building: If conditions 1 through 3 above are not satisfied.

Where,

A,, = Total area of openings in a wall that receives positive external pressure

Ay

A

ol

Gross area of wall that receives positive external pressure

Total area of wall openings excluding A , but including wall and roof openings
= Aow + AOE + AON

(Note: the openings also include doors and windows with glazing that are not impact

resistant)
A, = Total or Gross surface area of the walls and roof, excluding A
= Agw + AgE + AgN + AgRoof

In wind-borne debris region such as hurricane prone regions within one (1) mile of coastal
areas, glazing in the lower 60 ft of the building must be impact-resistant glazing or protected
with an impact-protective system (see IBC 1609.1.2 and ASCE 7 Section 26.12.3.1).

Example 3-2: Building Enclosure Classification

The plan of a 28 ft high one-story building is shown in Figure 3-15 with the doors and win-
dow openings indicated. Assume the glazing in the windows and doors is not impact resistant.
Determine the enclosure classification and the internal pressures in the building using ASCE 7
Table 26.13-1.

901_0"

= <1 <]

3 Window openings

=

Z

48'-0"
=

5 Window 2 door
openings Roof Plan openings T

>
||

=

5 Window openings
=< = I I I

Wind direction for
example problem

Window opening: 3'-0" wide x 13'-4" high; Area = 40ft*
Door opening: 8'-0" wide x 12'-0" high; Area = 96ft>

FIGURE 3-15 Openings in a one-story building envelope
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SOLUTION

In this example, we could start by assuming the south wall (S) as the wall that receives positive
external pressure. Note that the process will have to be repeated for all the wall surfaces and the
worst-case enclosure classification is used in the wind load calculation. The following param-
eters are calculated:

A, = Total area of openings in a wall that receives positive external pressure. For the
south wall, the area of the openings on this wall is,

A, = b5 window openings X 40 ft?/opening = 200 ft2

A, = Gross vertical surface area of the wall that receives positive external pressure (i.e.,
south wall for this case) = 90 ft x 28 ft height = 2520 ft*

A, = Total area of wall openings excluding A, but including wall and roof openings

= Aow + AoE + AoN
= 8 window openings x 40 ft?/opening + 2 door openings x 96 ft?/opening = 512 ft?
A_. = Total or Gross vertical surface area of the walls and horizontal surface area of the
roof, excluding A,

= (48)(28) + (48)(28) + (90)(28) + (90)(48) = 9528 ft?
The four possible enclosure classification options are checked as follows to determine
which one controls:

1. “Open” Building: A > 0.8 A,
0.8A,, = (0.8)(2520 ft.”) = 2016 ft.”
A,, = 200 ft* < 2016 ft?; Therefore, the building enclosure is not open.

2. “Partially Enclosed” Building: The following three conditions must be satisfied,
* A,>110A,
* A,;<020A, and

* A, > the smaller of 0.01 A or 4 ft.”
That is,

s A, =200ft">1.10 A; = 1.1 x 512 = 563 ft.%; Not satisfied, and
« A, =512 ft? < 0.20 x 9528 ft2 = 1906 ft*; OK, and
s A, =200 ft* > the smaller of 0.01 x 2520 ft*> = 252 ft* or 4 ft* OK.

and

Since all the 3 conditions above are not¢ satisfied,, the building enclosure is not partially
enclosed.

3. “Enclosed” Building: The following two conditions must be satisfied,
* A, < the smaller of 0.01 A, or 4 ft?, and
* A,;<0.20A,
That is,
s A, =200 ft* < the smaller of 0.01 x 2520 ft? = 252 ft* or 4 ft*; Not satisfied, and
s A, =512t?<0.20 x 9528 ft* = 3514 ft* OK.
Since both conditions are not satisfied, this is not an “enclosed building.”
4. “Partially Open” Building:

Since conditions 1 through 3 above are not satisfied, this is a “Partially Open”
building.
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* From ASCE 7 Table 26.13-1, the internal pressure coefficient for a “partially open”
building is (GC,;) = +0.18.

The above process should be repeated for all the wall surfaces of the building to
determine the worst-case enclosure classification (i.e., the highest internal pressure
coefficient).

I3 EFFECT OF NET FACTORED UPLIFT
LOADS ON ROOF BEAMS AND JOISTS

The net factored uplift roof loads due to wind are normally calculated using the Components and
Cladding (C&C) wind pressures. Typically, the C&C roof pressures are obtained assuming the
smallest effective wind area, A,, of 10 ft.2, which is conservative for most structural members,
except for members with very small tributary areas. For members with larger tributary areas,
the C&C roof pressures can be calculated using a more realistic tributary area, A,, of 100 ft.2

Example 3-3 Net Uplift Wind Loads

To illustrate the calculation of net uplift wind loads, assume that the dead, snow, and roof live
loads on the roof framing of a building have already been determined as follows:

Dead load, D =25 psf
Snow load, S =35 psf

Roof live load, L, = 20 psf (actual value depends on the tributary area of the member
under consideration).

* Assume the wind pressures for C&C calculated using ASCE 7 Figure 30.5-1 are as
follows:

W = +16.0 psf (this +ve wind load will be used in the LRFD load combinations 1
through 4)

W = —41.8 psf (this —ve wind load value will be used in the LRFD load combination 5 to
determine if there is any net uplift force on the roof framing)

* Assume the roof framing consists of steel beams that span 20 ft. with a spacing of 5 ft.
on centers.

Calculate the maximum loads, shear, and moments in a typical beam.

SOLUTION
Summary of Roof Loads

The following is a summary of the loads acting on the roof of the building:
Dead load, D = 25 psf
Snow load, S = 35 psf

Maximum roof live load, L, = 20 psf
Wind load, W = +16.0 psf and —41.8 psf

The load and resistance factor design (LRFD) load combinations from Chapter 2 will now
be used to determine the governing or controlling load case for this steel-framed roof; The
factored loads on the roof are calculated as follows:
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LRFD Load Combinations

1.4 (25 psf) = 35 psf

1.2 (25 psf) + 1.6 (0) + 0.5 (35 psf) = 48 psf

1.2 (25 psf) + 1.6 (35 psf) + 0.5 (16.0 psf) = 94 psf (controls for downward loads)
1.2 (25 psf) + 1.0 (16 psf) + 0 + 0.5 (35 psf) = 63.5 psf

A A

0.9 (25 psf’) + 1.0 (-41.8 psf) = -19.3 psf (controls for net wind uplift load; load acts
upward)

" This is the dead load assumed to be present when the wind acts on the building. The actual
value may be less than the dead load used for calculating the maximum factored downward load
in load combinations 1 through 4. This dead load value should be carefully determined so as not
to create an unconservative design for wind uplift forces.

Load Effects in Roof Beams with Net Uplift Loads

The roof beams in this example will have to be designed for a downward-acting load of 94 psf
and a net factored uplift load of 19.3 psf. The girders will have to be designed for the correspond-
ing beam reactions. Note that this beam must be checked for both downward and uplift loads.
Most roof beams have their top flanges fully braced by roof decking or framing, but in designing
beams for moments due to net uplift loads, the unbraced length of the compression flange of the
beam (which is the bottom flange for uplift loads) will, in most cases, be equal to the full span or
length of the beam. For steel beams, this could lead to a substantial reduction in strength that
could make the uplift moments more critical than the moments caused by the factored down-
ward loads.

Downward Loads and Load Effect:

With the roof beam span, L, of 20 ft. and a tributary width of 5 ft., the moments and reactions
in the typical roof beam are calculated as follows:

Factored uniform downward load, w, (downwards) = (94 psf)(5 ft.) = 470 lb./ft.

Maximum +ve moment, M, "¢ = (470 Ib./ft.)(20 ft.)%/8 = 23,500 ft.-Ib.

(unbraced length, L, = 0 ft. since the compression flange of the beam is laterally braced by
the roof deck)

Maximum downward load reaction, R, """ = (470 1b./ft.)(20 ft.)/2 = 4700 Ib.

Net Wind Uplift Load and Load Effect:

Net factored uniform uplift load, w, (upwards) = (-19.3 psf)(5 ft.) = -96.5 Ib./ft.

Maximum —ve moment due to the net wind uplift, M, ° = (-96.5 1b./ft.)(20 ft.)%/8 =
-4825 ft.-1b.

(unbraced length, L, = 20 ft.)

Maximum upward load reaction, R, ™ = (-96.5 1b./ft.)(20 ft.)/2 = -965 1b.

If open-web steel joists were used for the roof framing of this building instead of the infill
steel beams, a net uplift wind pressure could lead to the collapse of these joists if the uplift load
is not adequately considered in the design of the joists. When subjected to a net uplift wind load,
the bottom chord of the open-web steel joists and the long diagonal members, which are typi-
cally in tension under gravity (i.e., downward) loads (and, in many cases, may have slenderness
ratios of between 200 to 300), will be in compression due to the net wind uplift loads. The bottom
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chords of the joist may have unbraced lengths that far exceed the default values that may be
assumed in a standard structural analysis software. The actual unbraced length of the joist bot-
tom chord is the smaller of the span of the joist or the spacing between joist bridging. Under this
condition, these members may be inadequate to resist the resulting compression loads unless
they have been designed for this stress or load reversal.

The combination of a light roof system and an inaccurately calculated wind uplift load led
to the collapse of a commercial warehouse roof in the Dallas area in 2001 [7]. In this warehouse
structure, the net uplift due to wind loads caused stress reversals in the end diagonal web and
bottom chord members of the roof joist, which had only been designed to resist axial tension
forces resulting from the downward acting roof dead and live loads.

DESIGNING FOR
TORNADOES - SIMPLIFIED METHOD

Tornadoes are classified into five categories: EF0, EF1, EF2, EF3, and EF4, with the upper
range wind speeds, V, of 85 mph, 110 mph, 135 mph, 165 mph, and 200 mph, respectively.
In areas where tornadoes are prevalent, buildings should be designed for the tornado wind pres-
sures, and the ASCE 7 Commentary Chapter C26 [1] presents two methods for calculating the
MWEFRS and the C & C tornado wind pressures for any tornado category, but only the simplified

ornado’

approach will be used in this text. The ASCE 7 wind pressures obtained using the design wind

speeds, V, from the ASCE 7 wind hazard maps (i.e., Figures 26.5-1A through 26.5-1D or Figures
26.5-2A through 26.5-2D) are scaled up by the product of the tornado factor, TE, obtained from
ASCE 7 Table C26.14-4 and a conversion factor given as

CF:(VM%T

Therefore, the tornado wind pressure is given as

Piornado =PASCE7 (CF) (TF)
Where,

Pasce7 = wind pressures obtained using the design wind speeds, V, from the ASCE 7 wind
hazard maps (i.e., Figures 26.5-1A through 26.5-1D or Figures 26.5-2A through
26.5-2D)

Viornado = 85 mph for EF0 tornado

= 110 mph for EF1 tornado

= 135 mph for EF2 tornado

= 165 mph for EF3 tornado

= 200 mph for EF4 tornado

TF = tornado factor (see ASCE 7 Table C26.14-4)

For MFRS, for Exposure B structures:
TF = 1.8 for partially enclosed buildings
TF = 2.5 for enclosed buildings
For MFRS, for Exposure C or D structures:
TF = 1.2 for partially enclosed buildings
TF = 1.6 for enclosed buildings

The tornado factors for Components and Cladding or C & C can be obtained from ASCE 7
Table C26.14-4.
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EXAMPLE 3-4 TORNADO WIND PRESSURES

Calculate the factor by which the ASCE 7 design wind pressures for the MWFRS from Example
3-1 will be scaled up if the building owner has requested the building be designed for an EF4
tornado. Assume Exposure C.

SOLUTION
From Example 3-1, the design wind speed, V = 115 mph

Exposure Category = C
Enclosure = Partially Enclosed

For partially enclosed buildings and Exposure C, from ASCE 7 Table C26.14-4, the Tornado
Factor for the MWFRS, TF = 1.2
For EF4 Tornado, V, = 200 mph

ornado

2 2
Therefore, the scale-up factor = (CF)(TF) = (Vt"mad%/] (TF) = (200115) (1.2)=3.63

All the MWFRS design wind pressures from Example 3-1 (e.g., see Figures 3-12 and 3-13)
will have to be multiplied by a scale-up factor of 3.63 and the MWFRS will have to be designed
for these increased wind pressures. In addition, the diaphragms, chords, and drag struts or col-
lectors and their connections to the lateral force resisting system will have to be designed for
these increased loads. Also, the connections of the MWFRS to the foundations and the roof, and
their connections would have to be designed for the increased uplift forces.

I3 CALCULATION OF SEISMIC LOADS

Seismic loads are calculated differently for the primary system (i.e., the lateral force resisting
system) than for parts and components such as architectural, mechanical, and electrical fix-
tures. In the United States, seismic design is based on a 2% probability of exceeding the design
earthquake in 50 years for a standard occupancy building. This results in an earthquake with a
mean recurrence interval (MRI) of approximately 2500 years. The seismic load calculations for
the primary system are covered in ASCE 7 Chapter 12, while the seismic load calculations for
parts and components (i.e., nonstructural components) are covered in ASCE 7 Chapter 13 [1].

The design basis or the performance objectives for seismic design using the ASCE 7 Load
Standard are as follows (see ASCE 7 Sections C11.5 and C12.1 [1]):

1. The structure may be severely damaged but has a low probability of collapse (~10%
probability) under a rare seismic event the maximum considered earthquake ground
motion, MCE.

2. The structure will not collapse but there is failure of the non-structural components,
and there is very low probability of loss of life under a design earthquake ground

2
motion, gMCE . According to the ASCE 7 Commentary (Section C11.8.3), the factor

of “2/3” was obtained from seismic code calibration studies which indicated a “reserve
capacity of more than 1.5 or 3/2 times relative to collapse” for most buildings under the
design earthquake ground motion, hence the MCE ground motion multiplier of 1/1.5

or 2/3.

3. Structures that are essential to disaster response and recovery efforts (i.e., Risk
Category (RC) IV structures) must remain functional during and after the design earth-
quake ground motion (see Table 3-6).
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TABLE 3-6 Seismic Performance versus Risk Category and Earthquake Frequency

Earthquake Mean Return Risk Category Risk Category Risk Category (RC) IV
Frequency & | Interval (MRI) (RC)Iand II (RC) IIT
Magnitude
Frequent 1 in 50 years Immediate Between 10 and OP Operational (OP)
Occupancy (1I0)
Rare; 1in 500 years Life Safety (LS) Between LS and CP Immediate Occupancy (10).
Design Note: IO implies that the
Earthquake = structure must be functional
2 after the hazard event, and its
3 MCE strength and stiffness must not
be impaired.
Very Rare; 1in 2500 years | Collapse Prevention | Between CP and Life Safety (LS).
Maximum (CP). LS. (2.5% probability of collapse
Considered (10% probability (5% probability under MCE)
Earthquake = of collapse under of collapse under
MCE MCE) MCE)

With the preceding performance objectives, a Risk Category (RC) II structure achieves

2
life safety under the design considered earthquake ground motion, gM CE; it achieves

collapse prevention, but sustains severe damage, when the structure is subjected to the

maximum considered earthquake ground motion, MCE.

In terms of the level of damage or devastation expected in a seismic event, the ASCE
7 Commentary (Section C1.3.1.3) indicates that for Risk Category (RC) II structures
subjected to the MCE, total or partial collapse should be expected to occur in 10% of
new buildings and failure of non-structural components that could pose injury risk to

human lives will occur in 25% of new buildings; similar values for Risk Category (RC)
IV buildings are 2.5% and 9%, respectively [1]. The expected target reliability or the

expected failure probabilities for other Risk Categories can be found in ASCE 7 Tables
1.3-2 and 1.3-3 [1].

Table 3-6 shows the relationship between the expected seismic performance levels, the
Risk Category (RC), and the intensity and frequency of the earthquake [1, 22]. Note
that many commercial structures are in Risk Category (RC) II, and the expected seismic

performance from Table 3-6 which indicates “collapse prevention” with 10% probability

of collapse means that most of the buildings will not collapse, but they may be badly

damaged beyond repair, and as such many of these structures may have to be demol-

ished, resulting in huge economic losses and untold hardships for many citizens. The

resiliency of community infrastructure — including buildings and bridges - and business

continuity after a hazard event such as an earthquake is a topic of immense interest

[23], and one of the key questions is:

Are all stakeholders fully aware of, and able to suruvive, the risk of huge economic losses

and untold financial hardships that would ensue due to the level of structural damage

from these hazard events that is implied by the minimum provisions in the current

prescriptive- or specifications-based codes and standards?

It should be emphasized to building owners that the prescriptive- and specifications-

based codes provide only minimum requirements that is focused on life safety, and

higher performance levels may be sought through the use of performance-based design
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(see Chapter 2), though this will lead to an increase in the initial cost of the project.
The Structural Engineering Institute (SEI) of the American Society of Structural
Engineers (ASCE) is actively promoting the development and implementation of
“performance-based codes and standards,” and the incorporation of “resilience in the
built environment,” and these are two of the key initiatives of its “Vision for the Future
of Structural Engineering.”

One of the important parameters needed to calculate the seismic loads on structures is the
Seismic Design Category (SDC). The seismic design category (SDC) determines the following:

* The permitted seismic analysis procedures - specifically, whether the equivalent lateral
force (ELF) method is permitted or not (see ASCE 7 Table 12.6-1). The other three seis-
mic analysis methods — the modal response spectrum analysis (ASCE 7 Section 12.9.1)
or the linear response history analysis method (ASCE 7 Section 12.9.2) and the non-
linear response history analysis (ASCE 7 Chapter 16) — are permitted for all structures
per ASCE 7 Table 12.6-1 [1].

The inelastic action of structures during a seismic event, resulting from cracking and
yielding of the members, causes an increase in the damping ratio and in the fundamen-
tal period of lateral vibration of the structure which leads to reduced seismic forces.
Note however, that the linear elastic analysis procedure for seismic design in ASCE 7
uses a constant fundamental period of vibration, T, even though in reality, the period is
not constant but continues to increase as the structural elements yield and hinges are
formed. This change in the fundamental period of lateral vibration which results in a
change in the stiffness of the structure is considered in non-linear analysis techniques
such as a pushover analysis.

* The maximum allowable height for building structures,

* The mandated special seismic detailing requirements and quality assurance plans. For
example, structures in SDC A, B, or C do not require special detailing, whereas struc-
tures in SDC D, E, or F have special detailing requirements that are specified in ASCE
7 Chapter 14.

The SDC is dependent on the following parameters:
* The Site Class which depends on the soil type at the project site.

* The mapped spectral acceleration parameter at short period, Sg, and the mapped spec-
tral acceleration parameter at 1-s period, S;.

* The short period and 1-s period response acceleration parameters, Spg and Sp;, respec-
tively, at the project site.

* The Risk Category (RC) (see ASCE 7 Tables 1.5-1 and 1.5-2, 11.6-1, and 11.6-2), and

The six SDCs identified in ASCE 7 are A through F, and the four occupancy categories
and their corresponding seismic importance factors are tabulated in Table 3-7 (ASCE 7
Tables 1.5-1 and 1.5-2). Note that for structures in SDC A, B, or C, there are no special detail-
ing requirements. There are special detailing requirements for structures in SDC D, E, or E.
The step-by-step procedure for determining the seismic design category (SDC) is described
in Table 3-8.
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TABLE 3-7 Risk Category and Seismic Importance Factor

Risk Type of Occupancy Seismic
Category Importance
(RC) Factor, I,

I Buildings that represent a low risk to human life in the event of failure (e.g., 1.0

buildings that are not always occupied). Less than 5 “lives at risk” inside
and outside of the structure due to the failure of the structure [1].

II All buildings and other structures except those listed in Risk Categories I, 1.0
III, and IV.
Less than 500 “lives at risk” inside and outside of the structure due to the
failure of the structure [1].

III Assembly buildings: Buildings used for assembly occupancies where there’s 1.25
a higher risk to the occupants if failure were to occur (e.g., theaters, elemen-
tary schools, prisons).

Less than 5000 “lives at risk” inside and outside of the structure due to the
failure of the structure [1].

v Essential facilities that need to be operational after a hazard event and 1.50
facilities that manufacture or store hazardous chemicals, wastes or fuels
e.g., police and fire stations, hospitals, aviation control towers, communica-
tion towers, emergency shelters, power-generating stations, water treatment
plants, and national defense facilities.

More than 5000 “lives at risk” inside and outside of the structure due to the
failure of the structure [1].

TABLE 3-8 Determination of the Seismic Design Category (SDC)

Step Short-period Ground Motion, S, Long-period ground Motion,
S,

1. Determine the mapped spectral | At short period (0.2 sec.), S, (site class | At long period (1 sec.), S; (site
response accelerations for the B), given as a fraction or percentage of | class B), given as a fraction or
building location from ASCE 7 acceleration due to gravity, g. percentage of g. Check if the
Figures 22-1 through 22-6, or notes in step 8 are applicable.

from other sources.

2. Determine site classification
(usually specified by the geo-
technical engineer) or obtained
from ASCE 7 Chapter 20 (see
Table 20.3-1).

o Ifsiteclassis F Site-specific design is required. Site-specific design is required.
» If data available for shear Choose from site class A through E. Choose from site class A
wave velocity, standard through E.

penetration resistance
(SPT), and undrained shear

strength
* Ifno soil data is Use site class D. Use site class D.
available
3. Determine site coefficient for Determine Short Period Site Determine Long Period Site
acceleration or velocity (per- Coefficient, F, from ASCE 7 Table Coefficient, F, from ASCE 7
centage of g). 11.4-1. Table 11.4-2.

(continued)
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(continued)

Step

Short-period Ground Motion, S,

Long-period ground Motion,
S,

. Determine soil-modified

spectral response acceleration
(percentage of g).

Sys = F, S, (ASCE 7 equation 11.4-1)

Sy = F, S; (ASCE 7 equation
11.4-2)

. Calculate the design spectral
response acceleration (percent-
age of g).

Sps = 2/3 Syg (ASCE 7 equation
11.4-3)

Sp1 = 2/3 Sy, (ASCE 7 equa-
tion 11.4-4)

. Determine Risk Category (RC)
of the structure from ASCE 7
Tables 1.5-1 and 1.5-2. (see
Table 3-7)

. Determine the SDC".

Use ASCE 7 Table 11.6-1.

Use ASCE 7 Table 11.6-2.

. Select the most severe SDC

(see ASCE 7 Section 11.6) from
step 7.

Compare columns 2 and 3 from step 7
and select the more severe SDC value.
In addition, note the following:

* For Risk Categories I, I1, or III (see
ASCE 7 Tables 1.5-1 and 1.5-2),
with mapped S; 2 0.75g, SDC = E.

* For occupancy category IV, with
mapped S; = 0.75g, SDC = F.

* When S; £0.75, ASCE 7 Section 11.6 allows the SDC to be determined from ASCE 7 Table 11.6.1 alone, provided the following
conditions are satisfied:

* In each orthogonal direction, the fundamental period of the structure, T, determined
in equations 3-17, 3-18a, or 3-18b is less than 0.8 T}, where T, = Sp;/Sps
(ASCE 7 Section 11.4.5).

* In each orthogonal direction, the fundamental period used to calculate the story drift is

less than 7.

* The seismic response coefficient is calculated using equations (3-16a) through (3-16f).

It is recommended, whenever possible, to aim for seismic design category (SDC) A, B, or C,
but it should be noted that the SDC value for any building will depend largely on the soil condi-
tions at the site and the structural properties of the building. Note that the site coefficients F,

and F, increase as the soil becomes softer. If SDC D, E, or F is obtained, this will trigger special
detailing requirements, and the reader should refer to Chapter 14 of the ASCE 7 Load Standard
for additional detailing requirements.

SEISMIC ANALYSIS OF BUILDINGS

USING THE ASCE 7 LOAD STANDARD

The four methods available in the ASCE 7 Load Standard [1] for the seismic analysis of struc-

tures are as follows:

* Equivalent Lateral Force (ELF) method (ASCE 7 Section 12.8)
* Modal Response Spectrum Analysis method (ASCE 7 Section 12.9.1)

* Linear Response History Analysis (ASCE 7 Section 12.9.2)

* Non-linear Response History Analysis (ASCE 7 Chapter 16)
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While the equivalent lateral force (ELF) method is a statics-based method, both the modal
response spectrum method and the linear response history analysis are linear dynamic analyses
using 3-D models. The fourth method — the nonlinear response history analysis method - also
uses 3-D models and accounts for the nonlinear material and geometry of the structure, as well
as the foundation-structure interaction. The structure is subjected to a suite of ground motions,
and this method requires independent peer review.

The appropriate method of analysis will depend on the seismic design category (SDC)
obtained from Table 3-8. The seismic analysis methods permitted for SDC B through F are
described in ASCE 7 Table 12.6-1. A minimum seismic lateral force at each level, equal to 0.01W,,
can be used for structures in SDC A in lieu of the equivalent lateral force (ELF) method, where
W, is the portion of the total seismic dead load (see Section 3-9) tributary to or assigned to level
x (see ASCE 7 Sections 1.4.2 and 11.7).

A plot of the design response spectra from the International Building Code (IBC) that gives
the maximum ground acceleration versus the period, T, for various buildings is shown in
Figure 3-16. Sp; and Spg are defined in Section 3-9. The response spectra can be used to deter-
mine the maximum ground acceleration for any building as a function of the period of the build-
ing. This ground acceleration can then be used to calculate the base shear and the seismic design
forces on the building. The design response spectrum approach is appropriate for structures
where the fundamental or first mode of lateral vibration dominates the lateral vibration behav-
ior of the structure. However, for tall slender structures where the higher modes of vibration
also play a significant role in the lateral vibration of the building, the response spectrum
approach is no longer applicable and other methods of seismic analysis such as modal analysis
method, and non-linear dynamic analysis (i.e., non-linear response history analysis) will be more

appropriate.
SpsT
=
Q s
S
=5 2= Sp/T
N R
~ 3
53
3§ Ser]
58
| | |
TO Ts 10 TO =0.2 (SDI/SDS)

Period, T (sec) Ts = Spi/Sps

FIGURE 3-16 Design response spectra
Source: Excerpted from the 2006 International Building Code (IBC) Figure 1615.1.4 [7]. Copyright 2006, International
Code Council, Washington, D.C. Reproduced with permissions. All rights reserved. www.iccsafe.org.

In using the equivalent lateral force (ELF) method, the mapped risk-targeted maximum
considered earthquake (MCER) spectral response acceleration parameters for short period (0.2-
s), Sg, and long period (1.0-s), S;, respectively, are required and can be obtained from ASCE 7
Figures 22-1 through 22-8. These parameters are based on a damping of 5% of critical damping
[1]. Other required parameters include the mapped long-period transition period, 7, for the
location of the structure which can be obtained from ASCE 7 Figures 22-14 through 22-17.
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Alternatively, more accurate values of the above ground motion parameters (Sg, S;, and T7})
for any specific location within the United States can be obtained using the following webtools:
https:/lasce7hazardtool.online/ or hitps://seismicmaps.org/.

IET] EQUIVALENT LATERAL FORCE (ELF) METHOD

In the equivalent lateral force method (ELF), the dynamic seismic forces caused by the ground
motion or acceleration are replaced by a set of equivalent static lateral forces at each diaphragm
level of the structure (see ASCE 7 Section 12.8). The ELF is the most widely used method for
seismic analysis and will be used in this text; the method allows linear elastic analysis to be used.
The ELF method, which assumes that the first mode of lateral vibration dominates the dynamic
behavior of the structure, can be used for most structures in SDC A through F, except for certain
structures with periods greater than 3.5(Sp;/Spg) seconds, and structures with certain types of
horizontal and vertical irregularities (See ASCE 7 Table 12.6-1). The definitions of horizontal and
vertical structural irregularities for seismic design are given in ASCE 7 Tables 12.3-1 and 12.3-2,
and the few structural irregularities that are permitted with the ELF method are described in
ASCE 7 Table 12.6-1. Structures that have continuous lateral load paths do not have the vertical
or horizontal irregularities identified in ASCE 7 Chapter 12. For many other structural irregular-
ities and for complex structures where higher modes of lateral vibrations are also dominant, the
ELF method cannot be used and the modal response spectrum analysis method which combines
the dynamic responses from several predominant modes or the non-linear response history analy-
sis method must be used. Note than any seismic design based on non-linear dynamic analysis
requires an independent design review (see ASCE 7 Section 16.1.4). The same goes for structures
that use seismic isolation and damping systems (ASCE 7 Sections 17.1 and 18.5).

For the ELF method, the factored seismic base shear (applied separately in each of the two
orthogonal directions) is calculated as

V=CW, (3-14)

S

Where,
W is the total seismic dead load which includes the following loads:

* Dead load on the diaphragm (i.e., the roof and floor levels) including its self-weight.
*  Weight of the exterior cladding or wall loads, including parapets.

* A minimum of 25% of the floor live load for warehouses and structures used for storage of
goods, wares, or merchandise (public garages and open parking structures are excluded).

e Partition load or 10 psf, whichever is greater, but this only applies when an allowance
for a partition load was included in the floor load calculations.

* Total operating weight of all permanent equipment, e.g., mechanical systems attached
to the structure, air conditioners, any equipment attached to the structure.
(For mechanical room equipment, since most of these equipment are attached to concrete
house-keeping pads which are not usually attached to the floor to avoid transmission
of equipment vibrations to the structure, the authors recommend taking the operating
weight of these equipment as 50% of the mechanical room live load for schools and
residential buildings (including the weight of the house keeping pads); and 75% for
mechanical rooms in industrial buildings.)

* 20% of the flat roof or balanced snow load, if the flat roof snow load, P, exceeds 30 psf.
A higher snow load results in a tendency for the bottom part of the accumulated snow to
adhere or stick to the structure and thus contribute to the seismic load.

*  Weight of landscaping and other materials on roof gardens [1].
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Therefore, assuming the 2™ floor is the first diaphragm above the base of the structure
(i.e., the level at which the ground motion is transmitted to the structure), the total seismic dead
load is

roof
W:Wan+W3rd+VV4th+"'+W/roof: z VVx7 (3'15)
x=2nd

Where,
W, = Seismic dead load tributary to the diaphragm at level x.

For buildings with basement levels, the basement levels will also be included in the seismic
load calculations and in the seismic analysis. From equation (3-14), the base shear, V = C,W, and
the seismic response coefficient is calculated from equation (3-16a) through (3-16f) as follows:

S
C, = % (3-162)
Ie
< 5o g T, (3-16b)
T2
Ie
< Soli for T > T, (3-16c¢)
72| B
Ie
0.5S; o .
> 7 for buildings and structures with S, > 0.6g, (3-16d)
(Ie]
> 0.044Spq1, (3-16e)
>0.01, (3-16f)
Where,
I, = Importance factor for earthquake from ASCE 7 Tables 1.5-1 and 1.5-2,
Sps = Short-period design spectral response acceleration parameter (ASCE 7 Sections
11.44 0or 11.4.7),
Sp; = 1-sec. period design spectral response acceleration parameter (ASCE 7 Sections
11.4.40r 11.4.7),
S; = The mapped risk-targeted maximum considered earthquake (MCEg) ground

motion parameter for 1.0-s spectral response acceleration (ASCE 7 Figures 22-2
through 22-8),

T = Fundamental period of vibration of the structure,

T; = Mapped long-period transition period (see ASCE 7 Figures 22-14 through 22-17,
[1]), and

R = Structural system response modification factor (see ASCE 7 Table 12.2-1).

The structural system response modification coefficient, R, is a measure of the ductility of
the seismic lateral force resisting system, and it accounts for the inelastic behavior and the
energy dissipation capacity of the lateral force resisting system (see Figure 3-2). An R value of
1.0 corresponds to a purely linear elastic structure and this would result in the highest seismic
lateral force, but it would be highly uneconomical to design structures assuming linear elastic
behavior. The use of higher R values that would reduce the base shear values to well below the
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elastic values is borne out of experience from previous earthquakes in which buildings have
been known to resist earthquake forces significantly higher than the design base shear values
because of inelastic behavior and the inherent redundancy in the building structure; this was
previously discussed in Section 3-1 in regards to Figure 3-2.

The seven basic lateral force resisting systems prescribed in ASCE 7 Table 12.2-1, each with
its unique R-values, are described as follows:

A. Bearing Wall Systems: These are lateral force resisting systems (LFRS) that support
both gravity and lateral loads (e.g., concrete or masonry shear walls that support both
gravity and lateral loads). Since the same wall system supports both gravity and lateral
loads, it lacks redundancy and therefore, the R values are smaller than other lateral
force resisting systems.

B. Building Frame Systems: In the building frame system, the gravity load is predomi-
nantly supported by the building frame consisting of the beams, girders, and columns. The
lateral load is resisted by shear walls and/or braced frames. Note that the diagonal braces
in braced frames do not support the building gravity loads. The LFRS that support only
lateral load are classified as building frame systems. It has better structural performance
because the LFRS supports only a single type of load (i.e., lateral load); therefore, the R
values are higher than those for bearing wall systems. Thus, building frame systems are
more economical than bearing wall systems. Examples of building frame systems include
braced frames (X-braced frames, Chevron braced frames, single diagonal braced frames,
and multi-tiered braced frames), masonry shear walls in steel-framed buildings, steel plate
shear walls, and steel plate composite shear walls.

It should be noted that concrete or masonry shear walls that do not support gravity
loads may also be classified as building frame systems, and it is not necessary that the
walls be isolated from the building frame. If a shear wall that is built integral with a
building frame has confined columns at the ends of the wall and/or confined columns
within the wall length, and has a beam or girder immediately above and in the plane

of the wall spanning between these columns to support the gravity loads, such a shear
wall can be classified as a building frame system; the reason is that if the shear wall
panel itself were removed, the gravity loads can still be supported by the end columns
and/or the confined columns, and the beam or girder spanning between these columns
[5]. Individual steel plate composite shear walls have a system response modification
coefficient, R of 6.5, but the Speedcore shear wall system with its coupling beams (see
Figures 3-8b and 3-8c) is expected to have an R value of 8 because of its greater ability
to dissipate seismic energy. Note that for higher seismic regions, the use of ordinary
concentric braced frames (OCBF) is not permitted because of their inherent unbalanced
hysteretic behavior in tension and compression (i.e., tension brace and the compres-
sion brace have different load-deformation characteristics). Once the compression brace
buckles, only the tension brace is active unless and until the lateral load reverses direc-
tion. For high seismic regions, buckling restrained braced frames (BRBF) are preferred
because of their balanced or symmetric hysteretic behavior. That is, under repeated
cyclic lateral loading, both the tension diagonal brace and the compression diagonal
brace have the same yield strength and the same load-deformation curve since the com-
pression brace is restrained from buckling. In ASCE 7 Table 12.2-1, BRBF used in the
dual lateral force resisting systems (System D-12) have a system response modification
coefficient, R of 8 (indicating excellent ductility), whereas OCBF (System B-3) has an R
value of 3.
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C. Moment Resisting Frame Systems

D and E. Dual Systems: Shear wall or buckling restrained braced frames (BRBF) com-
bined with special moment resisting frames (SMRF) or intermediate moment
resisting frames (IMRF) where the SMRF or the IMRF resist at least 25% of the
prescribed seismic forces. These are systems with some redundancy and there-
fore, they have higher R values.

F. Shear Wall-Frame Interactive System: Ordinary reinforced concrete moment
resisting frames and ordinary reinforced concrete shear walls.

G. Inverted Pendulum and Cantilevered-Column Systems: Structures where a large
proportion of their total weight is concentrated at the top of the structure (e.g., water
storage towers).

H. Steel Not Specifically Detailed for Seismic Resistance (R = 3.0), excluding
cantilevered-column systems: This system is only applicable for SDC A, B, or C and is
frequently chosen by design professionals in practice — because it is the more economi-
cal option for SDC A through C, and obviates the need for any special steel detailing
requirements. Using R values greater than 3.0 triggers the special detailing require-
ments in the AISC Seismic Detailing Provisions for Steel Buildings (AISC 341-10)

[8]. An R -value of 3.0 or less is recommended for design whenever possible, except in
highly seismic regions, to avoid the increased costs associated with the seismic detailing
requirements that are triggered whenever R exceeds 3.0. In fact, the lateral force resist-
ing systems for most buildings in low to moderate seismic regions of the United States
have an R value of 3 requiring no ductile detailing [22].

In addition to the structural system response modification coefficient (i.e., R-values) pro-
vided in ASCE 7 Table 12.2-1, the following additional seismic design parameters and informa-
tion are also provided in this table:

* Deflection amplification factor, C,. This factor magnifies the elastic deflection,
A,, calculated from the linear elastic analysis to account for the inelastic action due to
seismic effects (see Figure 3-2). Thus, the inelastic deflection, A, = C,A,.

* Overstrength factor, Q,. This amplification factor accounts for members (e.g., dis-
continued shearwalls supported on columns) whose strength may be higher than the
forces or loads for which they were designed. For instance, a discontinued shear wall
supported by columns may have higher strength than it was designed for and therefore
result in higher reaction forces on the column than the shear wall design called for.
Other types of structural elements for which the overstrength factor applies include
drag struts (or collectors) and chords in horizontal diaphragms. The overstrength factor
also applies to connection elements in lateral force resisting systems in order to avoid
creating a weak link in the secondary elements along the seismic lateral load path [21].

* Structural limitations and building height limits as a function of the SDC, and

* The sections in ASCE 7 where the material-specific design and detailing requirements
are specified.

Notes:

* The higher the period, T, of a structure, the smaller the seismic coefficient, C, cal-
culated from equation (3-16) and therefore the smaller the seismic base shear on the
structure. A high period structure indicates a structure with a low lateral frequency,
and since lateral stiffness is proportional to the lateral frequency, this would indicate a
relatively more flexible structure which would therefore attract smaller seismic forces.
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* The higher the R value (meaning a more ductile LFRS), the smaller the seismic coef-
ficient, C,, calculated from equation (3-16) and therefore the smaller the seismic force
exerted on the structure.

*  Where there is more than one type of LFRS in the same orthogonal direction in a
structure, use the more stringent seismic design parameters from ASCE 7 Table 12.2-1
for that orthogonal direction; that is, use the lowest R value, and the highest C,; and Q,
values.

Fundamental Period of Lateral Vibration, T (for
all types of buildings) for Seismic Analysis

The period of lateral vibration of a structure cannot be determined until the structure is
designed and the structural properties are known, but the seismic forces cannot be determined
without knowing the period of vibration. Consequently, for seismic analysis, the ASCE 7 Load
Specification allows the use of approximate methods for estimating the period of lateral vibra-
tion of building structures. The most commonly used equation for calculating the approximate
fundamental period used for the seismic analysis for all types of buildings is given in ASCE 7
Section 12.8.2.1 as

T=T,=C,/(h"), (3-17)

Where,

T = approximate fundamental period of the building

C, and x are obtained from Table 3-9 (ASCE 7 Table 12.8-2) [1], and

h, = Height (in feet) from the base to the highest level (i.e., roof) of the building.

TABLE 3-9 C; Values for Various Structural Systems

Structural System C, x
~ Steel moment resisting frames 0.028 0.8
~ Concrete moment resisting frames 0.016 0.9
Steel eccentrically braced frames (EBF) 0.03 0.75
Steel buckling-restrained Braced frames (BRBF) 0.03 0.75
All other structural systems 0.02 0.75

~ moment resisting frames that resist 100% of the lateral seismic force

Fundamental Period of Vibration, T (for

moment resisting frames only)

An alternate equation for the approximate fundamental period of lateral vibration of building
structures consisting of concrete or steel moment resisting frames and valid only for structures
not exceeding 12 stories above the base or the level at which the earthquake ground motion is

transmitted to the structure, and with an average story or floor-to-floor height of at least 10 ft.,
is given as follows (see ASCE 7 Section 12.8.2.1):

T=T,=0.1N, (3-18a)

where N is the number of stories above the base of the building.
Note that the number of stories will include the basement levels for buildings with under-
ground levels.
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Fundamental Period of Vibration, T (for concrete and
masonry shear walls not exceeding 120 ft in height)
Another alternate approximate equation for the fundamental period of vibration for seismic

analysis and design that is applicable only fo concrete or masonry shear walls not exceeding
120 ft in height is given as follows (see ASCE 7 Section 12.8.2.1):

T=T,="""h (3-18b)
Cw
where
100 & A
Co=a 2 W (3-180)
1+0 83(”}
Di

Ag= Area of base of structure, ft.?
A; = Web area of shear wall i in ft.?
D; = Length of shear wall i in ft

h, = Structural height or the height from the base of the structure to the highest level of
the seismic lateral force resisting system, in ft.
x = Number of shear walls in the building effective in resisting seismic lateral forces in
the direction under consideration.

The higher the fundamental period of lateral vibration of a structure, T}, the smaller the
stiffness of the structure and therefore, the smaller the seismic force acting on the structure. If
a dynamic structural analysis software is used to determine the fundamental period of lateral
vibration of the structure, the calculated period, T gnmic 1S limited to a maximum value, T',,,,
in order to minimize the effect of the error in calculating the fundamental period when more
elaborate methods of analysis are used. The ASCE 7 load specification sets an upper limit on the
calculated period of vibration using a factor C, which varies between 1.4 and 1.7. The maximum
period, T, that can be used to calculate the seismic forces determined as follows:

Tdynamic < Tmax = Cu Ta’ (3'19)

where
C, = Factor that depends on Sp; and is obtained from ASCE 7 Table 12.8-1, and
T, = Approximate period of vibration determined from the approximate equations pre-
sented previously.

Note that equation (3-17) is more commonly used in practice to calculate the period of lat-
eral vibration for seismic analysis and design, and equation (3-19) is used only when the natural
period of lateral vibration of the structure is determined from a dynamic structural analysis.

VERTICAL DISTRIBUTION OF SEISMIC BASE SHEAR, V

Since most structures are multiple degrees-of-freedom systems with several modes of lateral
vibration, the distribution of the seismic base shear is a combination of the contributions from
all the significant modes of lateral vibration of the structure.

The force distribution to each level is a function of the seismic weight, W,, at each level,
the height or stiffness of the structure, and the predominant modes of lateral vibration. The
exponent % in equation (3-21) (see Table 3-10) is an attempt to capture the contributions from
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the higher modes of lateral vibration. When £ is 1, the first or the fundamental mode of lateral
vibration dominates, which implies a linear distribution of the seismic lateral forces over the
height of the building.

TABLE 3-10 k values

Building Period, T, in seconds k
1
<0.5 (no whiplash effect; and implies a linear distribu-

tion of the seismic lateral forces)

056<T<25 1+05(T-0.5)

=25 2

The factored concentrated seismic lateral force at any diaphragm level x of the vertical

LFRS is given as
F =C,V, (3-20)
Where,
V = factored seismic base shear, and
W, hk
C, = %, (3-21)
S win!
i=1

F, = factored concentrated seismic lateral force at level x

W, = the portion of the total gravity load of the building, W, that is tributary to level x
(includes the weight of the floor or roof, plus the weight of the perimeter or interior
walls tributary to diaphragm level x),

W, = the portion of the total gravity load of the building, W, that is a tributary to level ;
(includes the weight of the floor or roof, plus the weight of the perimeter or interior
walls tributary to diaphragm level i),

h; and h, = Height (in feet) from the base to level i or x,

k = Exponent related to the building period (refer to Table 3-10).

Note: The height of a vertical wall that is tributary to a particular level, x, is one-half the
distance between level x and level x + 1 plus one-half the distance between level x and level
x— 1.

Level i = any diaphragm level in the building (i = 1 for first elevated level above the base
of the structure),

Level x = that diaphragm level under design consideration, and

Level n = uppermost level of the building.

For an accuracy check, note that the sum of all the concentrated lateral forces at each
diaphragm level of the structure must sum up to the total seismic base shear, V; that is,

V-XF,
i=1

Orthogonal Seismic Load Effects

For structures in SDC A through C, the seismic load on the structure in the two orthogonal
directions are considered independently (see ASCE 7 Section 12.5.2 and 12.5.3). However, for
structures in SDC D through E the orthogonal effects of seismic loads must be considered. The
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seismic lateral load on a structure in SDC D through F consist of 100% of the seismic lateral load
in one orthogonal direction plus 30% of the seismic lateral load in the perpendicular direction
considered simultaneously (ASCE 7 Section 12.5.3.1). For additional requirements, see ASCE 7
Section 12.5.4.

Diaphragm Lateral Forces, F,,

The diaphragm design lateral force is the maximum lateral force that can act on a diaphragm
regardless of what forces are applied to the other diaphragms in the building. For multi-story
is usually larger than the story force, F, or F; from

buildings, the diaphragm design force, F,,,
equation (3-20), because the response of the diaphragms at lower levels of multi-story buildings
to the higher modes of lateral vibration may result in forces larger than those calculated for the
lateral force resisting system using equation (3-20) [16].

The seismic forces on the floor and roof diaphragms can be obtained from equation (3-22)

(see ASCE 7 Section 12.10.1.1) as follows:

n

2 F

F, =W, (3-22)
W,

>0.28pg W,

<048, I,W

e px
Where,

F,. = the diaphragm lateral force at level x
F. = the design lateral force at level i from equation (3-20)
z F; = the story shear just below the diaphragm at level x

i=x
n
ZWL = the sum of the seismic weights at level x and all the diaphragms above level x
i=x
W,. = the seismic weight tributary to the diaphragm at level x
W, = the seismic weight tributary to level i

The larger of the design lateral force, I}, and the diaphragm lateral force, F,,,are used in the
analysis and design of the roof and floor diaphragms and their chords and drag struts; this will be
discussed in Chapter 14. Note that the diaphragm design force, F,,, is applied separately to each
diaphragm since their maximum value does not occur simultaneously or in the same direction in

all the diaphragms because of the difference in the mode shapes for the higher modes [16].

STORY DRIFT DUE TO SEISMIC
LATERAL FORCES

The lateral displacements at each level of the seismic lateral force resisting system due to the
seismic forces can be calculated using elastic analysis. These displacements are amplified to
account for inelastic action (see Figure 3-2). The lateral deflection at level x of the LFRS is cal-
culated as

— Cd Axe
* 1

e

A (3-23)
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A, = inelastic lateral deflection at level x of the seismic lateral force resisting system
A, = elastic lateral deflection at level x of the seismic lateral force resisting system

C, = deflection amplification factor for the LFRS from ASCE 7 Table 12.2-1

1, = seismic importance factor from ASCE 7 Table 1.5-2

The story drift is the difference between the lateral deflections, A , at the centers of mass at
the top and bottom of the story under consideration, and the allowable story drift, A,, for differ-
ent structural systems and different risk categories are tabulated in ASCE 7 Table 12.12-1. For
most steel structures, the allowable story drift, A,, is 0.020%,, for Risk Category (RC) I and II;
0.015A, for Risk Category (RC) I1I; and 0.0104,, for Risk Category (RC) IV, where A, is the story
height below level x. For moment resisting frames in seismic design category (SDC) D, E, or F,

A
the allowable story drift is — (see ASCE 7 Section 12.12.1.1), where p is the redundancy factor

defined previously in Section 2-3. The more redundancy or alternate load path that a structure
has, the lower the redundancy factor.

To avoid damaging contact between two adjacent structures, the structures should be sepa-
rated by a minimum distance, A,;;, which is equal to the square root of the sum of squares of
the maximum inelastic lateral deflections of the two adjacent structures (see ASCE 7 Section
12.12.3). That is,

Ayr = \/(AMl )2 + (A )2 (3-24)
Where,
Ay = minimum separation distance between two adjacent buildings
Ay, = maximum inelastic lateral displacement of building 1 = @
Ay = maximum elastic lateral displacement of building 1 ’
Ays = maximum inelastic lateral displacement of building 2 = @

e
Ayre. = maximum elastic lateral displacement of building 2

IEET] STRUCTURAL DETAILING REQUIREMENTS
FOR SEISMIC DESIGN

The seismic limit state is based on the behavior of the structural system and not on the behav-
ior of a structural member; it assumes considerable energy dissipation through repeated cycles
of inelastic deformations because of the large demand force exerted on the structure during
an earthquake and the huge cost that would be required to ensure linear elastic behavior (see
Figure 3-2). Because of this premise, many material-specific detailing requirements are needed to
ensure inelastic and ductile behavior of the structure. These detailing requirements as well as the
requirements relating to construction quality assurance are specified in ASCE 7 Chapter 14 [1].
After the seismic design forces on a structure have been determined and the lateral load resist-
ing systems have been designed for these forces, the structure must also be detailed to conform
to the structural system requirements that are required by the seismic design category (SDC).
Buildings in SDC A, B, or C do not generally require stringent detailing requirements for ductil-
ity. However, buildings in SDC D, E, or F require stringent detailing requirements for ductility
for the seismic lateral force resisting system and other components of the building. The reader
should refer to ASCE 7 Chapter 14 for the specified design and detailing requirements as a func-
tion of the SDC and the construction material as well as any special inspection requirements [1].
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EXAMPLE 3-5

Seismic Lateral Forces in a Multistory Building
- Equivalent Lateral Force Method

The typical floor plan and elevation of a six-story office building measuring 100 ft. x 100 ft.
in plan and laterally braced with ordinary moment resisting frames is shown in Figure 3-17.
Determine the seismic lateral forces on the building and on each moment frame assuming the
following design parameters:

Roof
moment
connection =
(typ.) 6th
=k ; K ; T )
=
5th
_ LN <«J» <> <] H -
O —
T 4th
n -
N H T H =
® i i 3rd
ES
[a~]
3 =)
-~
———p———+| - ond
S
4 bays @ 25' = 100'
a) plan view b) elevation

FIGURE 3-17 Building plan and elevation for Example 3-5

Roof dead load = 25 psf

Snow load = 31.5 psf

Floor dead load =75 psf (includes partition load)
Cladding (glazing) =20 psf

The mapped risk-targeted maximum considered earthquake (MCEg) spectral response
acceleration at 0.2-s and 1.0-s periods, respectively, are S¢ = 0.25g and S, = 0.072¢g

Solution
1. Determine the SDC (see Table 3-11.)

2. Determine the Code-approved method of seismic analysis that can be used.

From Table 3-11, the SDC is found to be B. Therefore, from ASCE 7 Table 12.6-1, we
find that the equivalent lateral force method (ELF) is one of the permitted methods of
seismic analysis for this building.

Chapter 3 — Lateral Loads and Lateral Force Resisting Systems — 177




TABLE 3-11 Determining the Seismic Design Category (SDC) for Example 3-5

Step

Short-Period Ground Motion, S,

Long-Period Ground Motion,
S,

1. Determine the mapped spectral
response accelerations for the
building location from ASCE 7
Figures 22-1 through 22-6.

S, = 0.25g Use the fraction of g
(i.e., 0.25) in the calculations.

S; = 0.072g < 0.75g Use the
fraction of g (i.e., 0.072) in the
calculations.

2. Determine site class (usually
specified by the geotechnical
engineer).

o Ifsiteclassis F

Do site-specific design.

Do site-specific design.

» If data available for shear
wave velocity, standard pene-
tration resistance (SPT), and
undrained shear strength

Choose from site class A through E.

Choose from site class A through
E.

e If no soil data available

Use site class D.

Use site class D.

3. Determine site coefficient for
acceleration or velocity (percent-
age of g).

F, = 1.6 (ASCE 7 Table 11.4-1)

F, = 2.4 (ASCE 7 Table 11.4-2)

4. Determine soil-modified spectral
response acceleration (percent-
age of g).

Sus = F, S, = (1.6)(0.25) = 0.40
(ASCE 7 equation 11.4-1)

Swn = F, S; = (2.4)(0.072) = 0.17
(ASCE 7 equation 11.4-2)

5. Calculate the design spectral
response acceleration (percent-
age of g).

Sps = % Sus = (%)(0.405) = 0.27
(ASCE 7 equation 11.4-3)

Sp; =% Sy = (%)(0.17) = 0.12
(ASCE 7 equation 11.4-4)

6. Determine Risk Category (RC) of
the structure from ASCE 7 Tables
1.5-1 and 1.5-2 or Table 3-7.

Standard occupancy building =

I,=1.0

Standard occupancy building =

I,=1.0

7. Determine the SDC.

SDC = B (ASCE 7 Table 11.6-1)

SDC = B (ASCE 7 Table 11.6-2)

8. Choose most severe SDC (i.e.,
the higher SDC value).

Compare the second and third
columns from the previous step =
USE SDC =B

3. Calculate the seismic dead load at each level, W;, and the total seismic dead load, W (see

Table 3-12).

The flat roof snow load given for this building is P, = 31.5 psf > 30 psf. Therefore, 20%
of the snow load must be included in the seismic dead load calculations to account for

the snow that may stick to the roof structure.

4. Determine the seismic coefficient, C,.

For this building, the lateral loads are resisted solely by the moment resisting frames.

Therefore, from ASCE 7 Table 12.2-1, we could select ordinary steel moment resisting

frames (system C-4) for which we obtain the following seismic design parameters for

the system:

R=35,C;=3 and Q, =3.

The equivalent lateral force method is permitted in SDC A through C.
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TABLE 3-12 Assigned Seismic Weights at Each Level of the Building

Diaphragm Level Height of Weight, W; at each Diaphragm level
Diaphragm from Base, h;

W,oop = (25 psf)(100 £t.)(100 ft.) + (20%)(31.5 psf)
Roof 60 ft. (100 ft.)(100 ft.) +(20 psf)(2)(100 ft. + 100 ft.)
(10 ft./2) = 353 kips

W = (75 psf)(100 £t.)(100 ft.) + (20 psf)(2)(100 ft. +

Sixth floor 50 ft. 100 ££.)[(10 ft. +10 ft.)/2] = 830 kips

we | empbaon
wh | e
R R
Second floor ot W, = (75 psf) (100 ££.)(100 ft.) + (20 psHI(2)(100 ft. +

100 ft.)[(10 ft. + 10 ft.)/2] = 830 kips

Note: the total seismic weight, W = W, = 4508 kips.

To use system C-4, certain detailing and system specific requirements must be met, and
the AISC 341 specification for seismic detailing of steel buildings [9] must be used (see
ASCE 7 Sections 12.2.5 and 14.1).

However, if a “steel system not specifically detailed for seismic resistance” or system
“H” is used (whenever possible and for economic reasons, this is a highly recommended
system for steel buildings.), the less stringent AISC 360 specification [10] for structural
steel buildings is permitted to be used. From a cost point of view for this building, we
will adopt system “H” (i.e., steel systems not specifically detailed for seismic resis-
tance), and the following seismic design parameters are obtained for the system from
ASCE 7 Table 12.2-1:

R=3, C; =3, and Q, = 3. (Note that system “H” is only permitted in SDC A, B, or C).

The equivalent lateral force method is permitted for this building with SDC B.
C, =0.028 and x = 0.8 (from Table 3-9 for steel moment resisting frames)

h,, = Roof height = 60 ft.

T =T, = Approximate of the building = C, (hg‘S)

=0.028 x (600'8) -0.74s5 <T, =6 s (see ASCE 7 Figure 22-12)
S, = 0.072g < 0.6g

From equations (3-16a) through (3-16f), the seismic response coefficient is calculated as

S 02T 0
R [8
7] (10
< Sp1 for T<T; = 0.12 = 0.054
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>0.044S 41, =0.044(0.27)(1.0)=0.012

20.01
Therefore, C, = 0.054

5. Calculate the seismic base shear, V.

V =C,W =(0.054)(4,503 kips) = 243 kips

Since the same structural system is used in both orthogonal directions, the calculated
base shear will be the same in both the N-S and E-W directions.

6. Determine the vertical distribution of the seismic base shear (i.e., determine the lateral
force, F, at each diaphragm level).

For T =0.74 sec., and from Table 3-10, k=1+4+0.5(0.74 — 0.5) =1.12
The seismic lateral forces at each level of the building are calculated in Table 3-13.

* The F, forces calculated in Table 3-13 are the factored seismic lateral forces acting at
each diaphragm level of the building in both the N-S and the E-W directions. That is,
the horizontal component of the earthquake, E;, = pQy = pF, = (1.0)F, = F,

The redundancy factor, p = 1.0 for SDC B & C. The vertical component of the earthquake is
E, = 0.2SpsD = (0.2)(0.27)D = 0.054D
The seismic force, E = E, = E, = F,_ + 0.054D

That is, the horizontal component of the earthquake is F, and the vertical component is
0.054D = 0.054W,.

Since the SDC is “B”, no orthogonal seismic load effects have to be considered. That
is, the seismic lateral load will be considered separately or independently in the two
orthogonal directions (see ASCE 7 Section 12.5.2).

* If the building has rigid diaphragms (as many steel buildings do), the F, forces at each
diaphragm level will be distributed to the LFRS in each direction in proportion to the
relative lateral stiffness of the moment resisting frames that are parallel to the direc-
tion of the seismic lateral force.

e If the building has flexible diaphragms, the forces at each diaphragm level are distrib-
uted in proportion to the plan area of the building tributary to each moment frame.

The different types of horizontal diaphragms - rigid, flexible, and semi-rigid — and
the distribution of lateral forces by the diaphragms to the LFRS in steel buildings are
discussed in more detail in Chapter 14.

— The overturning moment for the entire building at the base of the building can be
calculated using the F, forces as follows: Overturning moment = (37 kips)(60 ft.) +
(72 kips)(50 ft.) + (56 kips)(40 ft.) + (41 kips)(30 ft.) + (26 kips)(20 ft.) + (12 kips)
(10 ft.) = 9930 ft.-kips.

Diaphragm Lateral Forces, F,,

For this building, the diaphragm lateral forces are calculated from equation (3-22) and the
results are shown in Table 3-14.
2
Fpo= 57— W
W,

=X

180 — Structural Steel Design, Third Edition




sdpy gp sdis{ 9°68 sdrs{ 8'%% sdrs{ ¢ sdryf g1 sdrsf 0g8 €09y sdrsy 0g8 JI00[J PU029g
sdry $°g¢ sdis{ 9°68 sdry{ 8'%% sdrs{ ggg sdry 9z sdrsy 0g8 €L9°¢ sdrsy 0g8 J00[J PATY],
sdry 1°09 sdiy{ 9°68 sdry{ 8'%% sdrs{ 90g sdry 1% sdrsy 0g8 €782 sdrsy 0g8 J00[J YN0

sdpy 89 sdiy{ 9°68 sdryf 8'%% sdryf g91 sdry 9¢g sdisf 0g8 €10 sdrsy 0g8 J1007J YJ1g
sdy g-9L sdiy{ 9°68 sdry 8'v¥ sdiyf 60T sdry gL, sdisy 0g8 €811 sdnsy 0g8 JI00[} YIXIS

sdry Lg sdry{ g'g¢ sdrs{ 1°6T sdry Lg sdry Lg sdry gg¢ €ge sdny g6¢ Jooy

*d,7 ‘92104 esale] wBeaydelq H1-€ I1GVL

sdny| g9 ~ sy $¥g = ‘4 198962 = ,('11)'MX
sdry 735 sdry gy sdiy g1 sdry g1 6700 gv6°01 sdiyf 0g8 ‘90T J100[} Pu0ddg
sdry 661 sdry gy sdy 9g sdry 9g 901°0 18L°€% sdry 0g8 ‘% 0% J00[J PATY],
sdry 91 sdry ¢y sdry 1% sdryf 1% L9T°0 0g¥'LE sdrsf 0g8 5 0€ JI00TJ Y3anoq
sdiy{ 601 sdry gf sdry 9g sdrsf 9g 0€2°0 L89S sdrs{ 0g8 5 0¥ 1007} YY1
sdryf 39 sdryf gf sdry gL, sdrsf gL G620 €9€99 sdiyf 0g8 " 0g 100} YIXIg
sdryf 6T sdry 61 sdry Lg sdryf Lg ¥81°0 819V¢ sdryf ggg "3 09 Jooyg

G-€ 9|dwex3 4o} 92104 [eJale] JwsIeS €T-€ I14VL

Chapter 3 — Lateral Loads and Lateral Force Resisting Systems — 181



> 0.28psI,W,, = (0.2)(0.27)(1.0)W,, = 0.054 W,

< 0.4SpgI,W,, = (0.4)(0.27)(1.0)W,, =0.108W,,
For the roof level, the lower and upper limits above are calculated to be

0.054 pr =(0.054)(353kips)=19.1kips (lower limit)

0.108 pr =(0.108)(353kips)= 38.2kips (upper limit)
For each of the other floor levels, the lower and upper limits are calculated to be

0.054 pr =(0.054)(830kips)=44.8kips (lower limit)

0.108W,, = (0.108)(353kips)= 89.6kips  (upper limit)

Note that for this example, the diaphragm lateral force, F, , is greater than or equal to
the seismic lateral force at each level, F, or F; from Table 3-13 or F, from Table 3-14. The dia-
phragm lateral load is assumed to be applied to the diaphragm as a uniform lateral load with a

F
value of % , where / is the length of the diaphragm perpendicular to the seismic lateral load.
For the seismic lateral load acting in the X-direction, /=B, ; for the seismic lateral load acting

in the Y-direction, /=B, (see Figure 14-8b). The diaphragm behaves as a deep horizontal beam
spanning between the vertical lateral force resisting systems that are parallel to the direction
of the seismic lateral force. See Chapter 14 for the analysis, design, and detailing of horizontal
diaphragms and their components.
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Exercises
3-1. For a two-story office building 140 ft. X 140 ft. in plan and with a floor-to-floor height of
13 ft. located in your city, calculate the following wind loads assuming an X-brace is
a. Average horizontal wind pressure in the transverse and longitudinal directions.
b. Total base shear in the transverse and longitudinal directions.
c. Force to each X-brace frame in the transverse and longitudinal directions.
Assume the building is enclosed and exposure category is D.

3-2. For a two-story building 140 ft. X 140 ft. in plan with a floor-to-floor height of 13 ft., cal-
culate the following seismic loads:

a. Seismic base shear and force at each level, assuming the minimum lateral force
procedure.

b. Seismic base shear and force at each level, assuming the simplified procedure.

Assume a roof dead load of 25 psf, floor dead load of 90 psf, and a flat roof snow load of 35 psf.
Include the weight of the cladding (55 psf) around the perimeter of the building in the weight
of the roof and floor levels. Use Spg = 0.27, Sp; = 0.12, and R = 3.0.
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3-3. A five-story office building, 80 ft. x 80 ft. in plan, with a floor-to-floor height of 12 ft. and
an essentially flat roof, is laterally supported by 10-ft-long shear walls on each of the four
faces of the building. The building is located in New York City (assume a 120-mph basic
wind speed, exposure category C, and Risk Category I building).

a.

C.

For the MWFRS, determine the factored wind loads at each floor, the base shear, and
the overturning moments at the base of the building using ASCE 7 Chapter 27, Part 2
(simplified method).

Assuming two shear walls in each direction, determine the factored wind lateral force
at each floor level for each shear wall, the base shear, and the overturning moment.

Repeat part b using unfactored wind loads.

3-4. Find the following for the building described in Exercise 3-3. Assume that the rigid dia-
phragms and the ordinary reinforced concrete shear walls support gravity, as well as lat-
eral, loads.

a.

Determine the factored seismic lateral force at each level of the building in the N-S and
E-W directions. (Neglect torsion.)

Calculate the factored seismic force at each level for a typical shear wall in the N-S and
E-W directions.

Calculate the factored total seismic base shear for a typical shear wall in the N-S and
E-W directions.

Calculate the factored seismic overturning moment at the base of a typical shear wall
in the N-S and E-W directions.

If instead of having walls on each of the four faces of the building (i.e., two shear walls
in each direction), the building has five ordinary concentric steel X-brace frames in
a building frame system (located 20 ft. apart) in both the N-S and E-W directions.
Recalculate the factored seismic force at each level of a typical interior X-brace frame,
the factored base shear, and the overturning moment. Assume that the structural steel
system is not specifically detailed for seismic resistance.

Recalculate the forces and moments in part e, assuming the building has flexible
diaphragms.

Assume the following design parameters:

Average dead load for each floor is 150 psf.

Average dead load for roof is 30 psf; the balanced roof snow load, P, is 35 psf; and the
ground snow load, P, is 50 psf.

Average weight of perimeter cladding is 60 psf of vertical plane.

Building is a nonessential facility.

Floor and roof diaphragms are rigid (parts a—e).

Shear walls are bearing wall systems with ordinary reinforced concrete shear walls.
Short-term spectral acceleration, Sg = 0.25g.

1-sec. spectral acceleration, S; = 0.07g.

No geotechnical report is available.

Neglect torsion.

3-5. The roof of a one-story, 100-ft. X 120-ft. warehouse with a story height of 20 ft. is framed
with open-web steel joists and girders as shown in Figure 3-18. Assuming a roof dead load

of 15 psf, determine the net factored wind uplift load on a typical interior joist. The build-

ing is located in Dallas, Texas. Assume exposure category C.
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FIGURE 3-18 Warehouse roof framing plan for Exercise 3-5

3-6. A two-story steel structure, 36 ft. x 75 ft. in plan, is shown in Figure 3-19 with the follow-
ing given information. The floor-to-floor height is 12 ft., and the building is enclosed and
located in Rochester, New York, on a site with a category C exposure. Assuming the follow-
ing additional design parameters, calculate the following:

AN

—
Roof
" N
= 2nd floor
a
)r 5(
100'
Plan View Elevation

FIGURE 3-19 Building plan and elevation for Exercise 3-6

Floor dead load =100 psf
Roof dead load = 30 psf
Exterior walls =10 psf

Snow load, P =40 psf
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Site class =D

Importance, I, =1.0

C.
d.

Sg =0.25%
S, =0.07%
R=3.0

The total horizontal wind force on the MWFRS in both the transverse and longitudinal
directions.

The gross vertical wind uplift pressures and the net vertical wind uplift pressures on
the roof (MWFRS) in both the transverse and longitudinal directions.

The seismic base shear, V, in kips using the equivalent lateral force method.

The lateral seismic load at each level in kips.

3-7. Calculate the following for the building plan shown in Figure 3-20. The building is located
in Orlando, FL. The exposure category is B and the building has normal occupancy. Use
the simplified method for wind load calculations from ASCE 7 Figure 28.5-1.

| 180 |
Roof ‘ BI1 "
T H H— ~H 1
;r
4th floor N N
> T I I I I I
3rd floor ) o | 2
- m m m
= / / ‘
2nd floor T i T i
)
L I H H=>—="H I
BF1
Elevation Plan View

FIGURE 3-20 Building plan and elevation for Exercise 3-7

Table of values for Py, end zone width ‘a,” A, and average wind pressure, ‘q.” Consider
horizontal wind loads in the transverse and longitudinal directions only (neglect verti-
cal loads and components and cladding).

Calculate the wind force at each level in the transverse and longitudinal directions.
Since the parapet height is not given, ignore the wind pressure on the exposed area of
the parapet.

Draw elevations of Braces BF1 and BF2 showing the lateral wind forces at each level.
Calculate the overturning moment and base shear in each of the typical braced frames,
BF1 and BF2.

Describe the load path for the wind load on this structure. Assume the exterior walls
are framed with full height wall studs that frame between each level.
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3-8. Find the following parameters for the building in Figure 3-21. Use service loads only.

D=30pst

36’ 36' 36'

22psf
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transverse wind
FIGURE 3-21 Building plan and elevation for Exercise 3-8

a. Wind force at each level and the base shear in the transverse direction.
b. Uniform dead load to B-1 in plf.
c. Draw a FBD of the braced frame at B-1 showing the dead and wind loads.

3-9. For the roof plan shown for a single-story building in Figure 3-22, describe the load path
through each element shown if the roof is subjected to wind loads in the upward direction.

C-1
H H

B-1

B-2

|
|
i
|
A
l \—metal deck

H H

FIGURE 3-22 Roof framing for Exercise 3-9

3-10. Calculate the following for the building shown in Figure 3-23. The mapped risk-targeted
maximum considered earthquake (MCEp) spectral response acceleration at 0.2-s and 1.0-s
periods, respectively, are: Sg = 0.40g and S; = 0.16g. The dead load on each floor is 80 psf
and the dead load on the roof is 20 psf; the cladding weight is 20 psf. The flat roof snow
load (Py) is 40 psf. The lateral force resisting system is classified as “Intermediate Steel
Moment Frame,” and given the aspect ratio of the roof and floor diaphragms, assume a
rigid diaphragm in distributing the lateral loads to the moment resisting frames.
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FIGURE 3-23 Building plan and elevation for Exercise 3-10

a. Determine the SDC. The soil site class is C and the building has normal occupancy.

b. Determine the seismic base shear, V, and the force at each level using the equations for
the “Equivalent Lateral Force” method. Assume T < T,

c. Determine the force at each level in each moment frame MF1 and MF2 and sketch a line
diagram showing the elevation of each moment frame, and the applied lateral seismic loads.

3-11. For the four-story building in Exercise 3-10 (Figure 3-23), calculate the following wind
loads using the Directional Method from Part 1 of ASCE 7 Chapter 27. The lateral force
resisting system is classified as “Intermediate Steel Moment Frame,” and given the aspect
ratio of the roof and floor diaphragms, assume a rigid diaphragm in distributing the lateral
loads to the moment resisting frames. For each part below, sketch a line diagram showing
the elevation of each moment frame and the applied lateral wind loads. Assume the basic
wind speed is 115 mph, a partially enclosed classification, and terrain/exposure category C.

a. Determine the factored lateral wind force in kips in the East-West direction at each
level of the building for each moment frame MF1.

b. Determine the factored lateral wind force in kips in the North-South direction at each
level of the building for each moment frame MF2.

c. Compare the wind load results to the seismic load results obtained in Exercise 3-10.
Briefly discuss your findings and conclusions as to which lateral loads — wind or seismic —
will control the design of this building.

d. Compute the wind forces in kips at each level of the each of the moment resisting frames
MF1 and MF2 that will be used in checking the lateral deflections of the moment resist-
ing frames.

3-12. A one-story building that will be used as an emergency shelter has the roof plan shown in
Figure 3-24. The building is laterally braced with X-braces as shown. Assume the following
seismic design parameters, and determine other parameters as needed:

* Total seismic dead load assigned to the roof, W = 500 kips

* Spg = 0.30g

e Sp; =0.15g

* T; =6sec

* R=3

* C,=0.02and x = 0.75 for X-braces
* S, <0.6g
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FIGURE 3-24 Building plan and elevation for Exercise 3-12

a. Using the Equivalent Lateral Force (ELF) method, calculate the factored seismic base
shear, V, (in kip) on the building. Note that the seismic weight, W, concentrated at the
roof level of the one-story building is given.

b. Calculate the factored force, F, (in kip) at the roof level of the X-braced frame, XB1,
along grid line A. Assume a rigid diaphragm in distributing the lateral loads.
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c. Using the factored lateral force acting at the roof level of the X-braced frame, XB1,
along grid line A, calculate the factored axial tension force, P, in the diagonal X-brace,
XB1.

3-13. Assume the wind load parameters for the building in Figure 3-24 are as follows:
* Building with lateral natural frequency, f > 1 Hz
* Risk Category (RC) II
* Basic Wind Speed = 150 mph
* Exposure Category “C”
* Flat land
* Partially enclosed
* Assume L/B = 1.0

a. Calculate K, and K, at each level of the one-story building.

b. Calculate the velocity pressures, q,, on the windward wall, and q;, on the leeward wall
in psf, for the main wind force resisting systems (MWFRS). Assume K, = 1.0

c. Assuming L/B = 1.0, determine the external pressure coefficients for the windward
wall and the leeward wall using the ASCE 7 table. Calculate the design external wind
pressure (in psf) on the windward wall, Py, and the design external wind pressure (in
psf) on the leeward wall, P;y. Illustrate with a diagram showing the wind pressures
acting on the one-story building, and the proper directions of the wind pressures, Py
and Pyy.

d. Calculate the net lateral design wind pressure, P, in psf acting on the building. Illustrate
with adiagram showing the NET factored wind pressure acting on the one-story building.
Using the factored net wind pressures from Part (e), calculate the factored concen-
trated lateral wind load acting at the roof level of X-brace XB1 along grid line A.

3-14. A building located in a hurricane zone in the United States is to be used as an emergency

hurricane center. The seismic activity in the area is low.

a. What Risk Category (RC) should be assigned for the wind design of this building, and
why?

b. What Risk Category (RC) should be assigned for the seismic design of this building, and
why?
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HAPTER

Tension Members .

BEE INTRODUCTION

Axially loaded members stressed in tension are used in steel structures in various forms; they occur
as web and chord members in roof and floor trusses, and as hangers and sag rods, diagonal braces for
lateral stability, lap splices, and in moment connections (see Figure 4-1 for some examples of tension
members). They also occur as horizontal floor and roof members in resisting the horizontal tension at
the top of sloped columns or diagonal struts, and as chords and drag struts or collectors in roof and floor
diaphragms in resisting lateral loads (see Chapter 14).

Beams and columns are subject to buckling due to compression stresses (such as lateral-torsional
buckling, Euler buckling, and local buckling) and must be checked for this failure mode, but tension
members are not susceptible to lateral instability since compression stresses do not exist. The exception
to this is the special case when the applied tension load is eccentric to the member in question, inducing
an applied moment and therefore creating the possibility of lateral instability.

The basic design check required for a tension member is to provide enough cross-sectional area to
resist the applied tensile force. One factor that has to be considered is the non-uniform cross-sectional
area of tension members with bolted end connections. The cross-sectional area of the tension member
is smaller at the bolt locations than elsewhere along its length due to the presence of the bolt holes.
Members with concentric axial tension loads are rare in practice and instead, tension members are often
subjected to eccentric axial loading; for example, a single angle subjected to a concentric axial tension
load may also be subjected to bending moment at its ends because of the eccentricity of its connection
gusset plates at the end supports of the angle. Even though slenderness is not a direct design concern
for tension members since they do not buckle, the AISC specification does recommend an upper limit on
the slenderness ratio L,/r for tension members. This upper L /r limit is equal to 300 for tension mem-
bers and 200 for compression members, where L, is the effective length, KL, of the member and r is the
radius of gyration (See Chapter 5). This recommendation does not apply to rods or hangers in tension
and it is not a mandatory requirement.

=1 FAILURE MODES AND ANALYSIS
OF TENSION MEMBERS

For members subjected to tension, the two most basic modes of failure are tensile yielding on the gross
section and tensile rupture at the net section. Tensile yielding occurs when the stress on the gross area
of the section is large enough to cause excessive deformation. Tensile rupture occurs when the stress on
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FIGURE 4-1 Common tension members

the effective area of the net cross-section is large enough to cause the member to fracture or rup-
ture (perpendicular to the tension force), which usually occurs across a line of bolts where the
tension member is weakest (see Section D of the AISC Specifications). The effective area is usu-
ally smaller than the gross cross-sectional area; the reduction in the cross-sectional area occurs
due to the non-uniformity of tension stresses (a phenomenon also known as shear lag) and due
to the presence of bolt holes in bolted connections. Other failure modes of tension members
include block shear (which will be discussed later in this chapter) and the failure of the bolted
or welded connections at the ends of the tension member; these connection failure modes will
be covered in Chapters 9 and 10.
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Tensile Yielding on the Gross Section:

Failure occurs in this mode by tensile yielding of the member at the gross cross-section. In the
LRFD