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Preface

In the last few years, remarkable technological advances have been achieved in bridge
engineering technology. These cover a wide spectrum of issues, ranging from design,
maintenance, and rehabilitation methodologies to material and monitoring innovations.

Within an international framework of exchanging the state-of-the-art in the field of
bridge engineering, the Fourth New York City Bridge Conference was held on August
27-28, 2007. This book contains a selected number of papers that were presented at the
conference. These papers are valuable contributions to the body of knowledge in bridge
engineering technology. The Fourth New York City Bridge Conference was
distinguished for its global impact. Bridge engineering experts presented papers from
Belgium, Canada, Croatia, England, France, Germany, Italy, Japan, Lebanon, Northern
Ireland, Scotland, Switzerland, Taiwan and Turkey. These, along with a list of prominent
bridge engineering professionals from the United States, will assure the archival quality
of this book.

The proceedings lead off with a paper by Forde and Ohtsu on the “International state
of practice in the inspection of grouted duct post-tensioned concrete bridge beams and
decks”. Post-tensioned concrete bridges have been used for both rail and road bridges for
some forty years. Problems were first noticed with road bridges due to the use of de-icing
salts. However, there have been collapses of post-tensioned concrete railway bridges.
Following these series of collapses, the Highways Agency in the United Kingdom
enforced a ban on the construction of post-tensioned bridges with metallic tendon ducts.
The moratorium was lifted with the introduction of plastic tendon ducts. The paper
focuses on the analysis of impact-echo NDT of concrete beams with plastic tendon ducts
— using both a conventional frequency domain analysis and using the Japanese SIBIE
(Stack Imaging of Spectral Amplitudes Based on Impact-Echo) method. The authors
show that the SIBIE method of analysis exhibits great promise in testing these previously
difficult to inspect plastic tendon ducts, using impact-echo. Segmental bridges are
commonly used in the last thirty years as part of modern roads and highways in Croatia.
During regular and preventive bridge inspections some defects were detected. In
“Durability of concrete segmental bridges” Banic et al present typical types of concrete
segmental bridges built in Croatia, types of construction and condition state of several
types of segmental bridges. Condition of those structures was determined during bridge
inspections conducted in the last five years. Characteristic damages of segmental bridges,
rehabilitation procedures applied in several cases and also some improvements on new
structures are presented. In “Cyclic tests of precast segmental unbonded post-tensioned
concrete bridge piers”, Ou et al present an experimental study on the seismic performance
of precast segmental unbonded post-tensioned concrete bridge piers. The pier specimen
consists of a foundation, four hollow column segments and 5.7-meter high pier cap. The
prestressing tendons are located inside the hollow core of the pier column and hence are
unbonded with the surrounding concrete. In the first pier specimen, no mild steel



reinforcement is extended across the column segment joints. In the other two specimens,
longitudinal mild steel bars, also referred to as energy dissipation bars or ED bars,
anchored at the foundation and extended up to the pier cap, are added to enhance the
seismic energy dissipation. The test results showed that all the pier specimens exhibited
satisfactory ductile behavior. The hysteretic energy dissipation, lateral strength and
residual drift upon unloading of the specimens increased with the increase of the amount
of ED bars. The Jamestown-Verrazzano Bridge over Narragansett Bay, Rhode Island,
USA, features a 1,509 meter-long prestressed segmental box girder main bridge with 23
spans varying in length from 33 meter to 194 meter, and a 732 meter-long trestle
structure. The bridge was open to traffic in 1992 and a baseline inspection was conducted
in 1999. The scope of the baseline inspection included analysis, load rating, and
comparison of creep deflections based upon as-built shop drawings, and casting and
stressing schedules versus field-surveyed conditions. During subsequent inspections
nondestructive and destructive methods were used to investigate the post-tensioning ducts
for the presence of voids. Over 28,000 meters of nondestructive impact-echo
(sonic/ultrasonic) measurements were taken on the concrete top slab, webs and bottom
slab containing the tendons to evaluate the grouted tendon ducts for voids. Of the
approximately 1,520 tendon ducts tested, 7.5% or 114 tendon ducts were determined to
have voids. Void lengths ranged from 0.3 meter to over 94 meters. In most cases the
tendons were grout covered but some of the tendons were exposed and exhibited
corrosion. At the time of construction, grouting methods were not always fully effective.
Currently, voids in post-tensioned ducts are an issue for a number of bridge owners.
Other repairs include use of epoxy-injection with CFRP reinforcement system for the
cracked webs of the segmental box girder pier tables. In their paper “Inspection and
rehabilitation of Jamestown-Verrazzano segmental concrete bridge”, Abrahams et al
discuss these findings and repairs that are currently underway.

Cable-supported bridges are notable for their aesthetic appeal and ability to link long
spans. Many of the issues associated with these structures require thorough studies prior
to construction. In “Ultimate capacity of suspension bridges with arbitrary imperfect
towers”, Inoue investigates the difference of ultimate capacity of suspension bridge due
to the imperfection of towers. The measurements of tower deviations from the ideal
position for constructed suspension bridges, mainly in Japan, have been studied and the
tendencies of imperfection have been classified into different types. The effect of tower
imperfection for the ultimate capacity has been investigated by 1-1/2 order analyses using
2-D bridge model. Four types of imperfect tower with the different imperfect shapes were
modeled at the freestanding position. Finally, the difference of ultimate capacity among
the imperfect models is summarized and some remarks are offered for more reliable and
economical bridge in the future. The new trend in design of footbridges in Turkey is to
utilize cables. Some of these bridges have fake cables while others partially rely on the
cable system. These steel composite bridges typically constructed over highways span
about 40 to 60 meters. It was observed that the bridges with fake cables can be
substantially heavier than the ones with functional cables. In “Cable supported footbridge
analysis with construction staging”, Caner studies the importance of tensioning sequence
of cables and impact of construction staging on the design forces at superstructure to have
economical designs. A case study is illustrated as an example design. Locked coil cable
assemblies are used in cable supported road bridges (e.g. as suspenders in suspension



bridges and hangers in arch bridges) and a large variety of pedestrian and cycle bridges.
Despite of lots of installations all over the world and recent product enhancements,
locked coil cable assemblies are not so well known in the USA. Recently, increased
demand for the product has been observed. In “Locked coil cable assemblies for bridges”,
Bechtold et al introduce an overview about present and past applications of locked
coil cables.

Isolation bearings have become a standard tool for engineers designing bridges in
seismic regions. However, the added complication of cold weather has raised concerns
with rubber isolators and their performance in northern regions of the United States. As a
result, bridge designers are migrating towards sliding isolation bearings (SIB) in these
regions. SIB have been proven to be cost effective and high damping devices on
numerous projects to date. Watson describes the research that led to the development of
SIB. In addition several case histories will be reviewed in an effort to demonstrate SIB
capabilities in low temperature environments. Deformations on the order of 11 mm in the
masonry plates of installed lead rubber isolation bearings were observed in a highway
bridge. Of the more than 400 isolators in the project, approximately 30 showed
deformations greater than 2 mm. Due to the cost, accessibility issues and traffic impacts
of removing and replacing the isolators, the Owner agreed to accept laboratory testing as
a means to determine which effects, if any, the deformation had on the properties of the
lead core isolation bearings. Jacak and Pezzotti present the “Results of tests performed on
lead-rubber seismic isolators with deformed masonry plates”. New bearings were
manufactured in accordance with the original project requirements. The new bearings
were first tested to establish baseline properties and validate their compliance with the
contract documents. Subsequently, the isolators were deformed in the lab to achieve a
similar deformation as that observed in the structure. The bearings were then tested in the
deformed condition and the results compared to the baseline properties. Soil-Structure
interaction may play a major role in the seismic response of a bridge structure.
Specifically, a significant reduction in soil stiffness and strength may result in permanent
displacement of the abutments and foundations, thus imposing important kinematic
conditions to bridge structure. In “Humboldt Bay Middle Channel Bridge: 3D bridge-
foundations-ground system”, Trombetti et al show the effects of this behavior referring to
the Humboldt Bay Middle Channel Bridge, in California, USA. The Finite Element
model and nonlinear solution strategy are built in the open-source software plat-form
OpenSees. The 3D nature of bridge response imposes significant computational
challenges. The soil is modeled as a nonlinear material with a Von Mises multi-surface
kinematic plasticity model so as to reproduce elasto-plastic shear response. The results
obtained using 1978 Tabas earthquake record show that changes in properties of the
superficial soil layers dictate significantly different time histories of dynamic excitation
at the various support points of the bridge (piers and abutments).

Bridge design methodologies have made significant strides due to technological
advances in construction, fabrication and testing techniques. The $210 million Florida
Avenue Bridge project is being designed to provide reliable access between St. Bernard
and Orleans parishes over the Inner Harbor Navigational Canal (IHNC) in New Orleans,
Louisiana. The project includes a five-span high-level bridge over the IHNC with a
143-meter center span. Bridge type studies were completed to determine the most viable
structure type. Both cast-in-place segmental concrete box girder and steel plate girder



alternates were selected for final design. In “Design of Florida Avenue Bridge over the
Inner Harbor Canal”, Nelson presents the design of the segmental concrete alternate. The
superstructure consists of a variable depth twin-cell box girder that is supported by
voided box column piers and steel HP piles. The bridge will be built with form travelers
using the balanced cantilever method of construction. Heat curving is widely used for
fabricating curved steel bridge I-girders. Curving is accomplished by asymmetric heating
of the flanges of the straight girder. Heat is applied along the girder length continuously
or intermittently with the heated width varying from '/, to '/4 of the flange width
depending on the curvature. Curvature develops after the girder cools to ambient
conditions. Current practice limits the maximum temperature to 620°C for conventional
Grades 250 and 345 steels. The “Guide for Highway Bridge Fabrication with HPS 485W
Steel” recommends investigating heat curving of HPS 485W at 705°C. In their paper
“Heat curving HPS 485W bridge I-girders”, Gergess and Sen evaluate the validity of the
705°C temperature using non-linear finite element analysis. Other fabrication issues
relating to heat curving stiffened and hybrid girders are also addressed. Results show that
the maximum temperature can be somewhat lower. Stiffeners may reduce the curvature
by up to 10% while hybrid girders with top and bottom flanges made of different steel
grades require different heating profiles. In “Testing of a novel flexible concrete arch
system”, Taylor et al describe the testing of a flexible masonry concrete arch system
which requires no centering in the construction phase or steel reinforcement in the long-
term. The arch is constructed from a ‘flat pack’ system by use of a polymer reinforcement
for supporting the self-weight of the concrete voussoirs and behaves as a masonry arch
once in the arch form. The paper outlines the construction of a prototype arch and load
testing of the backfilled arch ring. Some comparisons to the results from analysis
software have been made. The arch had a load carrying capacity far in excess of the
current British Highways Agency design wheel loads.

The Great River Bridge, built in 1939, is located in downtown Westfield, a City in
Western Massachusetts, USA. The through truss bridge is a landmark for the City,
forming perhaps the most distinctive structure in the downtown area. The project scope
was initially limited to the rehabilitation of the 112 meter long, two-span structure.
However the project has grown to include the design of two other bridge structures, four
landscaped parks, several thousand feet of urban roadway, and two miles of railroad
track. In “Westfield Great River Bridge”, Ennis presents the different components of the
project. The State Route 62 Bridge over Crooked Fork Creek in Morgan County,
Tennessee, USA, was originally designed in 1940. After more than six decades of service
to the citizens of this rural community, the bridge had become structurally deficient and
functionally obsolete. The Tennessee Department of Transportation (TDOT) decided an
extensive rehabilitation was needed to address the structural problems and improve its
functionality. The project entailed a complete replacement of the original superstructure
as well as repair and modification of the existing substructure units. In “Renewing the
Crooked Fork Creek Bridge”, Wilson describes the project which was accomplished
without construction within the channel of the creek. To avoid the need for a lengthy
detour, construction activities were phased and traffic control designed so that one lane of
traffic could be maintained across the bridge throughout the duration of the project. The
aging highway bridge continuously renewed while accommodating traffic flow. The
traveling public demands that this rehabilitation and replacement to be done more quickly



to reduce congestion and improve safety. Conventional bridge reconstruction is typically
on the critical path because of the sequential, labor-intensive processes of completing the
foundation, the substructure, the superstructure infrastructure in the United States is being
subjected to increasing traffic volumes and must be components, railings, and other
accessories. Bridge systems can allow components to be fabricated off site and moved
into place quickly while maintaining traffic flow. Depending on the specific site
conditions, the use of prefabricated bridge systems can minimize traffic disruption,
improve work-zone safety, minimize impact to the environment, improve
constructability, increase quality, and lower life-cycle costs. In “Rapid delivery! New
Jersey overnights bridge rehabilitation for Trenton Bridges” Capers and Cheng discuss
the adopted approach to the replacement of the superstructures of two structurally
deficient bridges carrying a freeway section of Route US 1 through the capitol city of
Trenton, New Jersey, USA. The Route 70 over Manasquan River Bridge replacement
project utilized an innovative precast substructure solution on a project requiring difficult
coordination of highway and marine traffic, environmental constraints and community
involvement. The 7.6-meter high, 220.7-meter long bridge, which is supported on five
architecturally treated precast High Performance Concrete (HPC) in-water piers, crosses
a navigable waterway in the coastal region of the State of New Jersey, USA. The precast
pier column and cap components were fabricated offsite, delivered via barges and trucks
and assembled using post-tensioning. Pier foundations were constructed at the waterline
within precast concrete cofferdam shells, which provided pile driving templates, served
as architecturally treated formwork for the footings and eliminated construction of
traditional cofferdams. Yermack presents the details of the project in his paper
“Accelerated construction of precast concrete piers on the Route 70 over Manasquan
River Bridge replacement project”. Stainless steel reinforcing has been used in numerous
structures throughout North America. Recent advances in concrete technology have
provided structural designers with materials which can easily last over 100 years, and the
life of many concrete structures today is limited by the reinforcing. Improvements in the
life of the reinforcing can be translated directly into extended life of the structure. Current
projections by several transportation agencies show that the use of solid stainless steel
reinforcing bar in bridge decks will more than double the life of the bridge deck. While
solid stainless steel reinforcing bar can increase the cost of the bridge deck by as much as
12% (compared to carbon steel reinforcing), the economic value of the longer life
outweighs the initial higher cost. In “Improving tomorrow’s infrastructure: extending the
life of concrete structures with solid stainless steel reinforcing bar”, Schnell and
Bergmann discuss corrosion resistance and cost saving offered by the use of stainless
reinforcing.

The paper “Use of structural health monitoring techniques for a forensic study of
bridge accidents”, by Yun, presents an overview of a real-time web-based continuous
monitoring system for the Vincent Thomas Bridge. An effective multi-thread bridge
monitoring system architecture is shown. Using the bridge monitoring system, the bridge
response to earthquakes, bridge-ship collision and ambient vibration was measured, and
the bridge modal frequencies were successfully determined with vibration-based
identification methods. In “Bridge Management and Inspection System for Montgomery
County, Maryland”, Shaffer and Schellhase cover an overview of the county’s needs and
the solutions that have been developed to significantly improve both the inspection and



management processes. Electronic forms were created to meet the county’s requirements,
the most rigorous in the state of Maryland, USA, and thus allowing for entry of all
information from the inspection. Inspection of bridge decks generally relies on visual
inspection and use of basic non-destructive testing techniques. Assessment typically
involves comparison of observed condition with pre-defined condition states. Current
condition states require little quantitative data and must apply across many different
material types and bridge elements. Use of these types of subjective techniques may lead
to uncertain assessment of structure condition. This is particularly true when comparing
different structures or structures assessed by different personnel. One improvement that
may be considered to reduce the uncertainty or subjectivity of the current process is the
introduction of quantitative measures within the condition states. In “Objective condition
states for concrete bridge deck assessment”, Knight discusses condition states developed
for assessment of concrete cast-in-place bridge decks. The proposed condition states
include basic quantitative information and address specific forms of deterioration
consistently identified during inspection. The Brooklyn Bridge stands as a monument of
bridge engineering, and while easily accessible to the public, access for structural
inspection is difficult. As part of the 2006 biennial inspection of the Bridge, a detailed
masonry inspection of the Manhattan and Brooklyn towers was conducted using rope
access techniques to examine areas previously investigated only through remote visual
methods. In “The 2006 rope access inspection of the Brooklyn Bridge towers: a new view
of an old bridge”, Schmidt discusses the access methods employed for a detailed
inspection of the bridge tower masonry. Challenges included performing this work
without adding anchors to the towers, registration of inspection findings on a massive
masonry structure in a repeatable format, and providing tactile inspection access in stone
overhangs, beneath steel walkways and within recesses.

Bridge structures stand as landmarks of aesthetics and monument of engineering
ingenuity. On the theme of historic bridges, Melewski et al take the reader along a
“Walkway over The Hudson (historic bridge to northeast recreational destination)”. The
paper discusses the historic significance of the Poughkeepsie Railroad Bridge, which was
opened in 1888. It was the longest bridge in the world when the first train crossed it. As
the first bridge constructed across the Hudson River between New York City and Albany,
the bridge had an enormous impact on transportation throughout the Northeast United
States. After a long history of ownership and uses, the bridge suffered damage from a fire
in 1974 that rendered it unusable for railroad traffic. A comprehensive study has begun to
certify structural integrity and to produce a plan to establish it as a public park and
walkway, as well as a bridge engineering educational resource. The paper provides a
brief historic overview, discusses the objectives of the comprehensive study and the
findings of the late 2006 underwater inspections. In “Aesthetics and durability aspects in
the realization of small and medium span arch bridges” Siviero and Zanchettin present
the importance of function and its harmony with the surrounding environment. The
authors discuss the value of aesthetics within the context of long lasting durability. In
January of 1886, an American contractor, Union Bridge Company of New York City,
won an international competition to design and build a two-track steel railroad bridge of
approximately 3,000 feet in length over the Hawkesbury River in New South Wales,
about 30 miles north of Sydney, Australia. At the time it was the biggest public works
project in the southern hemisphere. In his paper “Hawkesbury Railway Bridge near



Sydney, Australia”, Gandhi gives a background of this project; details of 14 designs
submitted by different contestants from England, France, Australia, and the US;
construction methods; key individuals involved in this project; difficulties encountered
during construction; and its successful completion. The bridge was completed in 34
months and opened to traffic with great fanfare in May 1889. It linked the north and
south regions of Australia. The bridge was strengthened several times and ultimately
replaced in 1946. Projects responsive to the purpose and needs defined by the
stakeholders generate greater participation and ownership in the project. Involving the
community early builds support and minimizes resistance that sometimes develops in
response to change. Officials benefit by helping the public anticipate construction with
the knowledge that any inconvenience will be rewarded by a structure that is responsive
to the specific needs of the community. In “Historic bridge replacement: a collaborative
approach to context sensitive design”, Piotrowski and Chamberlin present architect’s
experience in the replacement of the Royal Park Bascule Bridge, Florida, USA.

The contributions of an outstanding body of technical experts from all over the world
ensure the archival value of this set of proceedings. The presented material in this volume
reflects state-of-the-art innovations in bridge engineering technology. The editor thanks
the authors and expresses a special note of gratitude to the reviewers. This volume is a
result of the sacrifice of time and effort, dedication and collective wisdom of all
contributors.

Khaled M. Mahmoud, PhD, PE

Chairman of Bridge Engineering Association
www.bridgeengineer.org

President of Bridge Technology Consulting
www.kmbtc.com

New York City, USA

New York City, August 2007
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Chapter 1
International state of practice in the inspection
of grouted duct post-tensioned concrete bridge
beams and decks

M.C. Forde
University of Edinburgh, Edinburgh, Scotland, UK

M. Ohtsu
Kumamoto University, Japan

ABSTRACT: Post-Tensioned concrete bridges have been used for both
rail and road bridges for some 40 years. Problems were first noticed with
road bridges due to the use of de-icing salts. However there have been
collapses of post-tensioned concrete railway bridges. Following this series
of collapses, the Highways Agency enforced a ban on the construction of
post-tensioned bridges with metallic tendon ducts. The moratorium was
lifted with the introduction of plastic tendon ducts.

This paper will focus on the analysis of impact-echo NDT of concrete
beams with plastic tendon ducts — using both a conventional frequency
domain analysis and also using the Japanese SIBIE (Stack Imaging of
Spectral Amplitudes Based on Impact-Echo) method. It will be shown that
the SIBIE method of analysis exhibits great promise in testing these
previously difficult to inspect plastic tendon ducts, using impact-echo.

1 INTRODUCTION

Post-Tensioned concrete bridges have been constructed in the UK since 1947. In the case
of highways, a major issue has arisen with the grouting of the Post-Tensioned tendon
ducts. If water, chlorides and oxygen infuse into these ducts then the tendon corrodes
reducing the strength, ultimately leading to structural collapse. The collapse mechanism
is brittle and little or no warning may be given.

Railway bridges are less vulnerable than highway bridges as the latter are not normally
subjected to de-icing salt. None-the-less, railway bridges remain vulnerable (Woodward
& Williams, 1998), albeit the time scale to failure may be longer.

2 APPROACHES TO INSPECTION OF P-T CONCRETE BRIDGES

A number of different approaches have been developed for the inspection of P-T concrete
bridge beams. These are summarised in Table 1.
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2.1 Drilling and inspection by borescope

Drilling and inspection by borescope (Stain & Dixon, 1993) remains the most widely
used technique in the UK. This procedure is seen as definitive at the point of inspection.
GPR is often used to detect the location of the metallic tendon ducts. Drilling into the
duct is undertaken with great care with an automatic cut-out switch. Finally a borescope
is used to inspect the void and the state of the tendons. Sometimes a gas test may be used
to estimate the volume of the void. Apart from being slow, risky and expensive.

Table 1. Methods of detecting voids grouted ducts of P-T
concrete bridges (Highways Agency, 2007).

Metal Plastic
ducts ducts

No No

Cost of
method

Low

Investigation

method Effectiveness of technique

Visual Inspection Technique if ineffective as bridges
rarely show distress before

catastrophic failure.

Load Test Relatively

high

Ineffective procedure and
dangerous as the structure could fail
before any meaningful deflection
response is obtained.

Stress/strain No

measurement

Relatively
high

Generally ineffective as Cavell
(1997) has shown that post
tensioned bridge strain variations
due to loss of pre-stressing can be
similar to variations resulting from
temperature gradients throughout
the year. Thus this technique is not
sensitive to the defects in post
tensioned bridges.

Yes Effective with non metallic liners
such as in the joints of segmental
bridges and in the newer post
tensioned bridges. Radar will not
penetrate post tensioned metal

ducts.

Impulse radar Intermediate No

Impact echo Intermediate Yes Maybe Potentially useful in identifying
voiding in non metallic and metallic
post tensioned ducts. Essential to
ensure that impact frequency is
sufficiently high to identify the

defect.

Intermediate Yes

Manual drilling
of tendon duct
with visual
inspection using
endoscope

Radiography

High Yes

Yes

Statistically limited and potentially
dangerous if the tendons
themselves are drilled. Advantage
is that a direct physical observation
can be made.

High powered radiographic
techniques give good image of
voiding but requires closure of the
bridge and may not be used in
urban areas due to risk of radiation.
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Ultrasonic Intermediate Yes Yes  Promising technique that could
tomography identify voids by producing a 2-D
or 3-D image of the beam cross-
section.
2.2 Radiography

Radiography or high energy X-ray was popular in France in the 1960s and 1970s. This
procedure has fallen out of favour due to both the expense and the risk to human health.

2.3 Ultrasonic tomography

Ultrasonic tomography of concrete was researched at the University of Edinburgh
(Martin et al., 2001). The word “tomography” is derived from the Greek “tomos”
meaning a slice and involves reconstructing a section of an object using measurements
taken from outside the object. The tomographic imaging method uses ultrasonic pulse
velocity information taken through a section to develop a two or three-dimensional
reconstruction of the velocity distribution in that section — Figures 1 and 2.

Tomographic modelling is only really effective when one can gain access to 4 sides of
a beam — not normally possible with post-tensioned bridge beams.

Receivers

Source

Receivers

._,/

Anomaly

Source

Figure 1. Tomographic paths.
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Figure 2. Ray path coverage for different
transducer arrangements.

2.4 Impact echo
Impact echo was developed and promoted in the USA (Sansalone & Streett, 1997). The

Impact Echo Test (IE) can be summarised as:

h.;ﬂ:‘l Transduca
Craia Acquaiion Sysom and
Computer
Warcform Bpestrem
§ :
: {VIVAVASSY)
Tifme Fraquenry

Figure 3. Schematic showing the transfer from
a test to a voltage vs. time trace and finally

shown in the frequency domain.
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* The Impact-Echo (IE) technique utilises impact generated stress waves which propagate
through the medium reflecting at boundaries or flaws.

* These reflections are detected by a transducer next to the impact.

* A voltage vs. time trace is recorded from the surface displacements.

* The dominant resonant frequencies are deduced by carrying out a Fast Fourier
Transform of this trace.

* The peak frequencies are then related to their corresponding depth in the medium.

A schematic of the test is procedure is shown in Figure 3 (Sansalone & Streett, 1997).

3 IMPACT ECHO EXPERIMENTS AT THE UNIVERSITY OF
EDINBURGH

A series simulated post-tensioned concrete beams were constructed at the University of
Edinburgh.

The standard method of analysis of impact echo data is given below.

If the pulse velocity through the specimen is known and the time to the arrival of a
reflection from within the specimen is measured, then the distance to the target is:

2d =V 1)

where: d = Depth to target
V,, = P-wave velocity
t = time to reflection

As the test object becomes more complex, the time trace of the receiver becomes difficult
to analyse. It is usually much more straightforward to analyse data from these tests in the
frequency domain by carrying out a Fourier transform on the data.

The appropriate ball bearing was chosen for the impact-echo test by comparing the
required resolution and thus the required wavelength (higher resolution = short
wavelength = smaller ball bearing) and the depth of penetration needed (greater
penetration = longer wavelength = larger ball bearing). The appropriate ball bearing to
use on the beams was the 10 mm diameter ball bearing (Martin, 1997).

The velocity of the concrete was calculated by using one transducer, and the equation
in Figure 8.

The velocity is measured by impacting the surface and recording the frequency over
an area of solid concrete. To simulate testing on site the side of the beam was tested
rather than the top as the top would not be accessible on site. The frequency of the rear
wall (fT) was found to be the same on all the beams tested, as all the beams where cast
from the same batch of concrete. The fT was found to be 4.9 kHz and thus the velocity
through the concrete (Cp) was found to be 4083ms .

From this initial calculation it was then possible to calculate the expected position of
the fvoid and the fsteel:

fvoid = 13 kHz,
fsteel = 6 kHz
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Figure 5. Schematic drawing of the Edinburgh
beam.
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Figure 9 shows the frequency response from a voided duct whilst figure 10 shows the
frequency response from a fully grouted duct. These results where taken at the middle of
the concrete beam to reduce any end effects. It can be seen that from Figure 9 the initial
peak (fT) has moved forward from 4.9 (plain concrete), and there is a peak with a higher
frequency, these are typical of a voided duct. In figure 10 the initial fT has not moved
forward and there is a pulse at 6 kHz.

The same readings were then taken on a beam with a voided plastic tendon duct —
figure 11. It can be seen that this data is very difficult to interpret compared to Figure 9
(Muldoon et al, 2007).

As a result of this difficulty, Kumamoto University developed a new innovation in the
interpretation of impact echo test data — the SIBIE method.

— d
b ] @
— -8 L fr = 0.96Cy/2T
’ ; F,
(b
S fia = Crvd

fr, shified ()

Fui {1 = 096024

Frcqumq-

Figure 8. Schematic diagram showing three
types pf response for a plate containing post-
tensioning ducts: a) solid plate, b) grouted
duct; and c) duct containing a void. (after
Sansalone and Streett, 1997) (Axes: ordinate =
signal amplitude [volts]; abscissa = frequency
(kHz])
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Notes: (a) Top half of figure is a time domain
plot: ordinate = amplitude [units = +volts];
abscissa = time [units = ps]; (b) Bottom half of
figure is a frequency domain plot: ordinate =
amplitude [volts]; abscissa = frequency [kHz]
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Figure 11. Result of an impact echo test over a
fully voided plastic duct.

4 SIBIE METHOD

The SIBIE (Stack Imaging of Spectral Amplitudes Based on Impact-Echo) procedure is
an imaging technique for analysing waveforms in the frequency domain (Ohtsu &
Watanabe, 2002). In the procedure, first, a cross-section of concrete is divided into square
elements as shown in Figure 12. Then, resonance frequencies due to reflections at each
element are computed. The travel distance from the input location to the output through
the element is calculated as:

R=r;+r. @)

a

Resonance frequencies due to reflections at each element are calculated from:
C C
==L, and [, = L.
- r # R 3)
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Figure 16. Ungrouted plastic duct beam:
distance between the impactor and the receiver
=200 mm.

Spectral amplitudes corresponding to these two resonance frequencies in the frequency
spectrum are summed up at each mesh. Thus, reflection intensity is estimated as a stack
image at each element. The minimum size of the square mesh Ax for the SIBIE analysis
should be approximately:

Ax=CA12, )

where C, is the velocity of P-wave and 4t is the sampling time of a recorded wave.
Using this technique, the beams at the University of Edinburgh re-tested.
The cases of the distance between the impactor and the receiver = 100 mm.

5 DISCUSSION OF SIBIE DATA

Issues arise in the validation of these techniques as acceptability inevitably depends on
the consistency of the results. If these techniques can be proved to be consistently
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accurate they would be under great demand because of the time and money they
could save.

Impact-Echo already offers answers to many structural questions including the
assessment of the grout condition in metal ducts. However in recent years, plastic ducts
have become common place and more research needs to be undertaken with regard to the
grout condition within plastic Post-Tensioned ducts.

The SIBIE method with a distance between the impactor and the receiver = 100 mm,
clearly gives the best and least ambiguous results in this set of experiments.

6 THE INTERNATIONAL PERSPECTIVE

6.1 United Kingdom

The UK took the problem of tendon corrosion in grouted duct Post-Tensioned concrete
bridge beams very seriously when it imposed a moratorium on any further construction
(DTP, 1992). This moratorium was lifted once new construction procedures were
introduced using plastic ducts (Concrete Society, 1996). The argument was that these
new bridges could in the fullness of time be examined using radar (Concrete Society,
1997; Bungey et al, 1997; Giannopoulos et al, 2002). Meanwhile, for the older P-T
bridges with metallic ducts — radar was used to identify the ducts with judicious drilling
prior to visual inspection. The UK strategy is pragmatic, but expensive, risky and of low
statistical significance. The latest UK thinking is summarised in BA86/06 (Highways
Agency, 2006).

6.2 France

Historically France used to use the high energy X-ray techniques, which can give
excellent results but have high health risks in urban areas.

6.3 Germany

Germany has used the drilling and inspection technique, as used in the UK. More recently
the BAM group (Algernon & Wiggenhauser, 2007) have focused on high level off site
signal processing of impact-echo. They have also used radar (not applicable to metallic
ducts) and shear wave ultrasonic arrays to enable data fusion. Their general conclusions
are that for data fusion, robotic positional accuracy is needed to overlay the data.
Contrary to the findings of Sansalone & Streett, (1997), the BAM group find impact-echo
unsuccessful on full scale bridges.

6.4 USA

In the USA, considerable confidence is shown in the impact-echo technique on post-
tensioned concrete bridge beams. However, US companies have the most experience of
using this technique. Early US work is summarised in ACI 228.2R-98 (ACI, 1998). The
update to this ACI 228 document is due in 2008.
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6.4 Japan

Japan has focused on refining and developing the impact-echo test interpretation using
the SIBIE technique. The procedure looks very promising and is licensed to Japanese
industry. The technique has not been adopted in Europe or North America to date.

6.5 Discussion

There is still no international standard for the inspection of grouted duct Post-Tensioned
bridge beams. However significant, if relatively slow progress is being made towards an
internationally acceptable and common approach.

7 CONCLUSIONS

(1) it has been shown that there is a demand for NDT inspection of grouted duct post-
Tensioned bridge beams.

(2) It has been shown that impact echo testing of beams with metallic ducts, which are
voided, can be inspected using regular impact echo. The USA is more confident of this
strategy than Germany.

(3) Sansalone and Streett demonstrated the difficulty of using impact echo to test P-T
beams with plastic ducts — confirmed in this paper.

(4) The SIBIE method offers a considerable gain in the interpretation of impact-echo test
data from P-T beams with plastic ducts. Japan leads the world in this aspect of testing.
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Chapter 2
Durability of concrete segmental bridges

D.I. Banic, Z. Banic & D. Tkalcic
Civil Engineering Institute of Croatia, Zagreb, Croatia

ABSTRACT: Segmental bridges are most common type road structures
built in last thirty years as part of modern roads and highways in Croatia.
Fast construction of new highways in almost 10 years was possible only
with segmental concrete bridges. Cross section of most bridges consists of
prefabricated girders different geometrical shapes such as I, T, H, U and
box beams, bulb tee and SAN girders. During regular and preventive
bridge inspections some defects were recorded. Deterioration of bridge
equipment, drainage, expansion joints, pedestrian lanes, etc., caused
significant deterioration of main girders and slabs. Paper shows typical
types of concrete segmental bridges built in Croatia, types of construction
and condition state of several types of segmental bridges. Condition of
those structures was determined during bridge inspections conducted in
last five years. Characteristic damages of segmental bridges, rehabilitation
procedure applied in several cases and also some improvements on new
structures are presented.

1 INTRODUCTION

Period afterward War for Independence was characterized with intensive work on
developing adequate road network. Political and economic arguments demanded very fast
betterment of existed structures and building new structures. An efficient transportation
network was recognized as project of paramount importance for both economic and
social development of the country. The construction gained speed and project proved
very successful as Croatian motorway network was doubled in just five years.
Development of motorway network required construction of large number of motorway
structures such as tunnels, bridges, viaducts, overpasses, underpasses, wildlife crossings,
etc. due to topographic conditions.

There are five road owners those posses almost 1.200 kilometers of highways and
8000 kilometers roads.

Most of the bridges are short and medium span structures and many of them are
similar. Fast construction and very short deadlines prefer the maximum unification and
standardization of structures, construction procedure and details. This is a reason why
prefabricated concrete bridges make majority of in Croatian Bridge Inventory. In period
1998 to 2006, 700 kilometers of new highways and road network in mountain and
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maritime areas were constructed and repaired. As part of those highways almost 300
bridges, new viaducts overpasses, underpasses, culverts etc., were built. More than 95
percent of bridges that was designed and constructed were structures defined as simple
supported prefabricated beams due to simplest construction but also significant
settlements in some areas.

For example, on the whole section of motorway connected Croatian capital Zagreb
and main harbor Split on Adriatic coast, there were only five types of bridges and four
types of overpasses. Only 10 structures among them were different type of structures or
different type of construction excluding two arch bridges. Figure shows motorway
network of Republic of Croatia, together with completed and planned motorways.

Table 1 shows number of different type of constructed bridges designed and
constructed in period of six years. It can be seen that far most common type of
constructed bridge are those consisted of prefabricated girders, almost 500 of this bridges.
Figure 1 shows Croatian motorway network with 1019 kilometers of modern roads with
further works to complete 1501 km (Radic b). This network may not seem long but it is
worth to mention that Croatia has more kilometers of motorways per 100 000 citizens
than UK, Ireland, Greece or even Italy [Radic a].

Table 1. The number of bridges built in period of three years.

Year 2001 2002 2003 2004 2005 2006

Arch bridges - - - -
Cantilever - - 1 1 3 -
Prefabricated Girders - 70 120 150 90 70
Slab bridge 3 5 10 15 10 8
Culvert 10 20 30 70 50 25

Cable supported - - - 1 — _
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Figure 1. Motorway network in Croatia.

2 DIFFERENT TYPES OF PREFABRICATED BRIDGES

2.1 Standardized cross sections

Crossection of the bridge consists of main girders, that are connected with concrete slab
and in some cases cross girders. Figures 2—6 shows crosssections of bridges and viaducts
and Figures 7-9 most common crossections of overpasses. Most of the girders have wide
upper flange due to lack of any formwork shuttering of the slab between girders (Fig. 3,
4, 7 and 8). In a case of heavy weight girders, spans 40 metres and more, narrow upper
flange girders with precast slabs between girders were used. In a course of thirty years,
different constructors applied various technology and systems in construction. All those
types of girders were produced in great number in very short period of time (U shape
girders — cca 2600 pieces in three years, T girders — cca 1800 pieces in four years, SUN
girders, 3500 pieces in five years). Girders showed on Figure 6, bulb tee girders, are new
in construction work in Croatia but already some advantages were noticed, such as
smaller weight, easier transport and assembling, lesser consumption of materials — about
30%, etc.
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Figure 2. I girders.
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Figure 3. U shape girders.

Figure 4. T girders (wide upper flange).
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Figure 5. T girders (narrow upper flange).
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Figure 6. Bulb tee girders.

Figure 7. Box girders.

Figure 8. T girders.

Figure 9. T girders.
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Figure 12. Motorway network in Croatia.

2.2 Construction type

Speed up construction was able only with production of prefabricated girders in
production facilities various contractors or on building sites (Fig. 10). If they were
produced in factory, they were transported by the train and then by the trucks to the
construction site when they were put in their places either with crane (Fig. 13) on vehicle
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or with launching truss (Fig.14) when pies are high. Figures 11 to 14 show typical types
of constructions prefabricated girders and cantilever type of construction on Croatian
motorways. When everything were going according schedule, each day up to 5 girders
have been placed.

Figure 13. Eraction of girders.

Figure 14. Launching truss.

3 BRIDGE CONDITION STATE

3.1 Bridge inspection

Regular bridge inspections were not mandatory for bridge owners until five years ago.
Inspections were conducted only to assess structural damage and decide what immediate
measures have to be undertaken. Today only one bridge owner in Croatia is conducting
regular inspections in last ten years.
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According Croatian regulation, regular inspection are conducted every 4 to 6 years,
depend of bridge condition state determined in previous inspection and bridge
environment, maritime or other areas.

Inspections covered the set-up of viaduct elements (bridge equipment, superstructure
and substructure, Table 1), inspection of all bridge elements (main and cross girders, deck
slab, piers, abutments, pedestrian ways and central reservation, traffic area, drainage
system, bearings and expansion joints), making of photo documentation, data processing,
damage charting and quantification on the prepared bases. Specimens drilled during the
inspection for laboratory testing were analyzed to determine concrete strength, water
permeability, gas permeability and chloride content.

These comprehensive actions were undertaken because, in most cases, conducted
inspections were first since bridges were released in exploitation.

Every part of bridge was assessed according criteria shown in Table 2 and each bridge
was given a final rating at the end of evaluation procedure.

Table 2. Damage classification according HRMOS.

Category Damage description

0 No damage

1 Minor damage as a consequence of improper construction

2 Minor damage as a consequence of exploitation

3 Damage that affects structural durability, Repairs needed within a

certain period of time, preventive measures
4 Damages that will affect structural durability in the near future,
immediate repairs

5 Damage that represents a great danger to the safety of the structure,
traffic or functionality, restrictions and closing of traffic according
to necessity

Figure 15. Efflorescence from freezing-and-
thawing deterioration.
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Figure 16. Launching truss.

3.2 Bridge conditions

During regular and preventive bridge inspections conducted in last three years some
characteristic defects were recorded. Defects were in most cases mostly on bridge
equipment, expansion joints, bearings, drainage system etc. Inspected bridges were
evaluated with categories 2 and 3 in most cases, bridges showed on Figures 2, 4, 7 and 8,
while approximately 5% were evaluated with categories 4 and 5 (Fig. 10).

The most common damages of girders and slabs appeared duo to leakage through
water proofing membrane (Fig. 14). Lack of maintenance caused damages on main
girders, so some delami-nation and reinforcement corrosion were visible.

Bridge slabs, on some location, had significant cracks and water leaked through
(Fig 17 and 18). The most deteriorated parts of superstructure were those placed under
expansion joints because of the failure of waterproofing property of rubber. Rubber parts
were not replaced during their service life. It was concluded that prefabricated concrete
bridges shown on Figures 2 to 9 are in rather good conditions after almost thirty years
only local damages were recorded.

The most damage type of bridge structures were overpasses with main girders called
SAN, Figure 10. They were used most frequently as part of the highways. The most
deteriorated parts of bridge were girders duo to transversal movement of girders under
nonsymmetrical traffic load. This type of loading caused cracking a waterproofing
membrane and in this way it was possible leakage and wetting of girders surface.

Damages showed in Figures 19-22 happened in only 25 to 30 years in service. Steel
reinforcement corrosion were so severed that about 60 percent of reinforcement missed or
has been broken, either in girders or in piers. Concrete covers were delaminated
completely in some areas and they
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Figure 17. Cracks in slab.

P,

Figure 18. Leakage through Expansion joint.

Figure 19. Cracks in slab.
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Figure 21. Reinforcement corrosion on
abutment wall.
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Figure 22. Pier reinforcement corrosion.

represented great danger for traffic beneath overpasses (Fig. 19). Prefabricated piers had
also severe damages that manifested with significant cracking, delamination and steel
corrosion (Fig. 22)

During analysis of findings it was conclude that concrete covers were only 1.5
centimeters that was allowed, at that time, for prefabricated elements.

'{p:r-.

Figure 23. Location of scaffolding.
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Figure 24. Original and repaired structure.

4 REPAIR METHODS

Rehabilitation of structure was conducted to improve the condition of a structure by
restoring and replacing existing components that have been damaged.
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Deterioration of non structural parts of bridges and lack of maintenance caused
significant deterioration of main girders and slabs. In some cases deterioration were so
severe that traffic security and reliability of structure were under minimum requirements.
This degree of damages was noticed only 20 to 30 years in service, especially structures
wit SAN girders. That is three to four times shorter from planned bridge service life
design that amounts 100 years approximately. Some necessary needed measures were
conducted. Those measures consisted of completely or partial replacements of structure.

Repairing consists of work on superstructure and work on substructure. Rehabilitation
of damaged concrete surface due to freezing and thawing and also piers upgrading was
conducted on substructure. Concrete cover of some parts of substructure (piers, pier caps
and abutments were removed in layer 5 to 10 centimeters which represented the damaged
parts. Since the intensity of traffic increased and since a part of existing pier
reinforcement was damaged, additional steel reinforcement to strengthen piers was
placed and new cover made.

During process of substructure rehabilitation, overpasses had to be in function through
most of the time because most of them are part of important interchanges. Therefore
superstructure leaned on scaffolding during repair of substructure (Fig. 23).

Superstructure of those overpasses were in very bad condition so girders were all
replaced and bridge deck were added for better transverse load distribution and
durability.

Work on superstructure was composed of replacing existing girders, placement of new
slab, carriage-way surface, protective facilities, miscellaneous items, road joints and
bearings.

In bridge inspection reports, repair measures that would extend service life for 5, 15
and 25 years and their scope were suggested for each bridge owners. Rehabilitation
works covered the following: complete repair of bridge equipment, repair of concrete
surfaces of girders, piers and abutments and complete replacement of drainage system.

5 CONCLUSION

This article briefly recounts some experience in Croatia regarding use of bridges made of
prefabricated girders. Bridges that consist of prefabricated concrete elements manifested
very appropriate for fast construction. Condition state of the most of the prefabricated
bridges is satisfying except one type of the structure. Bridges that consist of prefabricated
elements are also convenient for relatively easy repair even completely replacement of
the superstructure. Replacements, conducted on Croatian bridges and overpasses, were
performed with non disturbed traffic in reasonably short period.

Concrete segmental bridges are showing given deficiency considering non structural
bridge elements that can influenced on durability of structural element. Changes in static
system during repair, improvement in details design and especially regular inspection and
preventive maintenance can significantly extend service life of bridge and to achieve
design age of 100 years.
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ABSTRACT: This paper presents an experimental study on the seismic
performance of precast segmental unbonded post-tensioned concrete
bridge piers. The pier specimen consists of a foundation, four hollow
column segments and a pier cap with a height of 5.7 m. The prestressing
tendons are located inside the hollow core of the pier column and hence
are unbonded with the surrounding concrete. In the first pier specimen, no
mild steel reinforcement is extended across the column segment joints. In
the other two specimens, longitudinal mild steel bars, also referred to as
energy dissipation bars or ED bars, anchored at the foundation and
extended up to the pier cap, are added to enhance the seismic energy
dissipation. The test results showed that all the pier specimens exhibited
satisfactory ductile behavior. The hysteretic energy dissipation, lateral
strength and residual drift upon unloading of the specimens increased with
the increase of the amount of ED bars.

1 INTRODUCTION

Over the past few years, growing attention has been paid to the investigation,
development and application of precast concrete bridge construction for highway bridges.
Traditional cast-in-place concrete bridge construction normally causes traffic disruption
for a long period of time. Precast concrete bridge construction can offer a viable solution
to the problem. It shifts most of the construction activities into precast factories or yards.
After adequate concrete strength is obtained, precast concrete products are transported to
the construction sites and assembled within a short time, thus reducing traffic disruption.
Other advantages of using precast concrete bridge construction as opposed to traditional
cast-in-place construction include increasing work zone safety, improving construction
quality and reducing environmental impact.

There have been numerous bridge construction projects that successfully used precast
concrete construction in superstructures, substructures or both. This research focuses on
precast segmental post-tensioned concrete bridge pier construction. Precast segmental
bridge pier construction has been used in a number of construction projects in the regions
of low seismicity in the U.S. Victory Bridge in New Jersey (NJDOT 2005) and Colorado
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River Bridge of Hoover Dam Bypass in Nevada (Goodyear et al. 2006) are two recent
examples. The use of precast segmental bridge pier construction in the regions of high
seismicity is still limited due to the concern regarding the seismic performance of such
type of pier construction.

Existing precast segmental bridge piers normally have prestressing steel as the only
steel reinforcement across the column segment joints. Longitudinal mild steel
reinforcement is usually discontinuous at the column segment joints. Past experimental
studies have concluded that this type of precast segmental bridge piers have excellent
ductility and minimal residual displacement upon unloading but little hysteretic energy
dissipation (Chang et al. 2002, Hewes and Priestley 2002). The addition of longitudinal
mild steel reinforcement across the column segment joints can significantly increase the
hysteretic energy dissipation as well as increase the lateral strength of the columns
(Chang et al. 2002). Recently, the analytical study by Ou et al. (in press) has shown that
by the proper combination of longitudinal mild steel reinforcement, dead load, and
unbonded post-tensioning force, precast segmental bridge piers can achieve optimum
flag-shape hysteretic behavior with satisfactory energy dissipation and small residual
displacement upon unloading.

On the basis the studies by Chang et al. (2002) and Ou et al. (in press), this research
designed and constructed three large scale precast segmental unbonded post-tensioned
bridge pier specimens. The pier specimens were subject to lateral cyclic loading to
investigate their seismic performance.

2 SPECIMEN DESCRIPTION

2.1 Specimen design

The specimen has a height of 5.7 m and consists of a foundation, four precast column
segments with hollow cross section and a precast pier cap. The size of the foundation is
1.51 m x 2.45 m x 1.2 m (width x width x height). The size of the precast column
segment is 0.86 m x 0.86 m x 0.9 m (width x width x height). The wall thickness of the
column segment is 0.2 m. Figure 1 shows a typical precast column segment. As shown in
the figure, 12 corrugated galvanized steel ducts with diameter of 80 mm are precast with
the column segments. Longitudinal mild steel reinforcement, also referred to as energy
dissipation (ED) bars, will be inserted through these ducts during the assembling of the
column and then pressure grouted. The joint shear friction resistance was calculated to be
greater than the maximum shear demand. Thus, no shear key is designed at the segment
joint. The pier cap has a span of 3.86 m, a width of 0.86 m and a depth of 0.9 m at the
mid span and 0.6 m at two ends of the span. The axial force and the amount of ED bars of
the specimens are shown in Table 1. Three pier specimens are designed, namely, COC,
C5C and C8C. The designed dead load is equal to 0.1 /. 4, and prestressing force equal
to 0.075 f'. A4,, resulting in a total axial force of 0.175 f. 4,. f. is the design concrete
compressive strength, i.e. 28 MPa. A4, is the gross cross-section area of the column, i.e.
0.53 m’. The major design variable is the ED bar ratio, i.e. the ratio of the area of the ED
bars to the gross cross-section area of the column. The ED bars are continuous across
column segment joints and intended to enhance the hysteretic energy dissipation
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capability of the columns. The ED bar is made of A706 Grade 60 steel. Specimen COC
has no ED bar to serve as a benchmark. Specimen C5C and C8C have 0.5% and 1% ED
bar ratio, respectively.

Each post-tensioning tendon is comprised of two seven-wire strands. Each strain has a
nominal diameter of 15.24 mm. The prestressing steel is equivalent to ASTM A416
Grade 270. The tendons are unbonded with the surrounding concrete to decrease the
inelastic straining of the tendons as the columns are push laterally. Considering the
advantages in inspection and replacement, external unbonded post-tensioning tendons are
adopted instead of internal tendons. The tendons are located inside the hollow core of the
column segments and anchored at the top of the pier cap and the bottom recess of the
foundation. The material properties are listed in Table 2.

Figure 1. Typical precast column segment.

Table 1. Axial force and ED bar ratio.

Specimen Dead load (kN) Prestressing force (kN) ED bar ratio (%)

CcoC 1456 1092 0
C5C 1456 1092 0.5
C8C 1456 1092 1.0

Table 2. Material properties.

Material Concrete Grout Prestressing strand ED bar
properties (MPa) (MPa) (MPa) (MPa)
Compressive 28 50 N.A. N.A.
strength

Tensile yield N.A. N.A. 1670 412
strength

Tensile peak N.A. N.A. 1860 620

strength
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2.2 Specimen construction

Considering the height of the specimen, the ED bars are divided into two parts, connected
by mechanical couplers when assembled. The lower part of the ED bars are precast with
the column segment at the base of the column, protruding from the top and bottom joint
interfaces of the segment. The portion of the bars protruding from the bottom joint
interface was inserted into the grouted corrugated steel duct precast in the foundation
during the installation of the base column segment.

The assembling of the precast column segments began by positioning the bottom of
the column segment at the base of the column into the recess on the top of the foundation.
After the installation of the segment, the prestressing tendons were inserted through the
ducts in the foundation. The other three column segments were then placed sequentially
on the top of the previous one. The ED bars were coupled inside the second column
segment, which was the one on the top joint interface of the column segment at the base
of the column. Figure 2 shows the assembling of the fourth column segment. As can be
seen in the figure, the ED bars traveled through the corrugated steel ducts while the
tendons through the hollow core of the segment. The pier cap was placed on the top of
the fourth column segment, as shown in Figure 3. After the pier cap was installed, the
tendons were stressed with hydraulic jacks. The ducts for the ED bars were pressure
grouted from the grouting inlets located at the second column segment. Grout was
pumped through the grouting inlets to the top of the pier cap. Each batch of grout
was monitored with the flow cone test (ASTM C939). Only when the flow of the grout
was within 40 to 60 second, the grout was allowed to be pumped. Figure 4 shows the pier
specimen prior to testing.

3 TEST SETUP AND LOADING SCHEME

The foundation of the pier specimen was tied down to the strong floor with four steel
bars. Two vertical actuators were used to apply the dead load to the specimens. Each
vertical actuator generated a constant force of 728 kN throughout the tests. One
horizontal actuator at one end was mounted on the reaction wall and at the other end
attached to the pier cap. The actuator applied the lateral cyclic loading to the pier cap.
The cyclic loading was applied under displacement-control to the drift levels of 0.25%,
0.375%, 0.5%, 0.75%, 1.0%, 1.5%, 2.0%, 3.0%, 4.0%, 5% and 6%. Each cycle was
repeated twice to allow for the observation of strength degradation under repeated
loading with the same amplitude. The drift is defined as the lateral displacement divided
by the height of the loading point to the top surface of the foundation, that is, 4030 mm.



Innovations in bridge engineering technology 40

Figure 2. Assembling of column segments.

Figure 3. Assembling of pier cap.
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Figure 4. Pier specimen prior to testing.

4 TEST RESULTS

The test results of the three specimens are listed in Table 3. Figure 5, 6 and 7 show the
hysteretic behaviors of the three specimens. The equivalent viscous damping ratio, (., is
defined in Equation 1 and 2.

g —_ EJ'}
“ ZTFKMI (',51“1 (1)
A
K,rf.f - d —d (2)

e 6 min
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Table 3. Test results.

Maximum
energy Maximum Lateral Yield Failure
dissipation, residual strength drift drift
Specimen (,, (%) drift (%)  (kN) (%) (%) Ductility
coC 6 0.2 278 033 4.6 15
CsC 16 0.4 363 042 6.0 14
C8C 22 2.9 535 0.60 6.0 10
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Figure 5. Hysteretic behavior of specimen
COC.
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Figure 6. Hysteretic behavior of specimen
CsC.
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Figure 7. Hysteretic behavior of specimen
C8C.

Where Ep = energy dissipation for a cycle of loading, which is equal to the area of the
hysteresis loop corresponding to that cycle; K,y = effective stiffness; dp.x = maximum
displacement of the loop; dp,;, = minimum displacement of the loop; f = force at the
maximum displacement; and /* = force at the minimum displacement.

The test result showed that specimen COC had the smallest hysteretic energy
dissipation with a maximum ., of 6% and smallest lateral strength among the three
specimens. However, COC had the best ductility capacity and the smallest residual drift
upon unloading. At the end of the test, COC had a maximum residual drift of only 0.2%.
Small residual drift means the column can maintain functionality after a seismic event. It
becomes an increasingly favorable characteristic over time in the earthquake research
community, since the post-earthquake serviceability of a bridge is important. This is
because bridges are often critical for earthquake relief effort to reach the earthquake
disaster area. Another advantage of COC is that it has the fastest construction speed
because there is no ED bar in COC. This characteristic is important since accelerated
bridge construction to reduce traffic disruption is one of the motivations of this research.

The maximum hysteretic energy dissipation of specimen C5C in terms of (., was
significantly increased to 16% as compared to that of specimen COC. In the meantime,
C5C still had small residual drift upon unloading, with a maximum residual drift of 0.4%,
slightly larger than that of COC. C5C demonstrated a good example of having increased
hysteretic energy dissipation while still keeping the residual drift small.

The test results showed that C8C had the highest hysteretic energy dissipation with a
maximum ., of 22%. Moreover, C8C had the highest lateral strength because it had the
highest amount of ED bars. However, the maximum residual displacement was also
significantly increased to a maximum value of 2.9%. Due to its high hysteretic energy
dissipation and high lateral strength, C8C is expected to have the smallest size of column
cross section among the three types of piers tested under a given design seismic force.

The yield drift and failure drift of the specimens are listed in Table 3. Yield drift is
defined as the drift associated with significant softening of the column. The failure drift is
defined as the drift at which the lateral strength of the column drops below 80% of the
peak lateral strength. Specimen COC failed due to the P-delta effect while C5C and C8C
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failed due to the fracture of the ED bars. It is clearly shown that all three piers have
satisfactory ductility capacity with ductility factors ranging from 10 to 15. The ductility is
defined as the failure drift divided by the yield drift.

5 CONCLUSIONS

Three large scale precast segmental unbonded post-tensioned pier specimens with hollow
column segments were designed and tested. The test results showed that all the three pier
specimens exhibited satisfactory ductile behavior under lateral cyclic loading. Specimen
COC has no ED bar. The test results show that COC has the highest ductility capacity, the
smallest residual drift upon unloading and the fastest construction speed among the three
specimens. However, COC has the smallest hysteretic energy dissipation capacity and
lateral strength. Specimen C5C has 0.5% ED bar ratio. The hysteretic energy dissipation
capacity of C5C is significantly higher than that of COC. Meanwhile, C5C still has small
residual drift upon unloading. Specimen C8C has 1% ED bar ratio. C8C possesses the
highest hysteretic energy dissipation and lateral strength. However, the residual
displacement of C8C upon unloading is the highest.
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ABSTRACT: The Jamestown-Verrazzano Bridge over Narragansett Bay,
Rhode Island, features a 4,950-foot-long prestressed segmental box girder
main bridge with 23 spans varying in length from 109 to 636 feet, and a
2,402-foot-long trestle structure. The bridge was open to traffic in 1992
and a baseline inspection was conducted in 1999. The scope of the
baseline inspection included analysis, load rating, and comparison of
creep deflections based upon as-built shop drawings, and casting and
stressing schedules versus field-surveyed conditions.

During subsequent inspections nondestructive and destructive methods
were used to investigate the post-tensioning ducts for the presence of
voids. Over 93,000 linear feet of nondestructive impact-echo
(sonic/ultrasonic) measurements were taken on the concrete top slab, webs
and bottom slab containing the tendons to evaluate the grouted tendon
ducts for voids. Of the approximately 1,520 tendon ducts tested, 7.5% or
114 tendon ducts were determined to have voids. Void lengths ranged
from one foot to over 314 feet. In most cases the tendons were grout
covered but some of the tendons were exposed and exhibited corrosion.

At the time of construction, grouting methods were not always fully
effective and voids in post-tensioned ducts are now an issue for a number
of bridge owners. Other repairs include use of epoxy-injection with CFRP
reinforcement system for the cracked webs of the segmental box girder
pier tables. The paper will discuss these findings and repairs that are
underway.

1 INTRODUCTION AND DESCRIPTION OF BRIDGE

1.1 General

The Jamestown-Verrazzano Bridge is a 7352-foot long structure that carries State
Highway 138 in an east-west direction across the West Passage of Narragansett Bay
between the towns of North Kingstown and Jamestown, Rhode Island. [See Figure 1] The
bridge consists of two portions, designated as the Main Structure and the Trestle
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Structure, respectively. The Main Structure is further subdivided into three portions: the
West Approach Spans, the Main Spans and the East Approach Spans. Construction of the
Jamestown-Verrazzano Bridge began in 1985 and was completed in 1992 when the
bridge was opened to traffic. The 7-year construction period resulted primarily from
problems associated with the driven pile foundations.

1.2 Main structure

The Main Structure [See Figures 2 to 4] has 23 spans consisting of the West Approach
(Span 1 to Expansion Hinge No. 1 in Span 11), the Main Spans, (Expansion Hinge No. 1
to Expansion Hinge No. 2) and the East Approach (Expansion Hinge No. 2 in Span 16 to
Span 23). It begins at Pier 1, which supports Span 29 of the Trestle Structure to the west
and Span 1 of the Main Structure to the east, and extends 4950 feet from Pier 1 over Piers
2 through 23 and terminates at the East Abutment located on Conanicut Island. The
lengths of the East and West Approach Spans are 1368 and 1818 feet, respectively. The
Main Spans are 1764 feet in length and include Piers 13 and 14, which are the only two
substructure units that are double-stemmed and integral with the super-structure. The
remaining piers receive the superstructure loads through pairs of either fixed or guided
expansion pot bearings.

The navigation channel runs beneath Span 13 and has a minimum design clearance
envelope at midspan of 135 feet above mean high water (MHW) by 300 feet wide. Five
sets of navigation light fixtures are present on each face of this span and consist of one
green lamp at midspan, two red lamps at the limits of the clearance envelope, and two
additional green lamps located between the red and each outer green lamp.
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Figure 1. Bridge location.
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Figure 2. General Plan and Elevation, Main
Structure, West Approach Spans.

The West Approach rises toward the Main Spans at a constant 5% grade until reaching
approximately the mid-length of Span 11. Similarly, the East Approach descends from
the Main Spans starting approximately from the mid-length of Span 15 at a constant 5%
grade until reaching the East Abutment. Between the points of vertical curvature and
tangency noted above, the structure grade line transitions between the approach spans
through a 1600-foot long vertical parabolic curve.
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Figure 3. General Plan and Elevation, Main
Structure, Main Spans.
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Figure 4. General Plan and Elevation, Main
Structure, East Approach Spans.
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Figure 5. General Plan and Elevation, Trestle
structure.

1.3 Trestle structure

The Trestle Structure [See Figure 5] is located to the west of the Main Structure. It begins
on the mainland in North Kingstown at the West Abutment and extends into the shallow
portion of Narragansett Bay for 2405 feet to Pier 1 where the West Approach Spans of
the Main Structure begin. The horizontal alignment of the western portion curves as it
progresses from the West Abutment into Narragansett Bay turning from an easterly to an
east-southeasterly orientation. The horizontal curve reaches the point of tangency near the
end of Span 17. The remainder of the structure is tangent through Span 29 at Pier 1. A
mild vertical rise of 0.25% is present from the West Abutment until the end of Span 21
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where a 600-foot long parabolic vertical curve transitions the structure to a rising grade of
5%, which continues onto the Main Structure.

The Trestle Structure consists of twenty-nine composite concrete girder spans. Span 1
is situated between the West Abutment and Bent 1, and consists of nine simply-supported
AASHTO Type 1V precast, prestressed girders that are 50°-9” in length. The remaining
28 spans are divided into seven 336-foot long units, each consisting of four 84-foot long
spans supported on pile bents. Nine AASHTO Type IV precast concrete girders, initially
installed as simply supported and later made continuous for live loads over the four
spans, comprise the framing system of each unit.

The West Abutment is constructed from reinforced concrete and is founded on HP12
x 53 piles. The remainder of the structure sits atop reinforced concrete cap beams
supported by vertical and battered HP14 x 117 piles jacketed within concrete-filled
36-inch diameter prestressed concrete cylinders. The H-piles and jackets are
monolithically connected to the cap beams. There are three bent configurations within
each four-span continuous unit:

* A central bent supported by ten battered and two vertical piles. Fixed neoprene bearings
sit on the bearing seat of the cap beam.

* Two interior bents — one on each side of the central bent — supported by six vertical
piles and two end piles battered normal to the bridge centerline. Expansion neoprene
bearings sit upon the bearing seat of the cap beam.

» Two exterior bents — one adjacent to each interior bent — supported by six vertical piles
and two end battered piles. Expansion neoprene bearings sit upon the bearing seat of
the cap beam. Adjacent four-span units share these bents.

The deck is constructed of concrete reinforced with epoxy-coated rebar, which is used for
the full length of the structure. Expansion joints are located between each four-span
continuous unit, including at the end of the structure located at Pier 1. At the West
Abutment, the superstructure is seated on fixed elastomeric bearing pads.

2 INSPECTION AND ANALYSIS

2.1 Condition inspection, analysis and design

In January 1999, PB Americas, Inc. (PB) was engaged by the Department of
Transportation of the State of Rhode Island and Providence Plantations (RIDOT) to
perform the 1999 Baseline Inspection, which was the first post-construction inspection of
the structure, and subsequent biennials were performed in 2001, 2004 and 2006. Portions
of these inspections were performed by specialty firms:

* 2001, 2006: Subaqueous inspection of substructure and bottom
* 2004 through 2006: Tendon investigation

In addition, as part of the inspections, the following analyses of the structure were
performed:
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* Live load rating

* Seismic analyses

« Ship collision analysis
* Scour analysis

Several design contracts to address conditions identified during the inspections and as a
result of the aforementioned analyses encompassed the following principal items:

* Replacement of modular expansion joints

* Bearing reinforcement

* Installation of scour monitoring system

* Epoxy injection of cracks in the box girder superstructure

* Reinforcement of pier table webs with carbon fiber-reinforced polymer (CFRP)
* Vacuum grouting of tendons

A few of these items will be discussed within the sections that follow.

3 CONDITION INSPECTION

3.1 Planning

The size and complexity of this type of structure typically warrant careful preparation.
Thorough preparation of field notes and advance identification of critical structural
elements are key to successful execution. On this structure, three different construction
methods were utilized, which, in turn, affected the progression of stressing that occurred,
the post-tensioning details installed, and the critically stressed locations within these
respective spans. This information must be known prior to the inspection to recognize the
importance of deficiencies that may be observed.
Inspection of the interior often presents special safety issues:

* Lighting and electrical power are typically needed for inspection equipment. Their
absence requires carrying a power source and lighting into the structure along what
may be a considerable distance. For this bridge, the Department had added interior
lighting and standard 120-volt AC outlets after construction was completed. These
proved to be invaluable aids to the work.

* Because there is a significant enclosed volume, confined space issues may need to be
addressed if the box is not properly ventilated. This would usually take the form of air
testing and, if necessary, opening access hatches for a period of time prior to
inspection to vent noxious gas accumulation, which may be accelerated via the use of
fans.

* Access may be complicated by the depth of the sections, which, at the piers, may be
significant within longer spans. While ladders could be used, they are often
cumbersome and slow. Further, the access provisions may limit the size of hardware
that can be brought into the box.
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Figure 6. UB-60 operation over navigational
channel.

Figure 7. Barge and manlift operation.

3.2 Execution

The exterior surfaces of the Main Structure located below the deck, including the flanges,
webs and bottom slab were inspected using an ASPEN UB-60 under-bridge inspection
unit. [See Figure 6] This unit also provided access to the bearings, seats and bifurcated
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stems of the higher piers that could not be accessed from below. The number in UB-60
designates the maximum horizontal reach of the unit in feet. These units consist of a
control basket attached to a set of booms with the capability of extending and rotating.
The apparatus is mounted on a counterweighted, rotating platform atop a flatbed truck.
Situated adjacent to the curb of the outer shoulder, these vehicles provided complete
access to the underside of the superstructure and portions of the substructure. The
extended reach of the UB-60 facilitated the inspection of the deep portions of the Main
Spans, and the bearings and upper portion of the bearing seats of the Main Structure
Approach Spans.

An 80-foot barge-mounted manlift provided access to the lower half of piers while the
top surfaces were inspected using the UB-60. [See Figure 7] The tops of the pile caps and
the vertical faces of their protective granite panels were accessed via barge. A 60-foot
manlift was used to inspect the East Abutment, the land-based piers and the exterior
surfaces below the deck for Spans 23, 22, and most of Span 21.

Figure 8. Interior inspection utilizing 30-foot
scaffolding (Not shown to full height).

The interior of the Main Structure twin-celled concrete box was accessed by climbing
a 5-foot ladder from the ground to the bifurcation point at the top of Pier 23. This was
followed by climbing up existing ladders to the inside of the box through circular portals
present in the bottom slab of the superstructure pier segment. Inspection of the interior
was conducted by walking through it along the bottom slab. Several hand-held high-
intensity halogen lights supplemented existing fluorescent lighting within the box girder.
One hundred and twelve-volt AC electrical outlets installed along the faces of the interior
webs supplied power for the lamps.

Interior surfaces that could not be reached from the bottom slab of the box were
accessed via eight custom-made light-weight aluminum, wheel-mounted scaffolding
units. [See Figure 8] These units were purchased as part of the initial inspection and have
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remained inside the boxes for subsequent inspections. Four of the units are approximately
8 feet in height and facilitated the inspection of the ten-foot deep Approach Spans. The
remaining four units are approximately 30 feet high when fully assembled, and provided
access to the wall and soffit of the Main Spans.

The latter taller units generally required three to four inspectors to safely assemble,
disassemble and move them. Unlike the Approach Spans, which are of uniform height,
the sections of the Main Spans vary in depth and width of bottom slab as one travels
along its length. This requires continual adjustment of the scaffolding height, width and
plumb as it is moved longitudinally through the eastbound and westbound cells of the
Main Spans. In addition, access was required within the 30-foot high pair of
compartments located between the full-height diaphragms located at Piers 13 and14. To
accomplish this, the scaffolding units were completely disassembled from their full
height, carried piece-by-piece through the narrow portals of the diaphragms and
reassembled to their full height. This was repeated to move the scaffolds through the
portal of the other pier diaphragm into the adjacent span.

4 TENDON INVESTIGATION

4.1 Preliminary investigation

During the period encompassing the first two bridge inspections, reports were published
by the Florida Department of Transportation (FDOT) and others detailing the discovery
of voids in the post-tensioned tendon ducts, several with severe deterioration of the
tendons, and the subsequent efforts to repair these conditions [Henriksen, 1998;
Ghorbanpoor, 2000; Hartt, Venugopalan, 2002; Pielstick, 2002; DeHaven, 2003;
Pearson-Kirk, 2004]. During this period, PB had been involved with the discovery of
these types of conditions in several segmental structures, and prior to this period in
several segmental bridges in the United Kingdom. More recently, the American
Segmental Bridge Institute and FDOT have recognized the need for improved grouting
techniques and new procedures have been developed to significantly improve grouting
hardware, materials and training.

Based on these experiences, it was recommended that an investigation be performed to
determine the condition of the internal tendons of the segmental box girder spans (the
Main Structure) of the Jamestown-Verrazzano Bridge.

Post-tensioning exists within these spans as draped high-strength steel strand tendons
in the webs and straight tendons in the top and bottom slabs that provide longitudinal
post-tensioning while straight strand tendons are placed transversely through the top slab
of the structure. Additional vertical tendons, consisting primarily of post-tensioned strand
tendons, are present in the webs of Main Spans 12 to 14 to provide additional shear
resistance. All tendons were to have been grouted.

Since it was not known if problem areas would be found, the extent of the inspection
was difficult to estimate. Planning began in early 2004 for a preliminary investigation of
several spans that would each be representative of the three modes of construction
employed on the Main Structure, which are as follows:
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* Spans 1 and 20 through 23 were shored, cast-in-place with Span 1 located within the
channel and Spans 20 through 23 at the east end of the bridge on land;

* Spans 2 through 11 and 15 through 19 were precast segmental;

* Spans 12 through 14 were balanced-cantilever cast-in-place

PB collaborated with NDT Corporation, Worchester, Massachusetts, which was
instrumental in the development of the methods utilized during the previous
investigations of other segmental structures. From October 18 through October 22, 2004,
NDT performed the investigation with PB in concurrence with the biennial inspection
that was being performed at that time. All work was performed from within the structure
with the aid of scaffolding and ladders that were present. The following steps were
performed for each tendon investigated to identify and confirm the presence of voids:

* Ground penetrating radar (GPR) using a high resolution 1500 Hz antenna was utilized
to locate the centerline of the ducts. The high frequency GPR antenna allowed the
technicians of NDT to distinguish the signal representing the ducts from those of
the plain reinforcement and marked their location on the surface of the concrete.
[See Figure 9.]

Figure 9. GPR investigation of box bottom
slab using 1500Hz antenna.
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* Sonic / ultrasonic frequency (impact echo) detection was then utilized to identify voided
tendon ducts by running a four-sensor array just ahead of the impact signal device
along the centerline marked out using the GPR. [See Figure 10.]

* Where voids were identified by impact-echo, small diameter holes were carefully
drilled through the concrete cover to the surface of the sheet metal duct, which was
carefully peeled away to reveal the duct interior. Where a void was confirmed, a bore
scope was used to document the size and length of the void, and the present state of
the tendon. [See Figure 11.]

In addition, several tendon anchorages were investigated with drilling and borescope
inspections. Because the anchorages are located in thicker concrete diaphragms and
anchor blocks GPR and impact-echo are ineffective with these components, drilling was
solely used to detect the presence of voids. The method followed was very similar to the
third step described above in the typical tendon investigation.

Table 1 on the following page summarizes the areas investigated and their observed
conditions. The table shows that most of the investigated tendons were in good condition.
However, there were concerns that the only two draped web tendons probed in Span 14
both displayed significant voids and evidence of mild corrosion. These findings may be
associated with the difficulty in maintaining quality control while working in an open
environment required of cast-in-place construction and the particular challenges of
variable-depth balanced-cantilever construction.

Figure 10. Impact-echo air void detection
using 4-sensor array.
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Figure 11. Borescope with video recorder and
monitor.

Table 1. Summary of Jamestown-Verrazzano Bridge
preliminary tendons investigation.

Span Tndn  Type Location Observed
no. condition
14 n/a 4 Short North, center & south
Verticals webs
9 Draped North, web <V>, <E>, <LC>
11 Draped North, web <V>, <E>
n/a 5 Transverse  North, web
19 7 Straight North web, bottom slab
Straight North web, bottom slab
Straight North web, bottom slab
10 Straight North web, bottom slab <V>
24 Draped South web
25 Draped North web
n/a 5 Transverse  Top Slab
21 23 Straight Center web, bottom slab
23 Anchor West end
24 Straight Center, web, bottom
slab
24 Anchor West end
25 Straight South web, bottom slab

26 Straight North web, bottom slab
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n/a 5 Transverse  Top Slab
22 n/a Straight North web, bottom slab

n/a 5 Transverse  Top Slab
23  n/a Straight North web, bottom slab

n/a 5 Transverse  Top Slab
Key for observed conditions: <V> Void; <E> Exposed tendon; <LC> Light
corrosion.

4.2 Second phase

Because of these findings, a second investigation was performed beginning in April 2005
that concentrated on the Main Spans. The proposed scope of work within these spans
included:

* All of the continuous draped web tendons;

* One hundred-twenty vertical tendons encompassing 10 per each of the three webs of the
340-foot long clear spans of Spans 12 and 14, and 20 per each of the webs of the
636-foot long clear spans of Spanl13;

* Six transverse top slab tendons each of Spans 12 and 14, and 8 top slab tendons of

Span 13;
* Four longitudinal bottom slab tendons within each span.

In addition, a sample of each tendon type was selected for investigation within the
remaining spans Main Structure to assure that potential voids in them would not be
overlooked. To maintain satisfactory quality assurance, the size of the sample was
statistically determined using ANSI/ ASQC Z1.4-1993 entitled “Sampling Procedures
and Tables for Inspection by Attributes” [American Society for Quality, 1993] . The
resulting sample size represented at least five percent of the total number of each tendon
type, with the exception of the draped web tendons of the Main Spans, which represented
100 percent of these tendons. Investigation methods were the same utilized during the
preliminary inspection. Included in the scope of work was the option of having a
specialty contractor follow on the findings of the investigation to perform repair grouting
of the tendons should this be warranted by the findings.

The investigation commenced at the end of March 2005 with work concentrated
within the Main Spans. While some additional voids were immediately identified within
the draped web tendons, investigation of the vertical tendons soon revealed another
concern. Within the Main Spans, vertical tendons are present within each web for the
entire length of each span. Their lengths closely match the lengths of the webs, which
vary from about 10 feet at the points furthest from Main Piers 13 and 14 to about 30 feet
at the piers and within the pier tables. It was at the latter locations that voids ranging from
a few feet to three-quarters of the full length of the tendons were present within the top of
almost all the tendons investigated at these locations. Of particular concern was the
discovery of water and measurable tendon corrosion present at the bottom of one of these
voids. (It should be noted that similar problems had been observed by PB in the vertical
tendons of another bridge, which had vertical precast pier segments with vertical
tendons.) In June 2005, soon after the confirmation of these conditions, the scope of work
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was revised. Because of the quality of the transverse deck tendons within the Approach
Spans - none presented voids throughout their entire length up to this time — their number
was halved and top slab longitudinal tendons within these spans were completely omitted
to permit the investigation to focus on the Main Span vertical tendons at and within 30
feet of the pier table.

It was during this increased focus on the longest vertical tendons that an
undocumented construction modification was discovered. Two adjacent vertical tendons
located within the pier table center web of Pier 14 were fabricated from 1 3/8-inch
Dywidag threaded rod instead of the 6 1/2-inch strands shown on the shop drawings. In
addition, these tendons had voids measuring 20 and 28 feet respectively and surface
corrosion present throughout their exposed length.

In August 2005, a contract to grout eleven vertical tendon voids located at Piers 13
and 14 was provided to RIDOT. The contract was let under the auspices of an existing
contract underway at the bridge in September 2005 to DSI, Incorporated. Quality of the
work was maintained by NDT, Inc and PB, during which time the adequacy of the
grouting repair was confirmed utilizing the same methods as the tendon investigation.

4.3 Third and fourth phases

The findings from the second phase of the investigation identified deficiencies in a
number of the vertical tendons, in particular those at locations with the highest shear
stresses within the Main Spans. To address these findings, the scope of the investigation
was again modified to include:

* All of the Main Span vertical web tendons;

* A sampling of the top anchorages Main Span vertical web tendons accessed from the
bridge roadway;

* All remaining web tendons within the Main Structure;

* Draped tendons of the Main Spans that could only be accessed from the exterior of
structure.

This phase of the investigation revealed more voids in the vertical tendon ducts,
particularly within the top half of the longer ones. In addition, periodic minor voids were
recorded within longitudinal web and bottom slab tendon ducts of many spans. Of
particular concern during this phase, was the discovery of voids within the longitudinal
tendons of the Main Spans. As result of this finding, in September 2006, a fourth phase
that encompassed these tendons was added to the project scope. This latter task, and the
tendon investigation, concluded in December 2006 with the identification of several
voids measuring several hundred feet in length within these longitudinal tendons. As a
result of this latter investigation, the total volume of voids recorded for these tendons
were the highest for any tendon type within the structure, followed by the vertical
tendons. Those with the best findings were the transverse deck tendons, which presented
no voids for any of the tendons examined. The results of the nondestructive tendon duct
testing are summarized by Span Construction and tendon type in Table 2.
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Table 2. Summary of Jamestown-Verrazzano Bridge tendons
investigation.

Construction Tendon type  Number of Number of Observed

type (Location) tendons voided condition
tested tendons
Cast-In-Place  Transverse (Top 20 None
Slab)
Spans 1,20 & Draped (Web) 24 1
23
Longitudinal 12 None
(Bottom Slab)
Precast Transverse (Top 60 None
Slab)
Spans 2-11 & Draped (Web) 138 15
15-19
Longitudinal 227 13
(Bottom Slab)
Balanced Longitudinal 108 34 <E>*
Cantilever (Top Slab)
Spans 12, 13, & Transverse (Top 20 None
14 Slab)
Vertical (Web) 864 31 <E><LC>
Draped (Web) 33 14 <E><LC>
Longitudinal 2
(Bottom Slab)

Key for Observed Conditions: <V> Void; <E> Exposed tendon; <LC> Light
corrosion; * Location of 314-foot long void.

5 LIVE LOAD ANALYSIS

5.1 Long-term behavior of segmental structures

One characteristic that distinguishes both segmental concrete design and construction is
the need to recognize and account for the long-term deformations and changes in the
material properties experienced by these structures. These changes occur as soon as each
segment is cast and/or erected and influence the behavior of the structure particularly
during the initial five to ten years of the structure’s life.

Deformations take two predominant forms: creep and shrinkage. Shrinkage is the
reduction in volume of a concrete mass that occurs as it loses free water to either
evaporation or hydration with the constituents of the cement. Creep is the plastic
deformation experienced by this mass in response to stress, typically compressive. Both
of these phenomena are most prevalent during the early life of the structure and their
influence rapidly diminishes after the first couple of years. Several references provide
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methods for approximating these behaviors, in particular the Comité Euro-International
du Béton - Fédération Internationale de la Précontrainte Model Code for Concrete
Structures [CEB-FIP, 1990].

Over the early years of the structure, especially during construction, these
deformations result in significant redistribution of stresses that must be accounted for to
accurately predict its behavior, to provide sufficient structural capacity and sometimes to
assure its serviceability. For a live load rating, data that must be accrued include the
casting date, mix properties and general climate present during the casting of each
segment, accurate tendon stressing records, methods of construction utilized, construction
loads and any deviations that may have occurred from intended design procedures. The
greater the accuracy of this data, the more accurate will be the analysis performed.

For the Jamestown-Verrazzano Bridge RIDOT wisely retained and archived this
information. This was critical for several reasons:

* Several different construction methods were employed on different portions of the
superstructure: precast, cast-in-place balanced cantilever and cast-in-place shored
construction.

* Several delays had occurred that extended the construction to a period of about 7 years.

* Because there are only two expansion hinges present on the Main Structure, the
superstructure is continuous for lengths of 1368, 1764 and 1818 feet. This and the
prior condition assured the interaction between some portions of the Main Structure
that had already undergone significant amount of deformation while others were just
being constructed.

These archives were carefully reviewed and the data input into the time-dependent
analysis structural model that was developed for this purpose. GT-STRUDL [Georgia
Institute of Technology, 1999] and TANGO [Tang, 1993] were each utilized, and their
respective outputs from their transverse and longitudinal analyses were post-processed
using EXCEL spreadsheets. This effort was later validated by the results of a topographic
survey of the deck performed concurrently with the 1999 baseline inspection. The survey
results from the 1999 survey records were compared with the survey records during
construction. When creep deformation of the piers was accounted for, the changes closely
matched the deformations determined by analysis. The greatest deviation between the
two occurred at the mid-length of Span 12 over the navigational channel, which, with a
clear span of 636 feet, is the longest span of the bridge. The results of the survey versus
the analysis were 0.14 feet of creep deformation versus 0.25 feet, respectively, resulting
in a difference of 0.11 feet or 1%/ inches.

Dead and live load ratings were checked by utilizing both allowable stress design
(ASD) and load and resistance factor design (LRFD) for the live loads that were typically
considered during the period the bridge was designed, which were AASHTO HS-20-44
lane and truck loads, AASHTO H-20-44 lane and truck loads, and the Type 3 and 3S2
legal loads.

The results of this analysis confirmed that: the bridge, in general, had satisfactory
capacity to support these live loads. However, it was revealed that the shear capacity of
the bridge differed from assumptions made during design. The advantage of current PC
capabilities over the computing tools available during the mid-1980s allowed an elastic
analysis to be performed without the assumption that all three webs shared dead load
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equally, which was a standard simplification often made at that time. As a result, it was
determined that outer two webs of the bridge carried a higher proportion of the dead load
shear than the third interior web with the governing ratings being for shear.

6 CARBON FIBER-REINFORCED POLYMER BOX GIRDER WEB
REINFORCEMENT

6.1 Findings of the 1999 baseline inspection

The baseline inspection began in June 1999. During the inspection detailed mapping of
the cracks present on many of the surfaces of the Main Structure were recorded. Most of
the cracks were concentrated on the box girder webs near and at the pier tables, with
some of the highest in the vicinity of closure pour placed between the cast-in-place pier
tables and the jacked-in-place 169-foot long precast Approach Span segments, which, at
the time represented the heaviest such span-by-span construction performed on a
segmental concrete structure.

Figure 12. CFRP reinforcement of pier table
web. Note 2-inch wide inspection strips
between panels.

Subsequent to the inspection, as described above, a live load rating was performed that
confirmed the presence of high shear stresses at these locations. Further finite element
modeling of the closure detail revealed additional stresses incurred by the structure when
the jacked spans were released after completion, curing and tendon stressing at the
closure. While the live load ratings satisfied AASHTO criteria, these findings, coupled
with the cracking observed during inspection, resulted in the recommendation that the
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webs of the Approach Spans at the pier tables be reinforced to assure redundancy of the
structure at these locations. In addition to the web reinforcing, cracks throughout the
superstructure were first injected with epoxy following the recommendations for
allowable crack width prescribed by Table 4.1 in ACI Committee Report 224R entitled
“Control of Cracking in Concrete Structures” [American Concrete Institute, 1990].

Carbon fiber-reinforced polymer (CFRP) was selected as the reinforcement material.
[See Figure 12.] The choice was made based upon its strength being comparable to other
conventional structural materials, its high strength-to-weight ratio that enabled rapid
installation by only two individuals, and the ability to install the material using a high
strength adhesive without damaging the existing concrete substrate. The CFRP consisted
of two layers of Tyfo SCH-41 carbon fiber fabric placed on both sides of each pier table
web. Because CFRP is not resistant to UV radiation, a matching protective coating was
specified for the second layer of reinforcement placed on the exterior surface of the pier
tables, which had the additional benefit of providing a cosmetically favorable appearance
to the repair.

Note that a two-inch wide gap was placed between adjacent CFRP panels to permit
future inspections to observe portions of the web and determine if further cracking has
occurred.

The implemented repair consisted of the following components:

* Epoxy injection of all exterior cracks exceeding 0.012 inches in width and interior
cracks exceeding 0.006 inches;

» Smoothing the surface of the concrete and filling in depressions with epoxy grout to
provide a smooth continuous substrate for the reinforcement material;

* Application of epoxy adhesive to the surface of the substrate just prior to installation of
the CFRP;

« Saturation of the CFRP just prior to its installation;

* Removal of void that might be present between the CFRP and the substrate.

After the 72 hours of curing time had elapsed, quality control was performed by
performing pull-off tests at randomly-selected locations and by checking the surfaces of
all repaired locations for voids. Before and after conditions where deficiencies were
found were documented and photographed.

7 CONCLUSIONS

Segmental bridge technology has become a popular type of construction in the United
States, and with its continued maturation, more commonplace. However, relative to the
more common forms of long-span bridge design and construction, such the truss, the arch
and suspension, segmental concrete construction represents a relatively modern
innovation. This construction has produced many ingenious, beautiful and efficient
bridge types such as the segmental box girder, the cable-stay, the segmental arch and
most recently the extradosed bridge. Given the relative youth of this technique, it will not
be surprising to find additional adaptations evolving from this technique.

Nor should it be surprising at this time to discover unanticipated issues that
periodically need to be addressed as time reveals which aspects of this construction type
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still require maturation and refinement. The presence of cracks in the concrete surfaces
and incomplete grouting of tendon ducts are two. This investigation discusses these two
issues and has provided a possible means of addressing these issues.
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Chapter 5
Ultimate capacity of suspension bridges with
arbitrary imperfect towers

Manabu Inoue
IHI Co., Ltd., Tokyo, Japan

ABSTRACT: In this study, the difference of ultimate capacity of
suspension bridge due to the imperfection of tower has been investigated
through the past experiences and the case study. At the beginning, the
measurements of tower deviations from the ideal position for constructed
suspension bridges, mainly in Japan, have been studied and the tendencies
of imperfection have been classified into some types. Then the effect of
tower imperfection for the ultimate capacity has been investigated by
1-1/2 order analyses using 2-D bridge model. In the analyses, four types
of imperfect tower with the different imperfect shapes were modeled at
the freestanding. Finally, the difference of ultimate capacity among the
imperfect models has been summarized and some remarks were made for
the potential of more reliable and economical bridge in the future.

1 INTRODUCTION

Suspension bridges have been constructed using the state-of-the-art technologies and with
the possible care. To satisfy the proposed performance, high degrees of accuracy are
required during the construction. For example, the requirements for the straightness or the
verticality are one of the most severe ones.

In the areas including Japan where there is a potential of big earthquakes with
magnitude M8.0-9.0 class such as Great Hanshin-Awaji earthquake in 1995, the towers
of suspension bridge are usually composed of steel shell plates to mitigate the inertia. The
tower leg is divided into number of blocks with an appropriate height corresponded to
some limitations concerned with fabrication, transportation, lifting ability, site condition
and so on. As one of solutions to achieve the appropriate straightness among the blocks
and verticality of tower, mill to bear connections have been adopted for some bridges and
this could minimize the number of bolts.

In reality, several kinds of errors must be inevitable during the fabrication and
construction. For the tower, these errors remain as the imperfection at the completion and
it is well known that imperfections break symmetry and significantly influence the
response of elast-plastic columns. For example, the towers may be subjected to
unintended small lateral loads, they may be initially curved rather than perfectly straight,
or the axial load may be slightly eccentric. Unlike beams subjected to transverse loads
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and small axial forces, columns are quite sensitive to imperfections, although not as much
as shells.

Thought the weak element in the collapse chain is not usually the tower but hangers
for suspension bridges, the tower imperfections are closely related to the robustness and
the imperfect sensitivity of the whole bridge and it is of important to keep an appropriate
balance among the durability of structural elements such as anchorage, tower, cable,
hanger and deck.

The imperfect sensitivity of tower depends on its configuration, section properties,
load conditions and so on. However, it is not always clear how the difference of
configuration of tower affects the ultimate capacity of the whole bridge. In this paper, the
ultimate capacity of steel tower has been investigated through some results of past
suspension bridges and the case study.

2 EXAMPLES OF TOWER IMPERFECTION

2.1 Technical requirement for tower straightness and verticality

Some specifications mention the allowance value for tower straightness or verticality
clearly. For example, for AKASHI bridge the errors in the longitudinal displacement at
the tower top within h/5,000 (h stands for the height of tower) was required as the
maximum allowance verticality of freestanding tower. The requirements for straightness
or the local change of inclination were not specially mentioned in this specification.
However, the high accuracy of flatness for each joint was required.

In other specification, only the maximum verticality or deviation to be considered in
the analyses is defined and the special attention is required for the tower construction not
to lead any deterioration in the performance level.

In the design, safety and sensitivity of the bridge to tower imperfections are verified
by using FE-model where the tower imperfection represents as some horizontal deviation
at the top or the middle of tower. The design deviation is mainly defined as h/1,000 or
h/2,000, some 10-20 times larger than that for the allowance, though these conditions
depend on the technical specification in each project. In some papers, the ultimate
capacity has been investigated for the bridge model with the tower leaned straightly at the
completion. (e.g. Nogami et al, 2001)

Usually the verticality is controlled by keeping the horizontal displacement at each
step within some target values. The target value at each step is defined as the function of
tower height such as h/5,000 or h/10,000. In reality, it is hard to adjust the verticality at
each joint during the block erection. So, for the mill to bear connection, machining is
carried out for each joint with special attention at the fabrication phase. In this method,
the requirement for the flatness at each joint depends on the design concept. And, the
accuracy of tower relies heavily on the result at the fabrication phase. In the trial
assembly, more than three leg blocks are lied on the ground with many temporary
supports and connected each other to verify the straightness or the verticality of
fabricated blocks. It is not usually carried out to trial-assemble all blocks in the same
time. Thus, the deviations for tower with all blocks are verified by accumulating these
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results. In this phase, high quality of verticality has been reported for the past suspension
bridges.

However, in the construction phase, the differences of conditions between in trial
assembly and in situ cause inevitable errors. In some bridges, re-machining for mill to
bear connection of latter block has been carried out to compensate for deviation of
constructed leg after measuring the verticality at some height.

2.2 Examples of constructed towers

The allowance verticality and the results of maximum longitudinal deviation form the
point of ideal line at the top of freestanding tower for some suspension bridges in Japan
are shown in Table 1. In some bridges, the configurations of freestanding tower have
been measured and reported as reference values. The main target for the accuracy of
constructed tower seems to be set to a displacement at the tower top.

The examples of deviation in the longitudinal direction are shown through Figure 1 to
Figure 3. Due to some difficulties of measurements, the deviations have been measured at
a few points. As is obvious in these figures, the deviation at the tower top is not always
maximum value.

Though the number of examples is so limited, the tendencies of deviation at the
freestanding can be classified at least to four types, i.e.:

1) Leaning straightly (e.g. 2P-R of INNOSHIMA bridge, Europe-N of 2nd Bosporus
bridge)

2) Changing the inclination at some height so as to reach the tower top in the ideal
position (e.g. 2P-L and 3P-L of INNOSHIMA bridge)

3) Adjusting the inclination at each step or several times (e.g. 3P-E of AKASHI bridge)

4) Combining among the above mentioned three types (e.g. 2P-E of AKASHI bridge)

Table 1. Allowance deviation for tower verticality.

Allowance at Height Main  Max.

tower top (m) Span  displacement at
(m) tower top

AKASHI 57 mm 286.7 1,991 39 mm (1/7,389)
(1/5,000)

MINAMI 30 mm 175.7/184.2 1,648 19 mm (1/9,346)

BISAN SETO  (1/6,000)

KITA BISAN 30 mm 165.4/173.3 1,538 10 mm (1/16,535)

SETO (1/5,000)

SHIMOTSUI 30 mm 136.9/141.0 1,400 12 mm (1/11,901)

SETO (1/4,500)

OHNARUTO 13 mm 128.3 876 6 mm (1/22,514)
(1/10,000)

OHSHIMA 18 mm 88.4 840 14 mm (1/6,402)
(1/5,000)

INNOSHIMA 14 mm 135.9 770 11 mm (1/12,229)

(1/10,000)
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KANMON 14 mm 136.0 770 10 mm (1/13,603)
(1/10,000)

AKINADA 24 mm 119.5 750 23 mm (1/5,193)
(1/3,500)

HAKUCHO 19 mm 129.4 720 14 mm (1/9,585)
(1/7,000)
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Figure 1. Deviations in the longitudinal
direction (Akashi Bridge).
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Figure 2. Deviations in the longitudinal
direction (Innoshima Bridge).
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Figure 3. Deviations in the longitudinal
direction (Fatih Sultan Mehmet Bridge (2nd
Bosporus bridge)).
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Figure 4. Bridge model.

Table 2. Section properties.

Area (m*/bridge) Moment inertia (m*/bridge)
Main cable  0.701 -

Tower 24-3.5 14.7-50.8 (in the transverse axis)
Deck 0.874 1.560 (in the transverse axis)
Hanger 0.018 -

3 EFFECT OF TOWER IMPERFECTION

The 1-1/2 order analyses have been carried out to oversee how the difference of tower
imperfection and shape affects to the ultimate capacity of suspension bridge. In this
study, only the imperfections in the longitudinal direction were considered and 2-D
global bridge model considering elast-plastic properties only to the tower has been used
in the analyses.

3.1 Bridge model

The general geometrical layout and section properties are shown in Figure 4 and Table 2.
The length in the main span is 1,500 m and the height of tower is 240 m. The material of
tower was assumed to be steel with the grade of S355 (EN10025, Minimum yield
strength = 355 MPa) for all plates and bi-linear. During the analyses, the tower section
was simplified in such a way that the stiffening plates were added to the plate as the
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equivalent thickness. The residual stresses around the welding of stiffening plates and
hardening after the yielding were not considered in the analyses. Also it was assumed on
the stiffened panels being stable to its full capacity of the thickness. Materials for other
structural elements were assumed as perfectly elastic ones. Thus, the collapse due to the
failure of elements except tower was not considered in the analyses.

Four types of tower with the imperfection in the longitudinal direction were used in
the analyses. For each imperfect type, the ultimate capacity of tower has been
investigated by changing the maximum deviation, the height of inflection point, number
of inflection points and so on. During the analyses, only the left side tower (2P) in
Figure.4 was assumed to have some imperfection. The imperfect tower models were
defined for the freestanding tower as follows, where the deviation is positive when the
tower deforms toward the mid centre from the ideal position.

Type-A
The tower is leaned straightly or parabolically, and the deviation at the tower top changes
from —240 mm to 240 mm. (correspond to h/1,000)

Type-B
The tower inflects at the height of 60 m with the deviation of —-60 mm, and the deviation
at the tower top changes from —240 mm to 240 mm.

Type-C
The inflection point is at some height (60, 120 and 180 m), and there is no deviation at
the tower top.

Type-D
The inflection point is at the height of 180 m, and the additional one or two inflection
points are defined at the heights of 60 m and 120 m.

3.2 Analyses

The burdened load on the bridge at the completion under the dead weight was increased
incrementally until the tower reaches the ultimate capacity, where the ultimate capacity
was defined as those when the burdened load presents deformation of the tower
differently from the shape similar to one step before. The burdened load was defined as a
multiple of the uniformly distributed live load of HA loading, q = 96.88 kN/m/bridge
(8 notional lanes), according to BS 5400-2:2006 in the main span. Although the
governing load case depends on the bridge configuration such as a geometrical layout and
section properties, this case is the governing one for the tower of this model.

The 1-1/2 order analysis was made in each step using the non-linear analysis program
named “Midas/Civil”, developed by Midas&CTC Co., Ltd. In the analysis, the resulting
member forces and section properties in each step were used in the analysis of the next
step and a small increment of the burdened load was applied when the tower came close
to the ultimate capacity.
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3.3 Results

The computation results of configuration and ultimate capacity for tower 2P are shown
through Figure 5 to Figure 8. For each model, the bridge becomes unstable due to the
tower collapse under some burdened load D + a*L, where D is the own weight and L is
the un-factored distributed live load in the main span. The load multiple factor “a” is used
as a representative value for the ultimate capacity in this study. In figures, the values in
percentage stand for the ratio of the load multiple factor for the imperfect model to that
for the ideal one. Thus, the percentage less than 100% means that the ultimate capacity
for the model deteriorates due to the tower imperfection. In figures, a solid line and a
dashed one stand for configurations at the freestanding and at the completion,
respectively. A dotted straight line shows an ideal position without any imperfection. The
difference from a dotted line represents the deviation in that state.

In types-A and -B, the position of tower top moves near the ideal one at the
completion because the horizontal displacement at the tower top is mainly governed by
the behavior of main cables. The ultimate capacity of tower is in proportion to the
deviation at the top of freestanding tower. In type-A-2, the tower shows a parabolic
imperfect configuration at the freestanding. Though the configuration of A-2 at the
completion is so similar to the ideal one, the ultimate capacity decreases by some 2% and
this deterioration is smaller than that for A-1.

In type-B, the ultimate capacity is related to both the absolute maximum deviation at
the top of freestanding tower and the configuration at the completion. The ultimate
capacity changes in proportion to the absolute maximum deviation at the top of
freestanding tower, and it depends on the shape at the completion, i.e. convex or concave
in the horizontal axis, whether the ultimate capacity increases or not. Thus, if the tower
shape of upper part at the completion, in this case the region from 60 m to 240 m, shows
the convex curve in the horizontal axis, the ultimate capacity decreases compared with
that for the ideal one. Also the critical point appears at the lower height with the
incrimination of the deviation at the top of freestanding tower.
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Figure 5. Change of configuration and ultimate
capacity for Type-A.
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In type-C, the difference due to the position of inflection point and the magnitude of
deviation are shown in Figure 7. For the imperfect tower with the absolute maximum
deviation at the same height, the ultimate capacity changes in proportion to the magnitude
of the maximum deviation. If the inflection point appears at the higher position, the
incrimination or the deterioration of ultimate capacity for that imperfect model tends to
be larger than that for the tower which has the same maximum deviation at the lower

position.

Figure 6. Change of configuration and ultimate
capacity for Type-B.
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Figure 7. Change of configuration and ultimate
capacity for Type-C (h = 180 m).
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Figure 8. Change of configuration and ultimate
capacity for Type-D.

In type-D, the effects of the intermediate inflection points have been investigated as
shown in Figure 8. In this model, the absolute maximum deviation is positioned at the
highest among the inflection points. Though the analyzed cases are so limited, the
deviation due to the inflection points at the lower height seems not to affect so much to
the ultimate capacity of the tower.

3.4 Remarks
Through this case study, the following remarks can be noted:

1) It is effective for dulling the imperfect sensitivity to keep an appropriate accuracy for
the verticality of the lowest block or the flatness of basement.

2) If some adjustment to decrease the deviation for latter blocks is carried out by making
the inflection point during the tower erection, the inflection point is desirable to be
positioned in the lower height.

3) The ultimate capacity is considerably governed by the magnitude of deviation at the
highest inflection point. Though adjusting the inclination at some steps is mainly
effective for controlling the deviation at the highest inflection point within the target
value, it does not so affect to the ultimate capacity.

4) In this model, the inclination toward the anchorage causes the deterioration of the
ultimate capacity. Thus, it seems to be adequate that the allowance or target value for
the deviation toward the anchorage is more severe than that toward the mid centre.

5) Even if the lower part of tower blocks tends to incline toward the anchorage, the tower
can be erected without any deterioration of its performance by making the inflection
points and changing the inclination toward the mid centre.

6) If the tower is erected within the conventional target values such as h/5,000 or
h/10,000 at the freestanding, the deterioration of ultimate capacity due to the
imperfection is negligible.
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4 CONCLUSIONS

The effect of tower imperfection in the longitudinal direction for the ultimate capacity
has been investigated in this study. The conventional control method of tower
construction is surely effective to achieve the appropriate bridge performance. However,
this method requires special facilities for machining, a lot of time and much cost.

There are many possibilities of errors which will affect the ultimate capacity of tower,
e.g. the deviation of tower in the transverse direction, the difference of imperfection
between legs, lengths of cable and hanger, weight of deck and so on. Though these errors
were not considered in this study and further investigations are needed, it seems to be
feasible to define more flexible requirements or target values, which are some 5-10 times
larger than that used in the past suspension bridges.

Finally, the tower construction without higher accuracy requirements but with the
well-controlled management can achieve more reliable and economical bridge without
any deterioration of the ultimate capacity. The smart and well-controlled method with a
consideration of imperfect sensitivity can be useful for the design and the construction
especially for super-long suspension bridges in the future.
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Chapter 6
Cable supported footbridge analysis with
construction staging

A. Caner
Middle East Technical University, Civil Engineering Department, Ankara,
Turkey

ABSTRACT: The new trend in design of footbridges in Turkey is to
utilize the cables. Some of these bridges have fake cables while others
partially rely on the cable system. These steel composite bridges typically
constructed over the highways span about 40 to 60 meters. It was
observed that the bridges with fake cables can be substantially heavier
than the ones with functional cables. The focus of this paper is to study
importance of tensioning sequence of cables and impact of construction
staging on the design forces at superstructure to have economical designs.
A case study is illustrated as an example design.

1 INTRODUCTION

Aesthetics of urban pedestrian bridges are mainly governed by the functional,
environmental, visual and structural conditions (Yang and Huang 1997). Functional
condition includes types of loads, traffic volumes and speeds, and clearance
requirements. Environmental condition mostly concerns with the topographic conditions
and surrounding environment. Visual conditions should suit the public’s taste. Structural
condition deals with the serviceability and stability of the bridge. In Ankara, Turkey, the
architects’ preferences on the shape of pedestrian bridges are either arch or cable-
supported type.

Urban pedestrian bridges are more flexible than other type of bridges since the loads
are small and bridge widths are narrower (Yang and Huang 1997). Such light structures
with small damping values, especially cable supported bridges, are more vulnerable to
dynamic forces than other type of foot bridges (Nakamura 2004). Nakamura (2004) and
Roberts (2005) have studied vibrations induced by the lateral pedestrian movements over
footbridges. London Millennium Bridge was closed for 18 months due to unstable
amplitudes of vibration induced by crowded pedestrian crossing and was opened to
public use only after a 7 million dollar retrofit. The internal damping of the bridge was
increased by the installation of both viscous and tuned mass dampers to eliminate or
minimize the vibration problem (Roberts 2005). Similarly, the T-bridge, a cable-stayed
bridge in Japan, experienced strong lateral vibration induced by pedestrians (Nakamura
2004). Although this bridge has the same span length as the London Millennium Bridge,
it has a heavier superstructure; therefore restricting public access to the bridge was not
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necessary. The vibration induced displacements were measured to be about 10 mm at the
T-bridge, compared to about 60 to 70 mm at the London Millennium Bridge.

Dynamic behavior of a curved cable-stayed bridge, Safti Link Bridge in Singapore,
was studied by full-scale testing and analytical methods (Brownjohn et al. 1999). The
testing techniques used were ambient vibration testing (AVT) and forced vibration testing
(FVT). AVT relies on uncontrollable force inputs such as wind, traffic and other natural
sources of vibration. FVT depends on a measurable force input such as an impact
hammer. Actual cable tensions were checked by the post-tensioning contractor and were
determined to be close to the design values. The cable tension estimations by the
vibration measurements (FVT) were found to be mysteriously inaccurate. The AVT
testing determined to be more useful than FVT testing due to low signal to noise ratio for
vibrations induced by hammer impact.

Simoes and Negrao (2005) worked on the optimum design of cable-stayed footbridges
concentrating on minimization of stresses, displacements and cost. Their investigation did
not include any type of vibration analysis.

Some of the pedestrian bridges in Ankara, Turkey with span lengths 40 to 60 meters
have either fake cable-stays or functional cable-stays. It was observed that these bridges
can have sometimes uncomfortable vibration levels due to pedestrian walking or wind.
Out of 11 bridges with functional cable-stays under construction, only couple of them has
vibration problems believed to be related to improper tensioning of cables, and even in
some cases loose cables exist. Vibration characteristics of these bridges are still under
investigation. The focus of this paper is to study importance of tensioning sequence of
cables and impact of construction staging on the design forces at superstructure to have
economical designs.

2 ANALYSIS

2.1 Description of bridge

The pylons or tower of the bridge are typically inclined custom made steel “A” type of
frames as shown in Figure 1. The back stay cables are anchored to a concrete block at a
distance from the bridge. For the bridge with fake cables, the superstructure has usually
three longitudinal girders, the middle one being the heaviest section connected to the
edge girders with floor beams.

Similar to the fake cable supported footbridge, the bridge with functional ones has the
same architectural aesthetics but with a relatively shorter tower and a lighter
superstructure. The superstructure has only two edge girders connected with transverse
floor beams.
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(a)

(b)

Figure 1. Pedestrian bridge (a) with fake cable
stays and (b) without cables.

2.2 Construction staging and cable tension sequencing

Span length of the superstructure measured from tower connection to the anchor pier
connection was taken to be 45 meters. Two edge girders were 3 meters apart from each
other and connected with 160 mm deep transverse I shaped floor beams. The cables were
selected to be 30 mm diameter bridge ropes with adjustable tension device (turnbuckle)
on them. The steel material was selected to have yield strength of 250 MPa. The 80 mm
thick reinforced concrete deck had a 50 mm thick finish work on top of it. The erection
sequence of the structure is as follows:
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* Erect the pylon or tower

* Construct the concrete anchor block for the back stays

* Erect the anchor pier

* Connect the superstructure to the tower and the anchor pier

* Place the cables between the superstructure and the tower, and between the tower and
the concrete anchor block

* Place the concrete deck and the concrete tiles

* Tension the cables

In cable tensioning, four different options may be used:

* OPTION 1: Do not tension any of the cables. All cables are non-functional.

* OPTION 2: Only tension back stays to 100 kN to pull back the tower to prevent any
sagging of superstructure due to placement of concrete deck. Do not tension cables
Cl1, C2, C3, C4 and C5 shown in Figure 2. Cables C1 to C5 will be additionally
stressed by the dead weight of the concrete deck.

* OPTION 3: After placement of the concrete deck, start tensioning the bridge to have the
right alignment. Tension all back stays to 100 kN. Start tensioning from the cable
closest to the pylon and finish tensioning at the cable closest to the anchor pier without
changing the order (tensioning sequence: C1-C2-C3-C4-CS5, see Figure 2).

Cables
e
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Figure 2. 4-D LARSA Computer Model,
fourth dimension being time of cable
tensioning.

* OPTION 4: Similar to second option tension all back stays to 100 kN. Tension one set
of cable close to the pylon and in the next step tension cables close to the anchor pier
and after tensioning both end cables, start tensioning the mid cables (tensioning
sequence: C1-C5-C3-C4-C2, see Figure 2).
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LARSA structural analysis software was used to model the bridge as shown in Figure 2.
In construction staging, full non-linear geometric option was turned on to monitor the
change in cable tensions. Deck displacement induced by individual tensioning of cables
decreased the initial tension force in the adjacent cables next to the tensioned one.

3 DISCUSSION OF RESULTS

The analysis results for different schemes were tabulated in Tables 1 to 3. Having
functional cables, i.e. tensioned cables, helped to reduce the design forces compared to a
bridge with fake cables. In comparison, the bridge member design was selected in such a
way that at each option the live load deflections of the bridges were almost the same.

Table 1. Cable forces at the initial and final stage without
live load.

Cable Forces (C1 closest to pylon and C5 closest to anchor

pier)

Cable C1 CableC2 Cable C3 CableC4 Cable C5
Option (kN) (kN) (kN) (kN) (kN) (kN) (kN) (kN) (kN) (kN)

1 0 0 0 0 0 0 0 0 0 0
2 0 65 0 75 0 70 0 53 0 29
3 120 68 110 65 100 59 100 70 130 127
4 100 52 80 80 100 53 100 89 130 100

*Initial cable force
**Final cable force

Table 2 Member forces under dead plus live load.

Edge girder
negative Edge
moment at girder Tower maximum Tower base Tower

tower positive moment above maximum  axial
connection moment superstructure  moment  force
Option kN-m kN-m level kN-m kN-m kN
1 2496 2796 109 2252 505
2 724 524 164 1208 1062
3 676 356 306 1736 1336
4 615 292 279 1593 1206
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Table 3. Live load displacement, steel weight of the structure
and cost of the steel works.

Live load displacement ~ Steel weight Steel value including

Option <90 mm (mm) (ton) labor (USD)
1 90 80 $160,000
2 88 50 $100,000
3 85 50 $100,000
4 86 50 $100,000

Having fake cables at a pedestrian bridge can result in increase in edge girder moment
terms up to ten times of a bridge with properly tensioned cables. Since the fake cable-
stayed bridge does not rely on the cables, the tower axial forces are about 50% less
compared to the functional cable-stay bridges. Cables in tension develop compressive
forces in towers, which results in higher tower axial forces.

The steel weight of a fake cable-stayed bridge can be substantially heavier than the
one with a functional cable-stayed bridge to satisfy the live load displacement criterion of
AASHTO (1997). The steel weight of the option 1 bridge is about 60 percent heavier than
the option 2, 3 or 4 bridges. Under its own dead load, the steel profiles of the option 1
bridge could be cambered up to minimize the dead load deflections.

When option 2, 3 and 4 were compared to each other, the importance of cable
tensioning sequence could be seen. Even if, these three bridges were identically the same,
in option 4 edge girder positive moment is about 80% lower than the ones for option 2.
However, no reduction in weight of superstructure is planned when option 4 is used in
case contractor selects to use option 2 or 3 as his or her tensioning sequence. Due to cable
tensioning sequence, the cable forces in the first tensioned cable can be reduced up to
50% of its initial value. The reductions in cable forces for the last tensioned cables were
substantially less and may be ignored in some cases.

4 CONCLUSIONS

* Steel weight and cost of the pedestrian bridge can easily be controlled by the proper
tensioning and construction staging.

* The design forces in the same bridge can be varied by 80% by just changing the
tensioning sequence of the cables.

« Cable tension forces are very sensitive to the sequence of tensioning. Final tension
forces can be reduced up to 50% of their initial values due to the variation in deck
displacements during tensioning.

ACKNOWLEDGEMENTS

Author wants to thank to Prof. Dr. Cetin Yilmaz and Assoc. Prof. Dr. Ahmet Tiirer of
Middle East Technical University Civil Engineering Department for their support.



Innovations in bridge engineering technology 84

REFERENCES

AASHTO. 1997. Guide specifications for design of pedestrian bridges, Washington, DC.

Brownjohn J. M. W., Lee J. and Cheong B. 1999. Dynamic performance of a curved cable-stayed
bridge. Engineering Structures, 21: 1015-1027.

Nakamura S. 2004. Model for lateral excitation of footbridges by synchronous walking. ASCE
Journal of Structural Engineering, 130(1): 32-37.

Roberts T. M. 2005. Lateral pedestrian excitation of footbridges. ASCE Journal of Bridge
Engineering, 10(1): 107-112.

Simoes L. M. and Negrao, J. H. 2005. Reliability-based optimum design of glulam cable-stayed
foot bridges. ASCE Journal of Bridge Engineering, 10(1): 39—44.

Yang, S. and Huang, D. 1997. Aesthetics considerations for urban pedestrian bridge design. ASCE
Journal of Architectural Engineering. 3(1): 3-8.






Chapter 7
Locked coil cable assemblies for bridges
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B. Mordue
BRIDON International Ltd., Doncaster, UK

ABSTRACT: Locked coil cable assemblies are used in cable supported
road bridges (e.g. as suspenders in suspension bridges and hangers in arch
bridges) and a large variety of pedestrian and cycle bridges. Despite of
lots of installations all over the world and recent product enhancements,
locked coil cable assemblies are not so well known in the USA. In recent
times an increase in interest and demand for the product has been
observed.

A general introduction to locked coil cable assemblies will be given.
After an overview about present and past applications this paper provides
detailed information on technical aspects. The elaborations include design
aspects for saddles and clamps, installation examples, deck and tower
connection examples as well as the latest developments in corrosion
protection and sockets.

1 INTRODUCTION

Locked coil cable assemblies are prefabricated tension components for structural
applications. They consist of locked coil strands and permanently attached sockets.
Locked coil strands are a special type of spiral strand. They are made up using a core of
helically spun round wires in several layers onto which covers of helically spun full lock
wires in several layers are spun (figures 1 and 2). They are manufactured in the factory,
layer by layer. The layers are usually spun in opposite directions to minimize the residual
torque.

Locked coil strands (figure 3) have been made from 20 mm (~7/8") up to 176 mm
(~7/8") in diameter. Their advantage over spiral strand (figure 4) and wire rope (figure 5)
include

— better corrosion protection

— higher axial stiffness

— better clamping capabilities

— higher breaking load (only in comparison to wire rope)
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Figure 1. Round and full lock wire for locked
coil strand.

Figure 2. Round wire core with one layer of
full lock wires.

Figure 3. Locked coil strand cross section and
side view.

view.

Figure 5. Wire rope cross section and side
view.
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Figure 6. Millennium Bridge London (UK,
2000) and Milwaukee Art Museum Bridge
(USA, 2000).

Figure 7. Turtle Bay Sundial Bridge (USA,
2001) and Swansea Sail Bridge (UK, 2003).

2 APPLICATION EXAMPLES

In the past 15 years the world has seen an increasing variety of pedestrian bridges.
Locked coil cable assemblies have been used for many of them.

Locked coil cable assemblies are also used as suspenders in vehicular suspension
bridges and arch bridges.

Figure 8. Pedestrian Bridge Strasbourg/Kehl
(France/Germany, 2003) and River Usk Bridge
(UK, 2006).
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Figure 9. Fedafjord Bridge (Norway, 2006)
and Zaragossa Bridge (Spain, 2007).

Figure 10. Ulvoen Bridge (Norway, 1928).

A remarkable example is the Ulvoen Bridge in Norway from 1928 (figure 10). It has still
the original locked coil cable assemblies in service although at the time the wires were
not galvanized.

Besides bridges, the focus of this paper, locked coil cable assemblies are also used in
roof structures, glass walls and for stayed masts and towers.

3 TECHNICAL PROPERTIES

3.1 Load carrying capacity

The wires are made from high carbon steel rod. They get their high strength from the cold
deformation process during wire drawing. The wire properties are shown in figure 11.

Locked coil strands are made to the product standard EN 10285-10. Due to the full
lock wires locked coil strands with more than 3 layers of full lock wires (~strand
diameter >60 mm (~2 3/8")) have a metallic cross section of minimum 88% compared to
the circumscribed circle. This value is higher than the value for spiral strand (~75%) and
wire rope (~60%).

The term “minimum breaking load” (MBL) is used to describe the load which will be
achieved in a physical breaking load test. Manufacturers of locked coil strand state the
MBL of their strand in their brochures.
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Figure 11. Wire properties.
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Figure 12. Comparison between the MBL of
locked coil strands, spiral strands and wire
rope.

Figure 12 shows the comparison between the minimum breaking load of locked coil
strands to EN 12385, spiral strands to EN 12385 and wire rope to ASTM A 603.

Sockets are usually designed to develop an ultimate strength greater than the breaking
load of the strand.

3.2 Load elongation characteristic

The axial stiffness is the product of the elastic strand modulus and the metallic cross
sectional area. Locked coil strands have the highest axial stiffness to diameter ratio of all
tension members apart from solid steel bars of course.

Additionally to the advantage in metallic cross section described above there is an
advantage in elastic strand modulus. The elastic strand modulus is not a material property
but a phenomenological property which describes the elongation characteristics of the
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strand. It considers the material elastic modulus of the wires as well as the geometrical
arrangement of the wires in the strand.

The product standard EN 12385 does not give values for the elastic strand modulus
but values are given in the design standard Eurocode 3. It gives an elastic strand modulus
for locked coil strand of 160000 MPa which seems a bit low in comparison to measured
values of 165000 MPa.

Eurocode 3 gives an elastic strand modulus for spiral strand of ~150000 MPA but
measured values vary between ~155000 MPa for large diameters (> ~80 mm (~3 1/8"))
and 176000 MPa for small diameters (<~30 mm (~1 1/8")).

ASTM A 603 gives an elastic strand modulus of 140000 MPa for wire rope.

Figure 13 shows the comparison between the axial stiffness of locked coil strands to
EN 12385, spiral strands to EN 12385 and wire rope to ASTM A 603 under consideration
of the realistic elastic strand modulus values.
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Figure 13. Comparison between the axial
stiffness of locked coil strands, spiral strands
and wire rope.
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Figure 14. Principle functioning of 99.9% zinc
and Zn95A15 galvanizings.

3.3 Corrosion protection

3.3.1 General

Locked coil strands have three corrosion barriers and an optional fourth one. In addition,
potential problems can be addressed during the design phase by preventing localized
corrosion points within the strand system. For example, items such as saddles and clamps
must be designed to prevent buildup of moisture and it is recommended that the strand
manufacturer is consulted at this time.

3.3.2 Barrier 1

All wires are usually EN 10264 class A (290 g/m?) hot dip galvanized in a 99.9% zinc
bath. For improved corrosion resistance by approximately factor 3 the wires of the two
outer layers are class A hot dip galvanized with the Zn95AIS5 double dip galvanizing
process. This type of galvanizing is often referred to as Galfan® which is a registered
trademark of the International Lead Zinc Research Organization (ILZRO). Although
Galfan® was developed already in 1980 it is relatively unknown to the construction
industry. Unlike to the class C (915 g/m®) galvanizing in ASTM A 603 where the wire
strength is reduced by 10% and the modulus is reduced by 5% Zn95A15 galvanized wires
maintain their full properties.

The way Zn95Al5 works is that the aluminum oxide that builds up over time sticks
better to the surface than zinc oxide (figure 14). Considering this it makes sense to use
Zn95Al5 in the two outer layers of a locked coil rope. Zn95Al5 is in use for locked coil
cable assemblies in structures since 1991. It is used for spiral strand for mast stays since
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the 1980s. It has proven its performance multiple times in salt spray (NaCl) and
Kesternich (So2) corrosion tests as well as in long term field tests.

Figure 15. Blocking compound during
stranding, interlocking full lock wires and
painting of strands.

ASTM AS856/A856M and European wire standard EN 10264 include Zn95Al5
galvanized wires.

3.3.3 Barrier 2

During stranding a blocking compound is added to the cable interior (figure 15). By
filling up the inter wire gaps and additionally coating the wires inside the strand it
prevents the intrusion of corrosive media and is itself a corrosion inhibitor. The blocking
compound can be a suspension of aluminum flake incorporated into a hydrocarbon resin
carrier or a zinc dust compound.

3.3.4 Barrier 3

The full lock wires themselves provide an effective surface barrier against the penetration
of corrosive media because of the interlocking of the full lock wires (figure 15).

3.3.5 Optional barrier 4

Additional protection which is for example needed for suspenders and hangers of
vehicular bridges can be provided by painting (figure 15) or sheathing of locked coil
strands.

Strand coating systems are specifically designed to protect against corrosion. Common
coating systems include a suspension of aluminum flake incorporated into a hydrocarbon
resin carrier, diluted with a solvent for ease of application. Another coating system is a 2
layer polyurethane based two compound paint with an epoxy resin based primer.

Those products do not dry hard like conventional paint systems. Although dry to
touch, they remain flexible allowing for the differential wire movement as the underlying
cables are tensioned in-service, thus eliminating surface cracking. When selecting the
external coating, care should be taken to ensure compatibility with the internal
compound.
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3.3.6 Sockets and clamps

Sockets and clamps need to have the same level of corrosion protection as the strand. The
primary corrosion protection of sockets and clamps is provided by applying a zinc
coating either using the hot-dip process or by hot metal spraying. As with the strand,
additional protection can be obtained by further coating the sockets and clamps with a
paint system if required.

3.4 Fatigue resistance

The failing of strands submitted to fatigue loading is fundamentally different to that of
conventional steel structures where almost the whole fatigue life of the structure is related
to the period before the first crack happened. In contrast to this the first wire crack in a
strand has no relation to the much later failing of the complete strand. The blocking
compound added during spinning and the galvanizing of all wires reduces the inter-wire
friction. These measures have improved the fatigue performance in the past few decades.
In locked coil strands the interlocking full lock wires avoid the popping out of a broken
wire in the outer layer which is an advantage over spiral strand and wire rope. Due to the
spiral assembly a broken wire will fully carry load again after approximately three lay
lengths (~3 x 10 x strand diameter).

If the structure is submitted to considerable fatigue loads, locked coil strands are
usually tested with an upper load of 45% of the MBL, a variation in stress of 150 N/mm”
and 2 million load cycles. The remaining breaking load after the test needs to be 81% of
the MBL. Recent test results show values of more than 90% of the MBL most of
the times.

3.5 Design aspects

3.5.1 Ultimate limit state

The common value for all design standards is the minimum breaking load (MBL) which
is the load that will be achieved in a breaking load test. The MBL is also referred to in
some design standards as the characteristic breaking load or as the nominal cable
strength.

The design standard Eurocode 3 uses the partial safety factor philosophy which is also
known as the load resistance factor design (LRFD). Safety factors are applied to the loads
as well as to the materials or structural components respectively. The design resistance of
a cable Zg 4 subjected to a static load is calculated by dividing the MBL with the partial
safety factor of 1.5 * 1.1 = 1.65. The applied loads are multiplied by safety factors
(e.g. 1.35 for dead loads and 1.50 for live loads). The static calculations for different load
combinations then results in the design cable tensions Ny 4. They must be smaller than or
equal to the design resistance Zg 4.

The design standard ASCE 19 uses the single safety factor philosophy which is also
known as the allowable stress design (ASD). This safety philosophy uses a single, overall
safety factor. The static calculation for different load combinations results in the cable
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tensions T. The cable tensions T are multiplied by safety factors (2.0 or 2.2, depending on
the load combination) and are required to be smaller than the MBL.

Locked coil strands are designed and made for each particular application. The
diameters listed in brochures of manufacturers are just examples and any intermediate
diameters can be manufactured. If a range of different diameters is needed, early
consultation with the manufacturer will lead to an optimized solution in terms of both
product and cost.

3.5.2 Cable length

It depends of the structure itself how accurate the cable assembly length needs to be. The
following points need to be considered.

In a prestretching procedure the constructional stretch can be taken out of the strand.
This is typically done in the factory by loading and unloading the strands up to 10 times
between 10% and 50% of the MBL. The strand than behaves elastic and can be marked to
the specified length. Load and length at a given temperature need to be taken from the
static calculation for the structure.

50% of MBL

10

load

Marking line

——- 10% of MEL
Bl
1.2 i/
extension

Figure 16. Prestretching of a strand.
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Figure 17. Length accuracy in ASCE 19 and
Eurocode 3.
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Figure 18. Sockets for locked coil strands.

Even a prestretched strand will show some additional permanent elongation once it is
under load in the structure. This phenomenon is usually referred to as strand creep. For a
prestretched strand it will be around 0.15 mm/m.

During initial loading of the structure, some socket seating will occur. The magnitude
depends on the size and type of the sockets. It will usually be around 1-5 mm per socket.

ASCE 19 and Eurocode 3 call for the following length accuracy for a cable assembly.

There are experience values for all of the above-mentioned effects which can be
considered when marking the strand to the required length. For exceptionally length
sensitive applications physical tests on cable assemblies can provide the magnitudes for
the individual cable assemblies.

3.6 Architectural socket designs

Locked coil strands are terminated with poured sockets which are designed to be stronger
than the strand. The cable assembly can transmit the MBL of the strand. The most
common sockets are shown in figure 18.

The socket design is crucial for architectural pedestrian bridges. Sockets should
underline the light and transparent appearance of the structure. Geometrically optimized
sockets allow for architecturally pleasing connection details at towers and decks. The use
of up to date casting methods and materials with a yield strength of 550 N/mm® (80 ksi)
and a tensile strength of 700 N/mm® (102 ksi) and a Charpy value of minimum 27 Joule
at —20°C (—4°F) enable the design of slender and safe sockets.

Tower and deck connection details are shown in figures 19 and 20.
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Figure 19. Tower connection details of
Pedestrian Bridge Strasbourg/Kehl
(France/Germany, 2003) and Sale Water Park
Pedestrian Bridge in Manchester (UK, 2003).

Figure 20. Deck connection details of
Pedestrian Bridge Strasbourg/Kehl
(France/Germany, 2003) and Swansea Sail
Bridge (UK, 2003).

3.7 Clamps and saddles

With clamps and saddles forces can be introduced into the free length of a strand. This
helps by reducing the number of sockets and therefore is architecturally more pleasing
and cost saving.

Locked coil strands have a very smooth surface in comparison to spiral strands and
wire rope. This allows for a good pressure distribution between the saddles/clamps and
the strand surface. The grooves should be lined with a 1 mm soft metal layer (e.g. zinc) to
cushion the strand. When cushioned, locked coil strands can be deflected over a radius of
20 times the strand diameter with no loss of efficiency; otherwise 30 times the strand
diameter should be applied. When cushioned, transverse pressure from clamps should be
a maximum of 100 N/mm? (14,5 ksi) for locked coil ropes, 60 N/mm? (8,7 ksi) for spiral
strand and 40 N/mm? (5,8 ksi) for wire rope.
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The clamps need to be designed to transmit the force of the attached structural
member into the strand. The component of the force which is in the strand’s longitudinal
direction will be transmitted by friction. Sufficient clamping force from preloaded bolts
should be considered to compensate the following effects:

a) Reduction of the diameter if the tension is increased
b) Bedding down of the strand over time

d) Reduction of preload in clamp bolts by external forces
¢) Change in temperature

7

Figure 21. Clamp examples.

Figure 22. Transport of locked coil cable
assemblies in coils.

3.8 Packing, dispatch and installation

Locked coil cable assemblies should be transported in coils with a diameter of minimum
30 times the strand diameter (figure 22). Coils can be wrapped in polyweave plastic to
prevent contamination from dust, sand etc. The sockets can be wrapped to protect against
mechanical damage during transit. Smaller diameter coils can be stacked and shrink
wrapped on enclosed wooden pallets for added protection.

For a lot of steel contractors steel cable assemblies are not the every day business and
therefore assistance of the manufacturer should be asked for. Most manufacturers of
locked coil cable assemblies can assist in handling on site, do supervision or even install
cable assemblies themselves.
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3.9 Quality assurance

Locked coil cable assemblies are factory made including the attachment of the sockets.
The manufacturing takes place in a fully controlled environment with established
methods and machinery. This gives the basis for a very consistent and monitored quality.
Locked coil cable assemblies arrive on site ready for installation. Quality sensitive site
work is reduced to a minimum.
Testing starts with the single components wire, socketing material and sockets and it
ends with the finished product if a cable assembly type test is required.

4 CONCLUSIONS

Locked coil strands provide additional and improved properties in comparison to spiral
strand and wire rope. In combination with aesthetically designed and optimized sockets
they are the ideal tension component especially for architectural bridges. For vehicle
bridges, their excellent corrosion resistance makes them well suited to use as suspenders
on suspension bridges and hangers on arch bridges.
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Chapter 8
Sliding isolation bearings in cold weather
climates

R.J. Watson
R.J. Watson, Amherst, N.Y., USA

ABSTRACT: Isolation bearings have become a standard tool for
engineers designing bridges in seismic regions. However the added
complication of cold weather has raised concerns with rubber isolators
and their performance in northern regions.

As a result bridge designers are migrating towards Sliding Isolation
Bearings (SIB) in these regions. SIB have been proven to be cost effective
and high damping devices on numerous projects to date. In addition their
outstanding performance in cold temperature testing has proven their
efficacy in cold weather regions.

This paper will delve into the research that led to the development of
SIB. In addition several case histories will be reviewed in an effort to
demonstrate SIB capabilities in low temperature environments.

1 INTRODUCTION

SIB consist of a disc type—high load multirotational bearing coupled with polyurethane
displacement control springs referred to as Mass Energy Regulators (MER). The Sliding
is accommodated through the use of a stainless steel/PTFE interface which allows
multidirectional movement. The MER are designed to control the seismic displacements
and restore the bridge back to its original pre-quake position.

Research was conducted at The Multidisciplinary Center for Earthquake Engineering
Research (MCEER) which consisted of a detailed study of various sliding surfaces along
with component and shake table testing (Fig 1).

The result of this research yielded a cost effective isolation system that offers the
following advantages:

1. Significant reduction of seismic forces that are transferred to the bridge substructure.

2. Ability of the designer to direct the seismic loads to those elements that are most
capable of resisting them.

3. Ability to accommodate multidirectional non-seismic movement as that of horizontal
curved bridges.

4. Use of small movement expansion joints.

In addition this research revealed that SIB were a low profile, cost effective, high
damping and versatile device for bridge applications.
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To date SIB have been used on over 100 structures worldwide. Engineers designing
bridges in cold weather climates have found that SIB can perform the aforementioned
features in cold temperatures. Four different bridges in the Ottawa, Ontario Region have
been built in recent years using SIB. These case histories will be examined in an effort to
determine the benefits of SIB for bridge designers.

Figure 1. SIB Shake table testing at MCEER.

2 CASE HISTORIES

2.1 Bytown bridges

The Bytown Bridges are located within the central core of the city of Ottawa. They carry
Sussex Drive over two branches of the Rideau River. The existing Bytown Bridges were
constructed in 1954 and consisted of 2 similar 3 span precast prestressed concrete
T girders.

As a result of a 2001 assessment study commissioned by the City of Ottawa in
collaboration with the National Capital Commission, the complete replacement of the
Bytown bridges was recommended due to corrosion and seismic issues. The City then
contracted Delcan Engineers to design replacement structures. The engineers at Delcan
came up with a unique hybrid pre-cast/cast in place concrete bridge design, which
incorporated SIB. The use of SIB resulted in the use of 30 rock anchors imbedded
3.0 meters compared to 82 rock anchors imbedded 8.1 meters for the foundation design.
This resulted in a substantial savings on the overall structure cost, which easily exceeded
the additional cost of SIB [2]. Delcan Engineers saved even more in their design by
combining the use of conventional elastomeric bearings at the abutments and SIB at the
piers. Additional savings were achieved by connecting the precast prestressed concrete
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box girders at the piers with a monolithically poured in place concrete diaphragm. This
detail reduced the number of isolation bearings required in half (Fig 2).

The engineers at Delcan put together a rigorous set of tests to verify the performance
of the SIB. The first requirements was that a prototype bearing be subjected to a 1000 salt
spray test to ensure that the SIB can withstand a high chloride road salt environment.

In addition 24 of the 48 SIB required for this project were subjected to quality control
testing consisting of proof load testing, seismic testing in accordance with the AASHTO
Guide Specification for seismic isolation design [3] and cold temperature testing at
+15°C and —34°C. The requirement for this project was that the average force developed
over 3 displacement cycles at —34°C was not allowed to be more than 130% of the
average force at +15°C (Fig 3).

Figure 2. Precast girder being lowered onto
SIB.

Figure 3. SIB testing.
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All of the bearings tested met this requirement. The bridges were completed in 2005
(Fig 4).

2.2 RR 22 over highway 417

As the Ministry of Transportation, Ontario (MTO) extended the 4 Lane Highway 417
West of Ottawa, new regional road overpasses were required. MTO selected McCormick

Rankin to design a 73 meter 2 span overpass for Regional Road 22 to span Highway
417 (Fig 5).

Figure 4. Bytown bridges.

Figure 5. RR 22 over highway 417.

McCormick chose a prestressed concrete box girder design as the most cost effective.
They chose the use of SIB to reduce the equivalent static earthquake load from 126.8
Kn/m to 40.9 Kn/m. This resulted in a significant reduction in the amount of piles that
were being driven in excess of 50 meters deep at the bridge site. An additional benefit of
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SIB was the elimination of shear keys at the abutments and high tensile protection ties at
the foundations that would have been required to resist the seismic forces. The 4
abutment bearings had a vertical capacity of 2890 Kn while the 2 pier bearings were
designed for 6675 Kn (Fig 6).

2.3 Pedestrian bridge over hwy 417

An existing pedestrian Bridge over Highway 417 west of Ottawa did not meet the current
Ontario Highway code requirements for clearance. Therefore the City of Ottawa hired
Morrison Hirschfield to design a new structure. They chose a 4 span steel truss sitting on
3 reinforced concrete hammerhead piers and two concrete abutments (Fig 7).

Figure 6. RR 22 pier SIB.

Figure 7. Pedestrian bridge over highway 417.
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The two center spans measure 38.7 meters with the end spans at 25.7 meters each.
Since this structure was identified as a critical emergency response path, SIB were
evaluated to keep the structure operational after a seismic event. In an effort to save
money the engineers came up with a design that enabled them to use conventional
elastomeric bearings at the abutments and SIB at the piers to keep the forces below the
allowable.

Figure 8. Load elements and MER on the
pedestrian bridge SIB.

Figure 9. King Edward overpass.
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The design of the 6 SIB required for this project was somewhat unusual in that each
bearing contained two 570 Kn capacity polyurethane load and rotational elements. In
addition there were 8 mass energy regulators (MER) incorporated into each bearing,
which provide recentering features (Fig 8). The SIB were also designed for +70 mm of
seismic displacement. The other feature of SIB that was incorporated on this project was
that of direction specific stiffness. The designer desired a stiffer seismic response in the
transverse direction due to structure geometry. This was achieved by designing the
transverse MER to be stiffer. The easy way to do this is by shortening the MER although
a change in the polyurethane compound can also result in the same effect without resizing
the MER.

2.4 King Edward Avenue overpass

When the City of Ottawa decided to upgrade the Ontario approach span to the
MacDonald Cartier Bridge, they chose Delcan Engineers to design the new bridge. The
New King Edward Avenue Overpass is a curved post tensioned cast in place concrete
structure with an overall length of 33 meters. (Fig 9)

The use of SIB on this structure reduced the seismic forces by a factor of 67 times
when compared to a non-isolated design. For example at one location on the bridge the
equivalent static earthquake load was reduced from 355 to 52 Kn/m.

The bearings ranged from 1110 Kn to 4890 Kn in vertical capacity. The SIB were also
effective in keeping the seismic displacements down to a manageable 38 mm.

3 CONCLUSIONS

Engineers in cold weather climates have been battling with high seismic forces on their
bridge designs due to the latest seismic provisions in current bridge codes coupled with
the high forces generated by low temperatures. With the development of SIB, engineers
now have a reliable tool to reduce these forces down to a manageable level resulting in a
cost effective structure. Now that 4 cold weather bridge projects have now been
constructed using SIB, engineers can draw from the experience of these structures for
future projects.
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Chapter 9
Results of tests performed on lead-rubber
seismic isolators with deformed masonry
plates
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ABSTRACT: Deformations on the order of 11 mm in the masonry plates
of installed lead rubber isolation bearings were observed in a highway
bridge. Of the more than 400 isolators in the project, approximately 30
showed deformations greater than 2 mm. Due to the cost, accessibility
issues and traffic impacts of removing and replacing the isolators, the
Owner agreed to accept laboratory testing as a means to determine what
effects, if any, the deformation had on the properties of the lead core
isolation bearings. New bearings were manufactured in accordance with
the original project requirements. The new bearings were first tested to
establish baseline properties and validate their compliance with the
contract documents. Subsequently, the isolators were deformed in the lab
to achieve a similar deformation as that observed in the structure. The
bearings were then tested in the deformed condition and the results
compared to the baseline properties. One of the deformed bearings was
cut in half to permit visual inspection of the bent plates and the inside of
the bearing. The test results and visual observations made during and after
testing are presented.

1 INTRODUCTION

In October 2005 the isolation bearing manufacturer, Seismic Energy Products, LP (SEP),
was notified by the bridge Owner that the masonry plates supporting the Type 3 isolators
showed downward deflections at their midpoint ranging from 1 mm to 11 mm (see Figure
1). Approximately 30 bearing assemblies showed deflections greater than 2 mm.

The Contractor informed SEP that axial load consisting of dead and construction loads
was placed on the isolator assemblies prior to placement of the non-shrink grout leveling
pad. During this initial application of load, the masonry plates were supported solely by
four anchor rods (one in each corner of the masonry plates.) The bearing assemblies
remained in the deformed position for 6 to 8 months prior to placement of the grout.
Since the placement of grout, no additional deflection has been observed.
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A series of tests were proposed to determine the effects, if any, on isolator
performance in the deformed condition. The tests performed in the deformed condition
were to duplicate the maximum field-measured deflection in the masonry plate. The
results of the tests performed in the deformed condition will be compared to the original
specification requirements and to the data collected from the isolation bearings prior to
deformation. Visual inspection of the bearing assemblies will be conducted continuously
during testing.

Acceptability of plate geometry and yield state in the bowed plates is beyond the
scope of the tests reported herein. The deformed configuration may cause inadequate
contact between the anchor rods and the masonry plate, and the masonry and/or load
plates may have yielded (American Association of State Highway Transportation
Officials Standard Specifications for Highway Bridges 1996 with Interims).
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Figure 1. Masonry plate deflections measured
in the bridge.
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2 TEST PLAN

In order to generate the needed test data without removing isolators from the structure,
two new isolator assemblies were fabricated in accordance with the original contract
documents and approved shop drawings. The two assemblies consisted of a top load
plate, lead-rubber isolator, bottom load plate, and masonry plate. The following tests
were to be performed to permit comparison between the undeformed and deformed
isolation bearings (American Association of State Highway Transportation Officials
Guide Specifications for Seismic Isolation Design 1999 & Interims).

The effect of duration in the deformed state on the performance of the bearings is
unknown. However, it was not practical to simulate the in-situ condition by maintaining
the deformation on the bearings in the laboratory for an extended period of time.

Tests on New Isolators (Undeformed):

A. Perform the 15-hour sustained compression test.

B. Perform a combined compression and shear test on the two isolators in the same
manner as for the project to determine the baseline properties of the isolators.

C. Perform a combined compression and shear test for 25 cycles to measure the amount
of change in isolator properties over an extended number of cycles.

D. Visually inspect the isolation bearings during and after the tests for irregular bulges,
surface cracks and laminate placement faults in accordance with the criteria used on
the project.

Tests on Deformed Isolators:

E. Place the isolators in a fixture and apply the axial load (dead plus live) to deform the
edges of the plates 11 mm above the bottom surface. Maintain the deformation for a
period of 48 hours.

F. Perform the 15-hour sustained compression test.

G. Perform a combined compression and shear test on the isolators in the deformed
condition according to the same protocol as for the originally supplied isolators.

H. Perform a combined compression and shear test for 25 cycles to measure the amount
of change in isolator properties over an extended number of cycles.

I. Visually inspect the isolation bearings during and after the tests for irregular bulges,
surface cracks and laminate placement faults in accordance with the criteria used on
the project.

J. Cut one of the isolators to inspect the condition of the interior, load plates and lead
core.

3 EVALUATION PLAN

Simultaneous to the proposal of the test plan, criteria for evaluation and acceptance of the
test results, and most likely the installed isolation bearings, were developed. This was
done to enable prior agreement between the Contractor and Owner as to the course of
action and possible outcomes, and to ensure that all necessary tests and measurements
would be performed during the testing phase. The following criteria were adopted:
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A. Compare the results of both combined compression and shear tests performed in the
deflected condition to the corresponding data collected in the undeformed state. If the
results from the tests in the deformed state are within 10% of those collected in the
undeformed state, it is unlikely that the deformation has caused a change in the
bilinear properties of the isolators. If the results are between 10% and 20% of those
measured in the undeformed state, the Owner will decide if the changes are acceptable
to the performance and longevity of the structure. If the measured properties in the
deformed state are greater than 20% different than those measured in the undeformed
condition, it will be recommend that the isolators be replaced.

B. Compare the results of the visual inspection between the deformed and undeformed
state, and the condition of the cut isolator. If the visual inspection or cut indicates
damage to the isolator resulting from the imposed deflection, the extent will be
reported for consideration by the Owner.

4 TESTS PERFORMED

On November 16, 2006, the two new (undeformed) isolators were loaded to 942 kips; this
load was maintained for 15 hours (Test A). On November 17, 2006, a combined
compression and shear test under an axial load of 474 kips for 5 cycles to a displacement
of +2.48 inches was performed (Test B). Test C, a 25-cycle combined compression and
shear test, was also performed. The two shear tests provide the baseline properties for
comparison with the results of similar tests performed on the deformed isolators. The
bearings were visually inspected during and after each test and no signs of defects were
observed.

On January 14, 2007, the two isolator assemblies were loaded into the testing fixture
and axial load applied until the deflection in the masonry plate reached 11 mm in a
manner similar to that of the installed isolators (see Figure 2). The axial load was applied
over a period of approximately 1-1/2 hours, and the maximum axial load used was 820
kips (1.3 times the dead plus live load). Upon stabilization of the imposed deformation at
a minimum of 11 mm at the midpoint of one edge of the masonry plate, the axial load
was reduced to 628 kips, the dead plus live load provided in the original contract
documents. A steel bolster was placed under each bearing to prevent the deflection in the
center of the masonry plate from increasing substantially. The dead plus live load of 628
kips was maintained for 48 hours until the conclusion of Test E at 1:45 PM on January
16, 2007. The deformation at the midpoint of the edges of the masonry plates varied
during this test from 11 mm to a maximum of 12 mm. Both isolators were inspected
during and after the 48-hour hold for irregular bulges, surface cracks or other signs of
distress; none were observed.

On January 16, 2007, after completion of the 48-hour hold, the axial load was
increased to 1.5 times the dead plus live load (this test load equals 942 kips) for the 15-
hour sustained load test (Test F). During this test, the maximum deformation at the
midpoint of the edge of the masonry plates was 11.5 mm on one side and 12.5 mm on the
other side. Both isolators were inspected for distress and none was observed.
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Figure 2. (a) Deformed isolators in the
structure. (b) Deformed isolators in the
structure.
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On January 17, 2007, the two isolators with deformed masonry plates were tested in
combined compression and shear. The axial load was 474 kips and the displacement was
+2.48 inches. Test G imposed 5 cycles of shear and Test H imposed 25 cycles of shear.
Visual inspection of the isolators during and after the tests showed no sign of distress.

5 TEST RESULTS AND EVALUATION

Results of the tests performed are shown in Tables 1 and 2, and the force-deflection plots
can be found in Figures 3 to 6. Table 1 contains the results of the 5-cycle tests and Table
2 presents the results from the 25-cycle tests. Results from the 5-cycle tests are reported
in the same manner that was used during fabrication of the original project isolators,
namely the average effective stiffness (Keff), post-elastic stiffness (Kr) and energy
dissipated per cycle (EDC) over the five cycles of test are calculated and compared to the
design values (Buckle et al, 2006). Evaluation of the data reveals that for all three of the
measured properties, the deformed isolators meet the requirements of the original
specification. It can be seen that the differences in Keff (+2.8%) and Kr (—4.5%) between
the deformed and undeformed bearings are within the proposed 10% range for
acceptance. The values of EDC in Table 1 and the hysteresis loops presented in Figures 3
and 4 indicate less energy dissipated by the deformed isolators than by the same isolators
before the deformation was imposed. The amount of energy dissipated by the deformed
bearings, although less than that dissipated by the undeformed bearings, nonetheless
exceeds the minimum amount required by the original contract documents.

The results of the 25-cycle tests are reported in Table 2 on a per-cycle basis for each of
the imposed 25 cycles. In this case the peak measured force (Fmax) is reported, along
with the post-elastic stiffness (Kr) and the energy dissipated per cycle (EDC). The peak
measured force (Fmax) is not directly comparable to the contract documents; effective
stiffness was not used in evaluating the 25-cycle test due to variability resulting from the
method of determining the points between which effective stiffness is calculated. Since
the imposed shear displacement is the same in both tests, peak force is a valid measure of
stiffness and can be used in lieu of effective stiffness in comparing the properties of the
undeformed and deformed isolators, as well as for evaluating the stability of isolator
stiffness over 25 cycles of test.

Table 1. Results from Tests B and G (5-cycle combined
compression and shear test*).

Keff (kip/in)  Kr (kip/in)  EDC (kip-in)

Prior to deformation 14.3 8.9 171.0
Deformed condition 14.7 8.5 143.0
Difference or change 2.8% —4.5% -16.4%
Design value 14.8 9.4 121.0
Allowable range 12.6-17.0 7.5min 109min

*Axial Load = 474kips, Shear Displacement = 2.48 inches.
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Figure 4. 5-cycle shear test with deformed
masonry plate (Test G).

It can be seen from Table 2 that the values of the measured properties are similar between
the deformed and undeformed conditions. Both the minimum and average measured Kr
and EDC values of the deformed bearings exceed the minimum required values from the
original contract documents. The amount of change in the measured stiffness properties
(Fmax and Kr) over the 25 cycles is somewhat higher in the deformed bearings than in
the undeformed condition; however, the amount of difference is small. The majority of
the change in Fmax between cycles occurs in the first 10 cycles or so, although the
deformed bearings did not stabilize as quickly as the undeformed bearings (see Figure 5).
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Table 2. Results from tests C and H (25-cycle combined
compression and shear test*).

Prior to deformation

Deformed condition

Fmax Kr EDC  Fmax Kr EDC Change

(kip) (kip/in) (kip-in)  (kip) (kip/in)  (kip-in) Fmax Kr EDC
Cycle#1 384 83 163 38.0 8.4 145 —1.04%  1.20% —11.04%
Cycle#2 366 84 156 36.8 8.4 143 0.55%  0.00% -833%
Cycle#3 365 80 154 36.5 8.5 141 0.00%  625% -8.44%
Cycle#4 364 83 153 36.1 8.5 140 —0.82%  2.41% —8.50%
Cycle#5 361 83 152 36.1 8.4 139 0.00%  1.20% -8.55%
Cycle#6 363 84 152 35.9 8.5 139 —1.10%  1.19% —8.55%
Cycle#7 361 83 151 35.9 8.4 139 —0.55%  1.20% —7.95%
Cycle#8 361 83 151 36.0 8.4 139 —028%  1.20% —7.95%
Cycle#9 361 83 151 35.9 8.4 138 —055%  1.20% —8.61%
Cycle#10 360 83 150 35.8 8.4 137 —0.56%  1.20% —8.67%
Cycle#11 360 83 150 35.8 8.4 138 -056%  1.20% —8.00%
Cycle#12 361 83 151 35.8 8.4 138 —0.83%  120% —-8.61%
Cycle#13 360 83 150 35.6 8.4 138 —1.11%  1.20% —8.00%
Cycle#14 359 83 150 35.8 8.4 137 —028%  1.20% —8.67%
Cycle#15 361 83 150 35.8 8.4 137 —0.83%  120% —-8.67%
Cycle#16 360 83 149 35.6 8.4 137 —1.11%  1.20% -8.05%
Cycle#17 360 83 149 35.5 8.4 137 —139%  1.20% —8.05%
Cycle#18 360 83 149 355 8.4 137 —139%  1.20% -8.05%
Cycle#19 358 83 149 35.5 8.4 136 —0.84%  1.20% -8.72%
Cycle#20 360 83 149 355 8.4 136 —1.39%  120% —-8.72%
Cycle#21 359 83 149 355 8.4 136 —1.11%  1.20% —8.72%
Cycle#22 360 83 149 353 8.3 136 —1.94%  0.00% -8.72%
Cycle#23 360 83 149 35.6 8.4 136 —1.11%  1.20% —-8.72%
Cycle#24 360 83 148 35.5 8.0 136 -139% -3.61% -8.11%
Cycle#25 360 83 148 35.6 8.3 136 —1.11%  0.00% -8.11%
Average 362 83 151 35.9 8.4 138 —0.94%  1.11% —-8.51%
Maximum 384 84 163 38.0 8.5 145 055%  625% -7.95%
Minimum 358 80 148 35.3 8.0 136 —3.53% —3.61% —11.04%
Change _476% -920%  —7.11%  —5.88% —6.21%

6.77%

*Axial Load 3 474 kips, Shear Displacement 3 2.48 inches.

The deformed isolators demonstrated less difference between the minimum and
maximum EDC than the undeformed isolators. The rate of stabilization of energy
dissipation over the imposed 25 cycles of test was similar between the deformed and
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undeformed bearings (see Figure 6). The lower amount of energy dissipated by the
deformed bearings exceeds the minimum amount required by the original contract
documents for a 5-cycle shear test.

Each isolation bearing was inspected for signs of damage or distress during and after
the sustained load tests and combined compression and shear tests (Tests A, B, C, E, F,
G, and H.) Upon completion of Test J, the isolation bearings were removed from the
testing apparatus. The masonry and bottom load plates remained deformed in both
bearings. One bearing was cut in half to permit inspection of the load plates, cap and lead
core. Inspection of the cut bearing showed bent shim plates within the bearings; the
amount of deflection in the shim plates ranged from a maximum at the bottom of the
isolator, adjacent to the deformed load and masonry plates, to negligible deformation in
the shims at the top of the isolator. The load plates and caps were intact, and the lead core
did not look unusual. No signs of damage, cracking or delamination were observed inside
the cut bearing.

Lack of either direct prior experience or information in the published literature
describing a field condition such as this prevent prediction of future bearing behavior.
Furthermore, these tests do not predict future performance of the installed bearings.
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6 CONCLUSIONS

Data collected during this testing program was evaluated in accordance with the original
contract requirements. Comparisons were also made between data collected from isolator
tests in the deformed and undeformed conditions. Although they would have been
rejected for out-of-flatness of the masonry plate, the deformation of the masonry plate by
approximately one-half inch did not produce stiffness or energy dissipation values
outside the ranges required by the specification.

Comparison of stiffness and energy dissipation between the deformed and undeformed
conditions indicate that the effect of the deformed masonry plate on stiffness was less
pronounced than the measured effect on energy dissipation. The data presented shows
that during the five cycle tests the stiffness of the deformed isolators was slightly less
than the undeformed, but that the energy dissipation was significantly less in the
deformed condition. A similar effect was seen during the 25-cycle tests, in that the
measured value of energy dissipation showed more impact from the deformation. The
stability of all properties over 25 cycles of test in the deformed condition did not appear,
however, to be changed significantly by the deformation (a change of 9.2% in energy
dissipation over 25 cycles for the deformed bearings compared to 6.2% for the
undeformed).

Visual inspection of the deformed isolators did not indicate any cause for rejection
when evaluated in accordance with the project requirements (with the exception of the
intentionally deformed plate). Furthermore, internal inspection of one isolator cut in half
vertically did not suggest an unusual level of distress.
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Although the authors are not familiar with tests of this nature performed in the past,
the robustness of the isolators and their measured properties was not surprising in light of
testing performed on damaged or rejected isolators. It has been seen that lead rubber
elastomeric isolation bearings demonstrate stable and predictable performance even when
subjected to a variety of conditions including excess axial load, excessive imposed
rotation, bond failure, excess welding preheat, and now a bearing surface significantly
out of flatness. Further research would be required to determine whether standard design
or tolerance requirements result in unnecessary conservatism and additional costs to the
bridge Owner.
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ABSTRACT: Soil-Structure interaction may play a major role in the
seismic response of a bridge structure. Specifically, a significant reduction
in soil stiffness and strength may result in permanent displacement of the
abutments and foundations, thus imposing important kinematic conditions
to bridge structure. This paper is aimed at showing the effects of this
behavior referring to the Humboldt Bay Middle Channel Bridge, in
California. The Finite Element model and nonlinear solution strategy are
built in the open-source software platform OpenSees. The 3D nature of
bridge response imposes significant computational challenges. The soil is
modeled as a nonlinear material with a Von Mises multi-surface kinematic
plasticity model so as to reproduce elasto-plastic shear response. The
results obtained using 1978 Tabas earthquake record shows that changes
in properties of the superficial soil layers dictate significantly different
time histories of dynamic excitation at the various support points of the
bridge (piers and abutments).

1 INTRODUCTION

PEER (Pacific Earthquake Engineering Research Center) initiated a number of testbed
projects to synthesize the research products into a coherent methodology: the Humboldt
Bay Middle Channel Bridge, near Eureka in northern California was selected as one of
these testbed projects (Figure 1).

On September 16, 1978 Tabas earthquake record was elected as a potential site-
specific rock outcrop motion at a hazard level of 10% probability of exceedance in 50
years. The Tabas Earth-quake record is employed in this study to derive an incident
earthquake motion along the FE mesh base with a process of deconvolution.

The spatial extent of the bridge-foundation-ground system is large, typically in the
hundreds or thousands of meters, necessitating an appropriate finite element (FE) mesh to
provide adequate modeling resolution. In order to model the geometric damping at the
mesh base, the soil strata below is represented by transmitting boundary so as to handle
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spurious reflections of waves at the soil mesh base. Secondly, in view of the highly non
linear properties of the foundation ground, elaborate hysteretic constitutive models of soil
materials are needed. The soil is modeled as a nonlinear material with a Von Mises multi-
surface kinematic plasticity model so as to reproduce elasto-plastic shear response. Based
on downhole measurements of shear wave velocity, the soil profile is idealized into a
surface crust layer and five underlying sub-layers. In particular, results of three different
analyses are compared. For each case, the superficial layers are modeled with materials
having different stiffness.

Figure 1. Sky view of Humboldt Bay Middle
Channel Bridge (courtesy of Caltrans).

2 FE MODEL

System modeling and response computations are performed using OpenSees, an object-
oriented, open-source FE analysis framework. The current version of OpenSees includes
an extensive library of structural and soil material models, as well as a number of
structural (e.g., beam-column, shell) and continuum elements. In the bridge-foundation-
ground model, different types of elements are employed to represent the foundation and
superstructure (Table 1)

2.1 Soil model

The foundation soil is composed mainly of dense fine-to-medium sand, organic silt, and
stiff clay layers, with thin layer of loose and soft clay located near the ground surface.
The average slope of the river channel from the banks to its center is about 7%
(4 degrees).

Based on downhole measurements of shear wave velocity, about 0.25 miles north-west
of the bridge, it was possible to define the soil profile. This profile is idealized into a
surface crust layer, and five underlying sub-layers (see Figure 2).

Table 1. FE used in the model.

Structural element Finite element

Longitudinal I-girders 3 D linear elastic beam—column
Transversal I-beam 3 D linear elastic beam—column




Humboldt bay middle channel bridge: 3D bridge-foundations-ground system

Deck 3D linear shell element
Piers 3D fiber—section

Piles 3D fiber—section
Expansion joint (3rd—6th Piers) EQUALDOF (translation)
Deck-pier connection EQUALDOF (translation)
Abutments-bridge connections EQUALDOF (translation)

Crust layer

Right abutment

Left abutment
Crust laver

Figure 2. 3D FE model of bridge and idealized
soil profile.
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This soil is modeled as a non linear hysteretic material with a Von Mises multi-surface
kinematic plasticity model. In this regard, focus is on reproduction of the soil hysteretic
elasto-plastic shear response (including permanent deformation; for more details see Lu
et al. 2004, Elgamal et al. 2002, 2003, Yang et al. 2002, 2003).

2.2 The analysis performed

In this paper results of three different analyses are compared. For each case, the
superficial layers are modeled with materials having different stiffness. Figure 3 shows
the profiles of shear velocity with that the soil is modeled.

In the first analysis the superficial layer is modeled as a relatively soft soil material in
order to study the effects of lateral soil spreading on the bridge foundation and
superstructure (typical situation of a river deposited soft stratum). Shear strength of this
soft layer is defined to be 10 kPa. The profile is idealized into a surface crust layer and
five underlying sub-layers.

In the second analysis, layer 1 is modeled as a material with a middle stiffness (shear
strength as 40 kPa). Evidently, this second case represents only a theoretical case: it is
practically impossible to have in a river channel center.

In the third analysis, the first 44,5 m of soil were modeled as layer 3 (shear strength as
75 kPa) in order to enforce the stiffness of the layers: this profile is based on a unique
layer of 74,5 m characterized with a variable shear modulus G (increasing with depth).

3 SPATIAL GROUND VARIABILITY

Computed ground surface motion at 3 representative locations (location 1 is the free field,
location 2 is the abutments and location 3 is the river channel centre) are compared.
Figure 4 shows the acceleration time history comparison in the three representative
locations.

On the horizontal plan, in correspondence of locations 1 and 2, there are not big
differences between the three analyses considered: maxima values are reached in
correspondence of analysis 2. In location 3 accelerations show that increasing the
stiffness of the layers (analysis 1-3) accelerations decrease and the damping of the entire
soil increases. For vertical direction, instead, the hardening of the soil involves a
substantial reduction of the accelerations.

4 RESPONSE OF THE BRIDGE STRUCTURE

In this paragraph we describe the response of the structure focusing on base and deck
displacements for the three analyses.
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Figure 5. Base displacement time histories for
the three analyses.
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4.1 Base displacements

Figures 5 shows, in the same diagrams, base displacements (longitudinal and transversal
directions) for the three analyses. The difference in displacement between any two pile
caps increases continuously in time resulting in permanent pier top-to-bottom relative
displacements.

As might be expected, much lower levels of permanent deformation are observed in
the transversal direction. However, during earthquake excitation, the top-to-bottom
relative displacement of the piers is still quite large (as much as that in the longitudinal
direction). This is a consequence of the relatively flexible configuration of the bridge
superstructure in the transversal direction, in spite of the much higher moment of inertia
of the piers cross-section in this direction as compared to the longitudinal direction.
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Figure 6. Longitudinal and vertical
displacement (settlement) time histories for the
three analyses.

Comparing analysis 1 and 2 is possible to observe that hardening the stiffness of the
superficial layer does not cause a reduction in longitudinal displacements as instead
occurs increasing the stiffness of layer 2. The maxima differences occur for external piers
(2 and 7).

4.2 Deck displacements

Figure 6 shows longitudinal displacements and vertical displacements (settlements) in
correspondence of the deck caused by the permanent deformations of the soil for the
three analyses.

It is possible to see that the soil stiffness does not strongly influence the longitudinal
displacements: three analyses give close results. Displacements reach mean permanent
values of 0,15 m and 0,10 m respectively for left and right abutment.

Settlements, instead, depend strongly upon the stiffness of the soil: the difference in
settlements between the three analyses increases continuously in time and the final
settlements are very far each other.



Humboldt bay middle channel bridge: 3D bridge-foundations-ground system 129
5 CONCLUSIONS

The study conducted in this article shows that permanent ground deformations are related
to the presence of superficial layers. In this case study, soil — structure interaction play a
major role in the seismic response because reduction in soil stiffness and strength results
in permanent displacement of the abutments and foundations. These important kinematic
conditions to the bridge structure affect the bridge operability after the earthquake.

The study explores the influence of the soil stiffness on the lateral spreading of the
Bridge-Foundation-Ground system. The parameters shown are the accelerations and the
displacements of the foundations and of the bridge structure.

In this regard, the settlement of the bridge was found to be the most significant
parameter.
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Chapter 11
Design of Florida Avenue Bridge over the
Inner Harbor Canal

E.T. Nelson
DMJM Harris, Richmond, VA

ABSTRACT: The $210 million Florida Avenue Bridge project is being
designed to provide reliable access between St. Bernard and Orleans
parishes over the Inner Harbor Navigational Canal (IHNC) in New
Orleans, Louisiana. The project includes a five-span high-level bridge
over the IHNC with a 470-foot center span. Bridge type studies were
completed to determine the most viable structure type. Both cast-in-place
segmental concrete box girder and steel plate girder alternates were
selected for final design, with this paper focusing on the design of the
segmental concrete alternate. The superstructure consists of a variable
depth twin-cell box girder that is supported by voided box column piers
and steel HP piles. The bridge will be built with form travelers using the
balanced cantilever method of construction.

1 INTRODUCTION

The Florida Avenue Bridge project is part of the Louisiana Department of Transportation
and Development TIMED (Transportation Infrastructure for Economic Development)
program. This $4 billion improvement program is designed to enhance economic
development through an investment in transportation projects, with the Florida Avenue
Bridge project being one of three major bridge components of the TIMED Program.

The $210 million Florida Avenue Bridge project is being designed to provide reliable
access between St. Bernard and Orleans parishes over the Inner Harbor Navigational
Canal (IHNC) in New Orleans, Louisiana. The project includes over 10,000 feet of
elevated viaduct and ramps and includes a 1,516-foot long high-level main span unit over
the IHNC. The 5-span main unit with a 470-foot long center span is being designed for
both steel plate girder and cast-in-place (CIP) segmental concrete box girder alternates.
The approach structures and ramps include prestressed concrete Bulb-T girders and
curved steel plate girders.

The project will be advertised for construction as two separate contracts. The first
contract will include construction of the 5-span main unit over the IHNC and the second
contract will include construction of the mainline approaches and ramps. This
presentation focuses on the design of the 5-span main unit for the CIP segmental concrete
box girder alternate.



Design of florida avenue bridge over the inner harbor canal 133

2 PROJECT GEOMETRY AND DESCRIPTION

The alignment of the Florida Avenue Bridge is in an extremely congested area of New
Orleans and places the 5-span main unit directly south of a new railroad lift bridge
recently constructed by the Port of New Orleans. A photo of the current project site is
shown in Figure 1.

In order to accommodate existing site features of the adjacent railroad lift bridge, the
main span length crossing the IHNC is set at 470 feet. In addition to avoiding conflicts
with the lift bridge, other challenges in developing the span layout were locating piers to
avoid conflict with numerous underground utilities, flood walls, underground canals,
pump houses, roadways, etc. Accommodating all of these obstacles and site features
essentially dictated the span arrangement of 157’ — 350" — 470" — 350" — 189'. The general
plan and elevation for the CIP segmental concrete alternate is shown in Figure 2. The
same span arrangement is used for both the CIP segmental concrete and steel plate girder
alternates being developed in final design because of the limited space available to place
footings.

Figure 1. Current view of main span project
site.
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Figure 2. General plan & elevation CIP
segmental concrete alternate.

The 470-foot long main span provides a 300-foot wide navigational channel and a
minimum vertical clearance of 156 feet over the IHNC. The alignment is tangent for
approximately 70% of the 5-span unit with the remaining portion horizontally curved in a
radius of 3,500 feet. The typical section consists of four 12-foot travel lanes, two 8-foot
outside shoulders, two 4-foot inside shoulders, and a 2-foot median barrier, for a total
roadway width of 74 feet.

3 BRIDGE TYPE STUDIES

Bridge type studies were completed to determine the most constructible and economical
structure types for this crossing. Conceptual studies included evaluations of the following
types of bridges: steel plate girders, steel box girder, precast segmental concrete box
girder, CIP segmental concrete box girder, and extradosed cable-stay. The CIP segmental
concrete box girder and the steel plate girder alternates were determined to be the most
viable structure types from these conceptual studies. Subsequently, preliminary designs
and cost estimates were completed for these two alternates and the CIP segmental
concrete box girder proved to be the least cost structure type. Although the concrete
alternate was estimated to be approximately 30% less expensive than the steel alternate,
the Louisiana DOTD opted to pursue both structure types through final design. The
primary reason for this decision was to ensure that local Contractors, who are more
familiar with steel plate girder structures, have the ability to bid competitively for
this project.
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4 CAST-IN-PLACE SEGMENTAL CONCRETE ALTERNATE

4.1 Superstructure

The superstructure is comprised of a variable depth, twin-cell trapezoidal box girder with
a maximum depth of 26 feet at the main span piers and a minimum depth of 12 feet at
mid-span. The box depth at the side span piers is 15 feet. The section height varies as a
function of a circular curve with constant radius. Figure 3 illustrates the typical box
girder cross section.

Segments are to be cast in balanced cantilever fashion with no more than one-half
segment length out of balance at any time. The main span cantilever at Piers 3 & 4 has 13
segments extending out on each side of the pier table, with all segment lengths being 16
feet. Closure segments are all 12 feet in length. The pier tables are fixed to the piers while
the end span diaphragm segments bear on pot bearings.

All post-tensioning tendons are internal to the concrete superstructure. A combination
of cantilever and continuity tendons is used longitudinally. Three top slab longitudinal
cantilever tendons are needed for each cantilever segment cast. Twelve continuity
tendons are provided in each of the spans, with additional bottom slab tendons in the
main span over the channel and the adjacent side spans. The top slab deck is transversely
post-tensioned with five tendons required for every 16-foot long segment. Vertical post-
tensioning bars are also used in the webs of the pier tables to reduce shear stresses. Figure
4 illustrates the continuity tendons in the webs of the main span crossing the IHNC.
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Figure 3. Typical box girder cross section.
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Figure 4. Continuity tendons in main span.

While a single-cell box may have been feasible for this width of box, the use of the third
web helped optimize the amount of transverse post-tensioning required and also allowed
for the placement of longitudinal post-tensioning in all three webs. The shear force
distribution between the three webs due to dead load and live load was confirmed with a
three-dimensional finite element model developed using the program SAP2000.

The two dimensional time-dependent program BD2 was used for the primary
longitudinal analyses, with a SAP2000 staged construction model also developed to
compare results with BD2. The superstructure design is being completed in accordance
with the AASHTO LRFD Bridge Design Specifications.

4.2 Substructure

The substructure is comprised of cast-in-place voided box piers for the interior piers to
minimize the concrete volume and reduce the foundation piling required. The voided
piers are fixed to the superstructure creating frame action between the superstructure and
substructure. The concrete strength used for the piers was increased to 5,000 psi to limit
cracking due to stresses imposed on these piers during construction of the balanced
cantilever superstructure and due to long-term creep and shrinkage movement. The piers
are conventionally reinforced and range in height from 151 to 155 feet. Figure 5
illustrates the typical pier elevation and cross section of the main span piers.

The shape of the expansion joint piers is designed to closely match the shapes
presented by the Louisiana DOTD to the public during the environmental assessment
phase of the project.
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These piers transition from the CIP segmental concrete box girder to prestressed concrete
Bulb-T girders. Similar to the main span piers, the columns are conventionally reinforced
and voided near the base to help reduce concrete weight and the size of foundations.
Figure 6 illustrates the typical expansion joint pier elevation and cross section.

A major design concern was the overall stability of the soil in the project area. Not
only are the banks of the IHNC subject to instability, but the area surrounding the canal
has also experienced significant settlement. Compounding this instability is the fact that
the new Florida Avenue Bridge foundations are in direct proximity to the railroad lift
bridge foundations. As a result, vibration control and the use of non-displacement piles
were key aspects to the foundation design. All pier foundations consist of concrete pile
caps and steel HP piles to minimize vibration and soil displacement impacts on the
adjacent structures. Pre-construction condition surveys of the approach roads leading up
to the railroad lift bridge and the railroad bridge operations building are also stipulated in
the Project Specifications.

Figure 7. Erection sequence.

5 CONSTRUCTION SEQUENCE

The 5-span main bridge will be built with form travelers using the balanced cantilever
method of construction. The 16-foot typical segment, 12-foot closure segment and 50-
foot pier table length were optimized based on discussions with contractors and form
traveler suppliers. Erection by progressive cantilever is required at both end spans. Figure
7 provides a schematic representation of the erection sequence envisioned for the
progressive cantilever phases.
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6 CONCLUSION

Existing site constraints and navigational restrictions dictated the long span arrangement
for the main span unit of the Florida Avenue Bridge. However, both steel plate girder and
cast-in-place segmental box girder alternates proved to be viable structure types and both
alternates were carried forward through final design.

Final design of the main span for the Florida Avenue Bridge was completed earlier
this year and design of the approaches is currently ongoing. The construction contract for
the five-span main unit over the IHNC is planned for advertisement in March 2008, with
the scheduled completion to open the bridge for traffic in 2011.

REFERENCES

American Association of State Highway and Transportation Officials (AASHTO), LRFD Bridge
Design Specifications, Third Edition, 2004 and subsequent interim specifications through 2006
(AASHTO: Washington, DC).

Bridge Software Institute, FB-MultiPier, 457 Weil Hall, Gainesville, FL 32611.

Computer & Structures Inc., SAP2000, 1995 University Avenue, Berkeley, CA 94704.

Interactive Design Systems, Bridge Designer BD2, 16885 Via Del Campo Court, San Diego, CA
92127.

Louisiana Department of Transportation and Development (DOTD), Bridge Design Manual, Fourth
English Edition, May 2003.

Louisiana Department of Transportation and Development (DOTD), Standard Specifications for
Roads and Bridges, 2006 Edition.

NY Associates Inc., Final Environmental Assessment for New Florida Avenue Bridge over the
Inner Harbor Navigational Canal, August 2004.






Chapter 12
Heat curving HPS 485W bridge I-girders
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ABSTRACT: Heat curving is widely used for fabricating curved steel
bridge I-girders. Curving is accomplished by asymmetric heating of the
flanges of the straight girder. Heat is applied along the girder length
continuously or intermittently with the heated width varying from 1/12 to
1/4 of the flange width depending on the curvature. Curvature develops
after the girder cools to ambient conditions. Current practice limits the
maximum temperature to 620°C for conventional Grades 250 and 345
steels. The “Guide for Highway Bridge Fabrication with HPS 485W
Steel” recommends investigating heat curving of HPS 485W at 705°C.
This paper evaluates the validity of the 705°C temperature using
non-linear finite element analysis. Other fabrication issues relating to heat
curving stiffened and hybrid girders are also addressed. Results show that
the maximum temperature can be somewhat lower. Stiffeners may reduce
the curvature by up to 10% while hybrid girders with top and bottom
flanges made of different steel grades require different heating profiles.

1 INTRODUCTION

Heat curving is usually employed for fabricating conventional Grade 250 (F, = 36 ksi)
and 345 (F, = 50 ksi) steel girders for curved bridges. In this method, the top and bottom
flanges of a straight fabricated girder, with or without intermediate transverse stiffeners,
are simultaneously heated along omne edge (Fig. 1) at temperatures above the
re-crystallization or work-hardening range (Wick 1960). Figure 1 shows two common
heating methods: continuous (flange tips are continuously heated along their length, Fig.
la) and intermittent V-heating (flange tips are heated in truncated triangular wedge
shaped areas spaced at regular intervals along the girder’s length, Fig. 1b).

The asymmetric heat application induces unequal expansion and contraction thereby
curving the girder. Curvature develops in a concave shape along the heated edge during
heating and reverses after cooling (Fig. 1). Several heat-cool cycles may be required
before a girder attains its desired curvature.
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Figure 1. Heat curving.

The 345 MPa (50 ksi) AASHTO limit (AASHTO 1996) on yield stress was not an issue
until the recent success of the newly developed High Performance Steel, HPS 485W
(W stands for corrosion-resistant weathering steel), which yield strength of 485 MPa
(70 ksi) exceeds the limit. The “Guide for Highway Bridge Fabrication with HPS 485W
Steel”, states that temperatures as high as 677°C (1250°F) do not adversely affect the
mechanical properties of the HPS 485W base metal and recommends investigating heat
curving of HPS 485W steel at 705°C (1300°F) (AASHTO 2000). The aim of this paper is
to evaluate the validity of these higher limits for HPS 485W girders on the basis of
previous numerical analysis and experimental results (Brockenbrough 1970a, b). The
paper also addresses important fabrication issues, mainly heat-curving stiffened and
hybrid girders.

2 COMMON FABRICATION PRACTICE IN THE STEEL SHOP

Continuous heating and V-heating are most economically and commonly used for
fabricating curved steel I-girders. Continuous heat (Brockenbrough 1972) is generally
used for radii of curvature R smaller than 300 m (985 ft). Intermittent V-heating (Fig. 1b)
is used for longer radii (R > 300 m (985 ft)) (Brockenbrough 1973). The top and bottom
flanges should be heated simultaneously at the same rate of heating. The main parameters
affecting heat curving are the heated flange width and temperature that both depend on
the radius of curvature (R) to be induced in the girder (CALTRANS 2002).

For continuous heat (Fig. 2a), the heated flange width varies from 1/12 to 1/4 flange
width (depending on the desired radius of curvature, Brockenbrough 1970a, b). For
V-heat, heating can proceed up to the web/flange juncture; the heating width may be
extended beyond the web/flange juncture to a distance equal to 1/8 flange width or
75 mm (3 in.), whichever is smaller in case V-heat is used for R < 300 m (985 ft)
(Davidson et al. 2004, Fig. 2b). For V-heating, the angle at the wedge should be limited
to 30 degrees and the base of the triangle should not exceed 254 mm (10 in.) (Fig. 2b,
Brockenbrough 1973).
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Figure 2. Heated width.

The heating temperature should not exceed 620°C (1150°F) for conventional steel grades
(Grade 250 and Grade 345) and 705°C (1300°F) for HPS 485W steel. In the steel shop,
these limits are complied with using temperature indicating crayons. After heating, the
girder should be allowed to cool naturally. Artificial cooling methods may be employed
only after the girder has cooled to 315°C (600°F).

The heat curving operation can be carried out with the girder placed in a horizontal
(Fig. 3a) or vertical position (Fig. 3b). If placed vertically, the girder should be braced
laterally or attached to a rigid platform at the middle (Fig. 4) in order to ensure that it will
not overturn during heating. When placed in a horizontal position, supports should be
provided at the ends of the girder and at intermediate positions in order to obtain a
uniform curvature. The distance between the intermediate supports should be such that
the self-weight bending stresses in the flanges are less than 186.2 MPa (27,000 psi) (Fig.
3b, Davidson et al. 2004).

In stiffened girders, intermediate transverse stiffeners can be placed before or after
heat curving (Fig. 1). If placed before, they should be attached only to the web (welding
to the flanges is carried out after heat curving). Bearing stiffeners should be attached after
heat curving. Longitudinal stiffeners should be heat curved separately and then welded to
the girder.

Cambering is also required before heat curving, taking into consideration the loss in
camber that may occurs due to heat curving (Hilton 1984). In general, the girder’s camber
should be checked after completion of the heat curving operation.
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3 APPROACH

A three-dimensional, non-linear finite element model was developed for this study using
MSC/NASTRAN software (MSC/NASTRAN 2000). The model incorporating material
and geometric non-linearity was first calibrated using test data (detailed information on
calibration may be found in Gergess 2001). The calibrated model was then used for
predicting the response of an HPS 485W girder that was geometrically identical to the
one tested (Brockenbrough 1970a, b) and subjected to the same experimental heat/cool
regime. Appropriate adjustments were made to the heat/cool cycles to obtain curvatures
comparable to those for the test girder. Analysis in this paper is based on continuous heat
(Fig. 2a) and girder positioned vertically (e.g. selfweight neglected, Fig. 3b) with its web
bolted at mid-length to a fixed platform and the bottom flange placed on mobile
platforms at the ends to permit lateral movement (Fig. 4).
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4 PARAMETERS

The parameters that have the most effect on curvature are the flange thickness t;, width
2c¢, heating temperature T, heated width h, (Fig. 4), material yield point Fy (Fig. 5, an
idealized stress-strain curve is used, e.g. elastic-perfectly plastic) and the initial residual
stresses (that develop from fabrication of the straight girder). The dimensions used in this
paper were selected from the US Steel test (Brockenbrough 1970a, b). It was shown
previously that the radius of curvature to flange width ratio, R/2c relates directly to
heating temperature e.g. for a specific radius of curvature R and flange width 2c, the
heating temperature could be easily obtained from fabrication aids (Brockenbrough 1972,
1973).
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Figure 5. Idealized stress-strain curve.

The US Steel test girder was 46 ft (14 m) long, with the following properties: flange
thickness tr = 61 cm (24 in.), flange width 2¢ = 5.1 cm (2 in.), web depth d = 116.8 cm
(46 in.) and thickness t, = 1.27 cm (1/2 in.) (Fig. 4). The heating conditions included
heating the through thickness girder flange along edge strips of two widths, h, = 8.9 cm
(3.5 in.), 1/6 flange width heated and 13.3 cm (5.25 in.), 1/4 flange width heated to six
values of maximum temperature (409°C (768°F) to 544°C (1011°F)). The heat/cool
regimes are illustrated in Table 1. The radii of curvatures (R) that developed after each
heating operation are also shown in Table 1 (Sen et al. 2003).

The ambient temperature material properties for HPS 485W steel are yield stress
F, = 485 MPa (70 ksi), the modulus of elasticity E = 200 MPa (29,000 ksi) and
coefficient of thermal expansion o = 0.000011/°C (0.00000629/°F). The variation in steel
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properties with temperature was also incorporated. Reductions in yield stress and
modulus of elasticity are shown in Fig. 6 (the ratio corresponds to the modified material
property at temperature T divided by the ambient temperature property). Increase in the
coefficient of thermal expansion a is given function of the designated temperature T (°C)
and the coefficient of thermal expansion at ambient temperature o' = 0.000011/°C as
a=oa'(0.98 +0.000544T) (Brockenbrough 1970a).

Note that the Grade 250 steel temperature-dependence based on short-time elevated-
temperature tensile tests (Brockenbrough 1970a, Brockenbrough and Merrit 1999) was
also used for HPS 485W because of its similar chemical composition though lower
carbon content (refer to Table 2 for chemical composition).

Table 1. Heating cycles for US steel test girder
(Brockenbrough 1970a, b).

Heaing  Heating temperature ~ Heated flange Radius of
cycle °C (°F) width cm (in.) curvature m (ft)

1 295 (563) 8.9 (3.5) 539 (1770)
2 207 (405) 8.9 (3.5) 539 (1770)
3 544 (1011) 8.9 (3.5) 200 (655)
4 510 (950) 8.9 (3.5) 178 (583)
5 365 (689) 13.3 (5.25) 147 (481)
6 409 (768) 13.3 (5.25) 121 (397)
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Figure 6. Temperature-Dependent steel
properties.
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Table 2. chemical composition of structural steel (AASHTO

2000).
ASTM A709 ASTM A709 ASTM A709
Grade 485W Grade 250 Grade 345
Element  Composition, % Composition, % Composition, %
Carbon 0.11 max 0.28 max 0.23 max
Manganese 1.15-1.3 0.8-1.2 1.35
Phosphorus 0.02 max 0.04 max 0.04 max
Sulfur 0.006 max (calcium 0.05 max 0.05 max
treated)
Silicon 0.35-0.45 0.15-0.4 0.15-0.4
Copper 0.28-0.38 0.2min (if 0.2min (if
specified) specified)
Nickel 0.28-0.38 - -
Chromium  0.5-0.6 - -
Vanadium  0.05-0.07 - 0.01-0.15
Molybdenum 0.04—0.08 - -
Aluminum  0.01-0.04 - -
Nitrogen 0.015 max - 0.015 max

The distribution of initial residual stresses in the HPS steel was assumed to be the same
for Grade 250 steel (it was determined from US Steel’s data for gas-cut flanges
(Brockenbrough 1972)). Although they are static stresses, they can influence the
mechanical integrity of the heat curved section. It was previously shown and confirmed
by the finite element calibration model (Sen et al. 2003) that they could increase the
girder’s curvature by up to 15% (Brockenbrough 1970a).

In general, plate girder fabrication introduces residual stresses and camber loss. This is
particularly true for heat curved girders (Shin and Walter 1981). In case of curved
girders, residual stresses consist of two parts: one due to manufacturing of the plate
girders as straight and the other induced from the curving process. The residual stress
distribution pattern induced during the curving process depends on the fabrication
procedure. In the U.S. Steel study (U.S. Steel 1973), it was reported that the residual
stress pattern is a function of dimensions and material properties of the straight girder and
the heat curving procedure.

5 FINITE ELEMENT MODEL

The finite element analysis was conducted using NASTRAN computer software
(MSC/NASTRAN 2000) in which material and geometric non-linearity were considered.
The model can accurately idealize the girder geometry, stiffness, support conditions,
initial residual stresses, and temperature loading. The flanges and webs were modeled
using four-noded iso-parametric plate elements with in-plane bending stiffness. The finite
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element mesh had a total of 1739 nodes, 1656 elements and a maximum aspect ratio of
three. Details of the model may be found elsewhere (Sen et al. 2003).

The analysis was carried out in steps to determine initial residual stresses and the
application of each heat/cool cycle. The program automatically combines results from the
individual steps to provide both intermediate and final results.

6 RESULTS OF THE INVESTIGATION

Results of the investigations for HPS 485W steel, hybrid and stiffened girders are
summarized in this section.

6.1 HPS 485W steel girder

For HPS 485W steel, the primary goal was to determine curvatures resulting from
different temperatures increases. Calibration of the finite element model for the grade 250
steel test girder showed that heating cycles 3 and 6 were the most critical (Table 1).
Therefore, only these two cycles are considered in the analysis of the HPS 485W steel
girder.

The analysis was first performed for the same heat/cool cycles used in the US Steel
tests (h, = 8.9 cm (3.5 in.) and T = 544°C (1011°F), h, = 13.3 cm (5.25 in.) and
T = 409°C (768°F)). For T = 544°C (1011°F) and ha = 8.9 cm (3.5 in.), the radius of
curvature for HPS 485W was much larger — 341.7 m (1121 ft) compared to the measured
value of 199.6 m (655 ft) for grade 250 US steel test girder. For T = 409°C (768°F),
h, = 13.3 cm (5.25 in.), the radius for HPS 485W was also much greater — 292.3 m (959
ft) compared to 121 m (397 ft) measured value for grade 250 US steel test girder.
Consequently, it was concluded that heating temperatures for HPS 485W girders were
higher than that required for the test girder to obtain comparable curvature. Results of
subsequent investigations are summarized in Table 3.

In the initial trials, temperatures were kept below the current limit of 621°C (1150°F),
(AASHTO 1996). Subsequently, higher temperatures of up to 704°C (1300°F) (upper
limit suggested by AASHTO for investigation for heat curving HPS485W sections), were
considered (AASHTO 2000).

1. For heating cycle 3 (h, = 8.9 cm (3.5 in.), Table 1), the temperature was increased from
544°C (1011°F) to the current AASHTO limiting temperature of 621°C (1150°F) for
conventional steel (AASHTO 1996). The corresponding radius of curvature in the
HPS 485W girder was 252.4 m (828 ft), 26% less than the 341.7 m (1121 ft) value
determined for T = 544°C (1011°F) but still 26% larger than the measured value of
199.6 m (655 ft) for grade 250 US steel test girder.

2. The limiting temperature of 621°C (1150°F) was then increased in heating cycle 3
(Table 1) and the radius of curvature was found to reduce substantially. For 649°C
(1200°F) applied to h, = 8.9 cm (3.5 in), the radius was obtained as 158.9 m (521 ft),
20% less than, 199.6 m (655 ft) the measured radius for grade 250 test girder.

3. The effects of heating cycle 6 were then examined (h, = 13.3 cm (5.25 in.)). Heating
cycle 6 is applied after heating cycle 3, e.g. to the deformed girder shape that
developed after cooling in heating cycle 3. The initial trial consisted of a temperature
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of 621°C (1150°F) applied over h, = 8.9 cm (3.5 in.) (heating cycle 3) followed by a
temperature of 579°C (1075°F) applied over a heated width h, = 13.3 cm (5.25 in.)
(heating cycle 6, Table 1). The radius of curvature was determined to be 166.7 m
(547 ft), 37% more than the measured radius of 121 m (397 ft) for grade 250.

4. In the next trial, a temperature of 649°C (1200°F) was applied over h, = 8.9 cm
(3.5 in.) (heating cycle 3) followed by a temperature of 579°C (1075°F) applied over a
heated width h, = 13.3 cm (5.25 in.) (heating cycle 6, Table 1). The radius of curvature
that developed was 125.1 m (411 ft), only 4% more than the measured radius of 121 m
(397 ft) for grade 250.

Table 3. Results of the investigation of the HPS 485W steel

girder.
Heated width Heating Radius of Ratio to test
h,cm (in.) temperature °C ~ curvature Rm  girder’s Radius
(3] (fo) Rm)*
8.9 (3.5) 544 (1011) 341.7 (1121) 1.71
13.3(5.25) 409 (768) 292.3 (959) 2.42
8.9 (3.5) 621 (1150) 252.4 (828) 1.26
13.3(5.25) 579 (1075) 166.7 (547) 1.38
8.9 (3.5) 649 (1200) 158.9 (521) 0.80
13.3(5.25) 579 (1075) 125.1 (411) 1.04
* Ry, = 199.6m (655 ft) for h, =8.9cm (3.5 in.), 121m (397 ft) for h, = 3.3cm

(5.25 in.).

It may be concluded that a temperature of 649°C (1200°F) for HPS 485W steel
(compared to 544°C (1011°F) for grade 250 steel) applied over 1/6 flange width would
induce comparable curvatures between grade 250 and HPS 485W steel. A temperature of
579°C (1075°F) for HPS 485W steel (compared to 409°C (768°F) for grade 250 steel)
applied over 1/4 flange width would induce comparable curvatures between grade 250
and HPS 485W steel. It should be noted that those temperatures are below the 705°C
(1300°F) recommended temperature (AASHTO 2000).

6.2 Hybrid girders

For hybrid girders in which typically the top flange (or bottom in continuous beams) and
the web are made of the same steel grade while the other flange is made of different steel,
the main effect examined was the relative movement between the two flanges if the same
heating cycle were used for both flanges.

The hybrid girder investigated was the test girder in which both the top flange and the
web were Grade 250 steel while the bottom flange was HPS 485W. The relative
movement in the finite element model was obtained from the unequal lateral offset in the
top and bottom flanges. At 544°C (1011°F), the relative movement was 3.56 cm (1.4 in.).
The main concern was whether such a large differential movement could distort the
section. In this event, it was necessary to apply different heating temperatures to the top
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and bottom flanges. It should be noted that the girder behavior during heating and cooling
is not influenced by the vertical web element for the support conditions shown in Fig. 4.
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Figure 7. Stiffened girder.

6.3 Stiffened girders

For stiffened girders (Fig. 7), investigations were made for the effect of intermediate
stiffeners placed along the girder’s length. The stiffeners were modeled using four-noded,
isoparametric plate elements with in-plane bending stiffness (as for the flanges and web),
and were only attached to the web. The effect of stiffeners on induced curvature depends
on (1) size of the stiffener (mainly thickness t;) and (2) web depth d (Fig. 7). The effect of
stiffeners was noticeable when five intermediate stiffeners equally spaced at 2.5 m were
used. The thickness of the stiffener was the same as the web thickness 1.27 cm (1/2 in.)
(Fig. 4).

For Grade 250 steel (girder and stiffeners) and at a heating temperature of 544°C
(1011°F), heated width h, = 8.9 ¢cm (3.5 in.), the induced radius of curvature was 218 m
(715 ft), 9.2% more than the induced radius of curvature of 200 m (655 ft) for the un-
stiffened girder. If the number of stiffeners is reduced to four, the increase in the radius of
curvature is only 5%. If two stiffeners are used, the effect is minimal (only 1%).
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7 CONCLUSIONS AND RECOMMENDATIONS

Results from this investigation indicate the need for using higher temperatures for heat
curving HPS 485W sections. The analysis suggests that the optimal maximum
temperature is 649°C (1200°F), higher than the current AASHTO limit (8) of 621°C
(1150°F) but lower than the 705°C (1300°F) temperature recommended by AASHTO
2000. As this temperature does not affect the base strength (AASHTO 2000),
consideration should be given to its future adoption for use with HPS 485W sections.

For hybrid girders, different heating temperatures are required to prevent distortion. It
is recommended that heating temperatures for the top and bottom flanges be based on
homogeneous girders, with support conditions in which the ends (placed vertically) are
free to move but with the web bolted at mid-length to a center platform.

For stiffened girders, it was found that the effect of stiffeners on curvature is minimal
mainly because the girder’s support does not restrict lateral movements during heating.

Overall, the finite element analysis suggests that curving HPS steel requires relatively
minor modifications to current practice.
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Chapter 13
Testing of a novel flexible concrete arch
system

S.E. Taylor, D. Robinson & A.E. Long
Queen’s University of Belfast, Northern Ireland
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Macrete Ltd, Toomebridge, Northern Ireland

ABSTRACT: This paper describes the testing of a novel flexible masonry
concrete arch system which requires no centering in the construction
phase or steel reinforcement in the long-term. The arch is constructed
from a ‘flat pack’ system by use of a polymer reinforcement for
supporting the self-weight of the concrete voussoirs and behaves as a
masonry arch once in the arch form. The paper outlines the construction
of a prototype arch and load testing of the backfilled arch ring. Some
comparisons to the results from analysis software have been made. The
arch had a load carrying capacity far in excess of the current Highways
Agency design wheel loads.

1 INTRODUCTION

1.1 Background

Masonry arch bridges have been used for 4000 years and today they still play an
important role in the road network of the UK and other areas of the world. There are
currently ~70,000 masonry arch bridges in the UK and more in other countries in Europe
(Harvey, 2007) . However, the rapid rise in labor costs associated with the construction of
masonry arch bridges had made them less cost effective than their reinforced and pre-
stressed counterparts. Never the less, many of these more recent steel reinforced concrete
bridges have had to be repaired due to corrosion or replaced due to lack of carrying
ability to meet new European loading standards (Highways Agency, 2001 and 1995). The
repair or replacement of bridges, environmental and aesthetic consideration must receive
priority and account taken of the whole life cost of a bridge structure. This means that a
masonry arch bridge which can be transported flat, lifted and erected rapidly is an
attractive option for small bridges which make up the majority of the bridge stock in the
UK and Ireland.

The arch system developed under a Knowledge Transfer Partnership (KTP) between
Queen’s University Belfast and Macrete Ltd. Uses the arch form, plain structural
elements and eliminates of corrodible reinforcement there by meeting the requirement of
a more sustainable and reduced whole life cost bridge form. A set of concrete voussoirs
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have been laid contiguously in a horizontal form with the tapered gap at the bottom. A
grid of polymeric reinforcement is placed on top and a thin layer of concrete is added.
When lifted into position, cracks form in the top concrete which allows rotation to take
place and the arch profile is formed from the ‘flat-pack’. Polymeric reinforcement is very
effective in this application as the loading on this element is short term and only occurs
when the arch is being lifted, it also has the advantage of being non-corrosive. A 5 m
span full size prototype arch has been constructed from flat pack, monitored during
backfilling operations (Taylor et al, 2006) and is due to be tested to up to six time the
current wheel loading. This paper will describe the testing of the novel arch system and
compare to load prediction from analysis such as ARCHIE.

2 ARCH DETAIL

2.1 Construction of the voussoirs

There are two options for the construction of the arch unit. The voussoirs can be pre-cast
individually, laid contiguously horizontally with a layer of polymer grid material placed
on top. The individual voussoirs are then interconnected by an in-situ layer of concrete
which is placed on top (Figure 1). Alternatively, the arch unit can be made in a single
casting operation by using a shutter with wedge formers spaced to simulate the tapered
voussoirs. The arch unit can be cast in convenient widths to suit the design requirement,
site restrictions and available lifting capacity. When lifted, the wedge shaped gaps close,
concrete hinges form in the top layer of concrete and the unit is supported by tension in
the polymer grid. The arch shaped units are then placed on a pre-cast footings or anchor
blocks. When in the final arch position, the self-weight is carried by compression in the
arch ring and the arch behaves as an un-reinforced masonry arch.

2.2 Polymeric reinforcement detail

The advancements in composite material technology and the ability of the polymer in this
system to be sufficiently strong yet flexible has provided the key to the success of the
arch. Material tests were carried out on samples of the polymeric reinforcement. The
average tensile strength is summarized in Table 1 and a typical failed sample shown in
Figure 2.
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Figure 1. Flexible concrete arch construction.
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Table 1. Tensile strength of polymeric reinforcement.

Sample Load at Tensile strength Maximum creep at
no. failure (kN) (kN/m width) ultimate load

1 2.01 57.4

2 2.35 67.1

3 1.36 38.9

4 1.81 51.7

Average 53.8 0.2

The arch details were as given in Table 2.

Figure 2. Typical failed specimen of polymer

reinforcement.

2.3 Test arch construction details

Details of the lifting procedure fort he test arch is illustrated in Figure 3. The last
photograph shows the arch sitting in its final position on the correctly sloped seating unit.

Table 2. Test arch details.

Voussoir dimensions

Clear span:
Effective span:
Internal height:

Depth of arch ring:
Width of arch ring:

324 mm__
200 mm
-

00 mm
5.00m
5.24m
2.00m
0.240m (40mm top screed)
1.00m
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Polymer Reinforcement 150/100
Tensile strength kN/m

(2 layers over middle 17 blocks and 1
layer for remaining outer 3 blocks)

Arch ring concrete compressive ~55N/mm’

strength*

Backfill lean mix concrete to 0.4m above arch
extrados

*is based upon average 28 days cube compressive tests and concrete in the arch
ring in excess of 28 days.

Figure 3. Arch lifting process and final
position in seating units.

3 TESTING OF 5 M SPAN ARCH RING WITH CONCRETE
BACKFILL

3.1 Summary of test

The 5 m span prototype flexible concrete arch system, as shown in Figure 4, was
monitored during concrete backfill operation and this has been presented in a previous
paper (Taylor et al, 2006). It was then tested in accordance with the requirements of the
relevant bridge loading category and following the guidelines in BS8110 (1985) for the
testing procedure. A simulated static wheel load was applied at the mid span and the third
span of the arch ring. It is recognized that, in practice, there will be a dynamic amplitude
factor above the static load. The single wheel load and factors of safety used to establish
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the test loads were based upon the requirements in BD91/04 (Highways Agency, 2004).
Bridges are designed under static load conditions with factors of safety applied to these
loads. An impact factor of 1.8 is recommended in BD91/04 and this takes into account
dynamic amplitude effects on an arch bridge form. The single wheel load, for this
category of bridge, is 5.75 t.

This equates to an ultimate design load (ULS) of : 5.75 x 1.65 x 1.8 = 17. It and
incorporating a contingency factors of safety of 1.1 for the test gives: 17.1t x 1.1 =18.8 t

However, in both tests the ULS design load was exceeded and the maximum applied
load was 35 t. That is, the full test loads were six times the single wheel load and nearly
twice the ULS design load. Digital photos and observations were made throughout the
duration of the test.

3.2 Instrumentation and testing procedure

The instrumentation set-up for the mid span and third span load tests is shown in Figure
4. Deflection transducers were used to monitor both horizontal and vertical deflections
and vibrating wire strain gauges were used to measure crack openings at the joints
between voussoirs. A typical test arrangement is depicted in Fig. 4. A circular
concentrated load was applied at the loading position via a 300 mm diameter steel plate

J Appigd g J————————————
- i ':"'"";_h : | 10=174
AHommfn | v -
leading plate

LiZ=2613m

Figure 4. Instrumentation and test-set-up for
arch ring and arch with backfill.

bedded on soft board (Fig. 4). The application of load was from an accurately calibrated
500 kN hydraulic jack system and the test rig was assembled with the top beam
horizontal about both axes thus minimizing eccentricity effects. The simulated static
wheel load was applied to mid span and third span position. The load was applied
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incrementally and deflection and strain measurements were recorded at each incremental
loading. A service test load of 10 t was applied twice at each load position prior to the
application of the full test load. As the loading was increases, the load was held at each of
the load stages stated in section 3.1. The behavior of the arch and the backfill was
observed throughout.

4 TEST RESULTS

4.1 Observed behavior

No cracking was observed under the two test loads of 10 t under both the mid span and
third span load conditions. The first cracking appeared at an applied load of 20 t in the
concrete backfill under the mid span load (the first test position). For both loading
positions, the crack started on a line adjacent to the perimeter the loaded area and
propagated towards the arch ring voussoirs. Under mid span loading, the crack followed
the vertical line of the 18 mm plywood stop end at the mid span which had been used
between the two sides of the backfill to facilitate demolition. Under third span loading the
crack propagated diagonally towards the intrados.

The plywood stop end had been placed across the whole width of the arch (i.e. 1 m
length) and this probably caused additional cracking in the concrete backfill. There was
no visible opening in the joints between the voussoirs and no further cracks developed
under the full test load. Under third span loading and at the full test load of 352 kN, the
joint directly below the plywood stop end had opened by 2 mm. This opening was partly
due to the differential settlement in the backfill due to presence of the plywood across the
full width of the arch unit which provided a shear plane. Cracking also occurred
horizontally adjacent to the anchor block. After unloading, there was visible recovery in
the deflections and cracking in the arch system. The openings in the voussoirs also
closed.

4.2 Deflection measurements

Figure 5 shows typical load vs. deflection results and the overall deflections at maximum
applied load (that is, the vector sum of the maximum horizontal and vertical deflections)
have been summarized in Figure 6 which shows the exaggerated deflected shape. It can
be seen that the maximum deflection under the mid span load was 2.3 mm inwards at an
applied load of 340 kN (~34 t). The maximum deflection under the third span loading
was 10.3 mm outwards at the third span at an applied load of 352 kN. A deflection of
10.3 mm is equivalent to the (effective span/508) and within acceptable limits for
deflection. It should be noted that a plywood stop end had been used between the two
sides of the backfill to ease demolition. This caused a higher degree of cracking at the
mid span compared to a continuous backfill and, coupled with the polythene liner,
probably gave a conservative prediction of the deflections compared to an arch ring
without a liner or plywood at mid span.

It can be seen from load versus deflection results the reading that at an applied mid
span load of 200 kN the rate of deflection increases for similar load increments. This was
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due to cracking in the backfill at the position of the plywood (Figure 7). The rate
of change in deflection also changed at an applied third span load of 200 kN. This was
also due to cracking in the concrete backfill. However, the maximum deflections, for both
loading conditions, were less than span/500 at an applied load of ~34 t which is nearly
six times the single wheel load for this category of bridge. The recovery of the arch after
loading was good. For example, for the full test load at mid span, the maximum
deflection at V3 was 2.0 mm at an applied load of 340 kN. After unloading, the
permanent deflection was 0.3 mm. This equates to an 85% recovery in deflection
which is within the acceptable limits given in BS 8110: Pt 2: Section 9 (British
Standards, 1985).

The recovery rate for each of the tests based upon the maximum deflections is Table 3
summarises. From the load versus deflection, it was noted that there is a shift in the
reading at an applied mid span load of 200 kN. This was due to cracking in the backfill as
discussed in Section 3. The rate of change in deflection also changed at an applied third
span load of 200 kN. This was also due to cracking in the concrete backfill. However, the
maximum deflections, for both loading conditions, were less than span/500 at an applied
load of ~34 t (six times the single wheel load).
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Figure 5. Applied load vs. deflection for Test
6: full test load at third span.
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4.3 Strain measurements

The strain measurements were very low with the mid span load indicating low levels of
stress in the arch ring. Under the third span loading, the strain measurements were also
low. However, the largest opening occurred at the mid span voussoir right hand side joint
which did not have a gauge. The joint opening was approximately 2 mm under the
maximum applied load at third span.

5 ANALYSIS OF THE ARCH SYSTEM

5.1 NLFEA analysis

Other researchers, such as Fanning and Boothby (2001), have shown the benfits of
modeling arch behavior using Non linear finite element analysis (NLFEA) . Abaqus
NLFEA was used to analyse the arch and two contrasting approaches for predicting the
collapse were investigated. In the first, the material was modeled using a plastic material
model for the concrete in the arch ring. The ring was assumed to be homogeneous. The
use of the plasticity model allowed the formation of cracks in the concrete to be
simulated. As a consequence the approach will be able to predict the formation of the
hinges within the arch. The collapse of the arch occurred when sufficient hinges formed
and a mechanism occurred. Figure highlights the formation of plastic hinges in the arch
ring under the action of a concentrated load in the centre of the arch. Figure represents
the stage in the loading where the formation of hinges at the quarter and three-quarter
position along the arch has just started. The addition of these hinges results in a
mechanism being formed and the collapse of the arch.

The second approach modelled the individual blocks using a contact analysis to
simulate the interaction between the blocks. The contact face was established using a
Coulomb friction law. To enable this analysis, the explicit finite element method was
required. The explicit method is generally used to simulate transient dynamic response
but by applying the load at a suitable rate a pseudo-static analysis was achieved. Figure 9
shows the collapse of the arch under the action of a load at mid span, indicating that
slipping or the opening of the joints occurred. Analysis of the arch using NLFEA is on-
going and models requires further development to include the effects of the polymer
reinforcement and interaction with the backfill before they can be compared effectively
with the test models.
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First visible
cracking at
200kN

Figure 7. Full test load at third span at an
applied load of 200kN.

Table 3. Summary of recovery in deflections.

Test No. Position Maximum vertical deflection Recovery
(mm) (%)

3:340kN @ mid B V2/H7 -1.5 80
span

BV3 23 74
6:250kN @ third B V2/H7 5.0 70
span

B V4/H8 -6.5 79

5.2 ARCHIE analysis

The arch was analysed using ARCHIE (Obvis, 2006), a numerical analysis package
which takes into account the arch backfill. It is important to note that this software is also
used by the DRD Road Service in Northern Ireland for load assessment analysis of their
arch bridges. Therefore, assessment of the load carrying capacity of the flexible arch
system using ARCHIE was a critical task in the development of the arch system. The
arch unit was analysed under different wheel loading conditions. A typical case of arch
unit analysis is shown in Figure 10.

An arch unit of the required geometry can be created and loaded with the standard
wheel loads. A line of thrust is indicated in Figure 8. Under design loading, the position
of the thrust line in the arch unit gave information about the stability of the unit.
Furthermore, ARCHIE was able to demonstrate the change in the thrust line by changing
the height of the Backing Material (BM) at the springing level and the effect of changing
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the Passive Pressure (PP). The passive pressure factor is equivalent to the ‘At Rest’
pressure coefficient (1-sin ¢).

Therefore, for a particular loading condition, arch ring depth and using a the
appropriate for BM the passive pressure required to resist the arching thrust is given.
Alternatively, the passive pressure factor can be fixed and the minimum arch ring depth
established for the given loading conditions.

| M mrtd alh RECERCIEALS iedem o £ Get Bag B4 15 41540 ETT fugagud fies S0

AR WAl N G ITRTLOE L FATAT % R

Figure 8. NLFEA results using the
homogenous model.

= i T
[ Y — — — i ]
A T L T ,__c‘?ﬁ'-.\
.~ R
# A
S NN,
A R
I LY
f ) N A
II.' i Yol
I,r--..,'r I'u..-"'.
[ 7 A

Al wiehanal 1dn ARANE/ BT Fasaiae d B0 Han Hay 8 10001 P Pap’ ipbw Fraa 2057

Ernp mmes
T brame TR Duep Teem s 6 833

SEISILES VRS Y PECHTREELIES SCAEE DRSS LA, UGV

Figure 9. NLFEA results using the explicit
model with contact analysis.



Innovations in bridge engineering technology 164

]

Figure 10. ARCHIE analysis.

A similar deflection response was given in the ARCHIE analysis in comparison to the
test load results. However, the predicted ultimate capacity was conservative based on the
actual load carrying capacity of the arch system (which was greater than the applied test
loads in excess of the design ultimate loads).

6 CONCLUSIONS

The 1 m prototype arch ring with concrete backfill was capable of supporting a midspan
load of 34 t and a third span load of 35 t which is nearly six times the wheel load for this
category of bridge and nearly twice the ultimate load including ULS, dynamic and
contingency factors of safety. The arch ring showed good recovery in deflections and
recovery in the joint openings after the removal of all load. This was despite the presence
of the plywood stop end across the width of the backfill at mid span and the polythene
layer between the arch ring and the backfill. These were used to facilitate demolition.

The maximum deflection, with third span load, was 10 mm and is equivalent to
(span/508) which is within acceptable limits for deflection. The maximum deflection
occurred at the third span and there was a 69% recovery in the maximum deflection after
the removal of the all load. The amount of recovery, for an applied load which was twice
the ULS design load (which included a 1.8 dynamic impact load factor), suggests that the
maximum loading was not ultimate capacity of the arch system. The strain values were
very low at maximum applied loads indicating low levels of stress in the arch ring. The
results from ARCHIE gave a similar deflected shape to the measured results although the
predicted load capacities were conservative. An analysis of the arch using NLFEA gave
good prediction for the behavior of the arch system and this work is on going.
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Chapter 14
Westfield Great River Bridge

M. Ennis
STV Incorporated, Boston, MA., USA

ABSTRACT: The Great River Bridge, built in 1939 is located in
downtown Westfield, a City in Western Massachusetts. The through truss
bridge is a landmark for the City, forming perhaps the most distinctive
structure in the downtown area. The project scope initially involved the
rehabilitation of the 368 foot long, two-span structure. However the
project has grown to include the design of two other bridge structures,
four landscaped parks, several thousand feet of urban roadway, and two
miles of railroad track.

1 DESCRIPTION OF PROJECT

Westfield, founded in 1669, is located 100 miles west of Boston, and 85 miles east of
Albany. The city now has a population of 40,000. Historically, local industry involved
the production of bricks, cigars and whips, later bicycles, textile machinery and precision
tools production. The City has been dubbed ‘Whip City’ for its most famous product, the
buggy whip.

The Great River cuts through the downtown center of Westfield. The Great River
Bridge carries Elm Street over the river. Elm Street constitutes the main thoroughfare
through the downtown, and connects the city center to the Massachusetts Turnpike,
which is located 2 miles north of the river. The Great River Bridge provides the only
vehicle crossing of the river for several miles.

Built in 1939, the bridge superstructure consists of a twin span, continuous Warren
through truss. The truss chords are formed by riveted, built up steel sections. The total
bridge length is 368 feet. Although the bridge is not registered as a ‘Historic Structure’,
the bridge does have historic significance since it is believed to be the earliest continuous
Warren through truss bridge in the Commonwealth of Massachusetts.

In 1994, STV Incorporated and the BSC Group were contracted to perform an
evaluation of the bridge. The evaluation found that the chord elements were structurally
sound, but that the concrete deck, steel stringers, and steel floorbeams were all in need of
replacement. However, at the functional level, the evaluation found that the bridge was
generating a choking point for vehicular traffic. Elm Street is sufficiently wide to
accommodate four lanes of traffic, but the Bridge itself only accommodates three lanes of
traffic. Adding to the traffic congestion is the eleven span, CSX railroad viaduct which
crosses over North Elm Street immediately north of the Bridge. Despite a severe dip in
the Elm Street roadway profile at the viaduct, the vertical clearance is only 12 foot, 9
inches for vehicles.
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Figure 1. Aerial view of Great River Bridge.

SOUTH TRUSS CANTILEVERED FROM PIER
WITH ERECTIOM CRANE ON BRIDGE

Figure 2. 1939 Photograph of original
construction.
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Figure 4. Substandard roadway clearance at
Viaduct.

The combination of restricted traffic capacity on the bridge, and the sub-standard
vertical clearance immediately north of the bridge serve to generate chronic traffic
congestion in the downtown area.

Through an iterative process with the City, the Designer, and the Massachusetts
Highway Department, a bridge reconstruction plan was developed. The plan aimed to
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provide relief for the worsening traffic congestion, while preserving the original Great
River Bridge Structure. The plan involved:

— Rehabilitate the existing Great River Bridge,

— Construct a ‘Sister Bridge’, matching the truss configuration of the Great River Bridge,
immediately down river, and

— Reconstruct the CSX railroad viaduct at a higher elevation.

In order to implement this work, several other construction tasks were required, namely:

— Reconstruct 5,000 feet of urban roadway to accommodate the Sister Bridge.

— Demolish several buildings to facilitate the bridge/roadway construction.

— Reconstruct 30,000 linear feet of rail road track, including crossovers and spur lines to
accommodate the 5 foot rise in track profile.

Finally, the City saw an opportunity to enhance the downtown area with several aesthetic
features, namely:

— Four landscaped parks in the vicinity of the bridges,

— A free standing clock tower,

— Brick paved, and tree lined sidewalks, and

— Stamped and colored concrete in the traveled way at roadway intersections.

STV/BSC received notice to proceed with final design from the City in 2001 for the
scope of work outlined above. As of April 2007, the design is complete, and the low
bidder has been selected. Construction is anticipated to begin in late spring. The BSC
Group, our Joint-Venture Partners, was responsible for Permitting and Traffic
Signalization design. Our sub-consultants included Landworks Collaborative, VHB and
Vine Associates.

AT RINEE BRIIN.E
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Figure 5. Rendering of proposed work
(Landworks collaborative).
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2 REHABILITATION OF THE GREAT RIVER BRIDGE

A critical design step in the implementation of this plan involved assuring that the
original truss structure could meet the design requirements of the current AASHTO
Code. Of particular concern was the reinforced concrete center pier. The wall type pier is
lightly reinforced and is clad in masonry block. The original bridge has a fixed bearing
for each Warren truss frame located on this pier, with expansion bearings at each
abutment. Consequently, all horizontal longitudinal loads acting on the bridge
superstructure were being resisted solely by the pier structure, through the two fixed
bearings. Analysis of the structure found that the pier structure could not safely carry the
horizontal loads specified by standard AASHTO design.

Another concern for the bridge related to the existing rocker type bearings, which
employ a large diameter steel pin to connect the bearing assembly to the bottom chord of
the truss frames. These steel pins are fracture critical, and are prone to sudden failure. In
addition the rocker type bearings present a potential for instability during a large seismic
event.

A two step approach was initiated to address the problem of the lightly reinforced
concrete pier, namely to more accurately determine the horizontal design loading, and to
redistribute the design horizontal loadings through redesigned bearing assemblies, to both
abutments in addition to the pier.

To more accurately define the lateral seismic loading, a Site Specific Seismic Analysis
was commissioned to be performed to more accurately determine the seismic forces. This
analysis was performed by Prototype Engineering. A response spectrum specific to the
Great River Bridge was developed. Using this site specific response spectrum, seismic
design loads for the bridge were significantly reduced compared to employing the
standard response spectrum supplied by AASHTO.

Lateral design force ceefficient
|--- AASHTO CURVE  — SITE SPECIFIC CURVE |

0.5

Effective Peak Acceleration

0.00 0.25 075 1.50 2.25 3.00
PERIOD (sec)

Figure 7. Elevation of existing bearing at Pier.
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Figure 6. Response spectrum.

In order to redistribute the horizontal loads into all six bearings, dynamic isolation type
bearings were considered. But the use of large elastomeric pads was first investigated, as
a ‘low tech’, and cheaper alternative. With only six bearings supporting the entire
superstructure, the loads acting on each bearing is significant, and consequently the size
of the neoprene pads that would be required presented a concern. A maximum dimension
of 48” was established to assure that the neoprene pads could be readily fabricated.

Several iterations of design were performed, incorporating multiple different neoprene
pad dimension configurations. Changes in the pad’s height, length and thickness all
impacted the lateral stiffness value of the pad. By modifying the lateral stiffness values of
the individual bearings, the lateral load acting on the bridge can be distributed into each
of the substructure elements as desired. Through this iterative process neoprene pads
were sized for both the pier and the abutments so that the bridge could safely resist the
design seismic event without the need to replace the existing pier.

Another challenge for the design team was the detailing of the replacement bearing
assemblies, which incorporate the neoprene pads. The truss frames will remain in place
during construction.

Consequently the steel truss frames will need to be temporarily jacked up and
supported, to allow for the removal of the existing rocker type bearings and steel pins.
The new bearing assemblies can then be installed. These assemblies will need to be
bolted to the lower chord and gusset plates of the existing truss. The challenges for the
designers in detailing these assemblies include:

— Load on the neoprene pad to be evenly distributed,
— Height of proposed assembly to match existing,
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— Adequate load transfer from both gusset plates and lower chords
— Floorbeam moment connection to inside face of assembly,

— Sidewalk bracket moment connection to outside face of bearing.
— Assure constructability.
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Figure 8. Elevation of proposed bearing.

Figure 8 shows the final configuration of the proposed bearing assembly. Through both
the analysis and the design stages, the proposed bearing assemblies for the Great River
Bridge constituted the largest challenge in the design of all three bridges on this project.

3 SUMMARY

Through the efforts of the design team and in partnership with both MassHighway and
the City, a landmark bridge structure for the City is not only preserved, but becomes the
corner stone of an urban revitalization project.
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Chapter 15
Renewing the Crooked Fork Creek Bridge

G.S. Wilson
Palmer Engineering, Nashville, Tennessee, USA

ABSTRACT: The State Route 62 Bridge over Crooked Fork Creek in
Morgan County, Tennessee was originally designed in 1940. After more
than six decades of service to the citizens of this rural community, the
bridge had become structurally deficient and functionally obsolete. The
Tennessee Department of Transportation (TDOT) decided an extensive
rehabilitation was needed to address the structural problems and improve
its functionality. The project entailed a complete replacement of the
original superstructure as well as repair and modification of the existing
substructure units. All work was accomplished without construction
within the channel of the creek. To avoid the need for a lengthy detour,
construction activities were phased and traffic control designed so that one
lane of traffic could be maintained across the bridge throughout the
duration of the project.

1 INTRODUCTION

Built in 1940, the State Route 62 Bridge over Crooked Fork Creek, in Morgan County,
Tennessee had become structurally deficient from deterioration and functionally obsolete
due to its substandard width and safety features. The Tennessee Department of
Transportation assigned Palmer Engineering the task of bringing the structure up to
modern day standards in the most cost effective manner while being sensitive to the
environment and minimizing construction impacts to the traveling public.

2 ORIGINAL BRIDGE

The bridge was originally built as three simple spans with lengths of about 12.8 m (42")
each for a total bridge length of 38.9 m (127'-9 1/4"). The entire bridge was in a five
degree horizontal curve and was superelevated at 8.34%. The roadway profile within the
bridge and approach area placed the structure in a 0% grade. State Route 62 crosses
Crooked Fork Creek on a skew, which adds to the geometric complication of the bridge
layout. Each substructure unit was skewed 20 degrees to the long chord of the bridge.

In cross-section, a 203 mm (8") cast-in-place concrete deck was supported by four
W30 x 116 steel beams. The diaphragms were C10 x 15.3 shapes. The deck had 152 mm
(6") by 229 mm (9") tall concrete curbs and had a total travel width between curbs of 7.3
m (24'-0"). The bridge railings were fabricated steel sections supported by the curbs and
the fascia beams.
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The abutments were the spill-through type with spread footings bearing on rock. The
piers were wall-type with spread footings bearing on rock.

3 CONDITION ASSESSMENT

The first step of the project involved a field inspection to assess the bridge’s condition so
that a plan could be devised that would best meet TDOT’s goals. The guardrails
approaching the bridge were substandard as were the original barrier rails which also had
areas of collision damage and missing sections. The original concrete deck had been
overlaid with multiple layers of asphalt throughout the years. Prior to rehabilitation the
total asphalt thickness on the bridge was 203 mm (8"”), which made the riding surface
near the top of the original curbs (Fig. 1).

Figure 1. Above bridge before rehabilitation.

Visual inspection from below revealed that the concrete deck was deteriorated in
multiple locations with heavy spalling, cracking, leaching, and exposed rebar. There was
damage to the concrete curb with areas of severe scaling and exposed rebar. The deck
drains were not functioning as some drains had been paved over and others were clogged
with debris. The joints, located above each substructure unit, were leaking and the steel
beams exhibited areas of heavy corrosion and section loss. In some areas, previous
repairs for section loss and holes in the beam webs had already been performed. Bearings
for the beams were in need of repair or replacement and exhibited heavy corrosion,
pitting, and missing bolts.

The piers and abutments exhibited areas of delamination, minor scaling, and spalling
but were in relatively good condition (Fig. 2). Embankments at the spill-through type
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abutments had areas of missing rip-rap that had been placed to prevent washout and loss
of backfill material.

4 SUPERSTRUCTURE UPGRADE

After the bridge’s condition was evaluated, upgrade options were investigated. Typical
options range from merely repairing the structurally deficient items to a complete bridge
replacement. In the end, it was decided that the superstructure would be completely
replaced, thereby eliminating the structural deficiencies as well as providing a wider
bridge with today’s safety standards. The new cross-section is comprised of a 210 mm
(8 1/4") cast-in-place concrete deck supported by four AASHTO PCI Standard Type
1 beams. The new deck has a total width of 11 m (36'—0") and accommodates two 3.6 m
(12'-0") travel lanes with 1.5 m (4'-10") shoulders (Fig. 3). An 80.5 km per hour (50
mile per hour) design speed required a superelevation of 7.2% for the new bridge deck.

Figure 2. Below bridge before rehabilitation.
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Figure 3. New cross section.

The original simple span configuration with its open joints was eliminated. The new
bridge superstructure was made continuous for live loads and integral with the abutments.
The entire bridge is now jointless which should enhance long-term durability.

During field inspection of the original bridge, signs of high water were noticed by the
engineers. Subsequent interviews with local residents confirmed that the bridge had been
overtopped during periods of high water. As a result, a TDOT standard bridge rail that
utilizes a post and rail system rather than a solid parapet was used on the new bridge to
allow flow through the barrier during high water (Fig. 4). The bridge approaches were
made safer by way of new guardrail with safety end terminals placed on each approach.

Figure 4. Above bridge after rehabilitation.
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5 REHABILITATED SUBSTRUCTURES

As previously mentioned, the original substructure units were in good condition and
exhibited only small areas of delamination and spalling. Rather than replace the
abutments and piers, they were repaired, modified, and incorporated into the rehabilitated
bridge (Fig. 5).

The existing abutment backwall and wingwalls were removed and the abutments were
widened and made taller to accommodate the new, wider superstructure. The different
superelevation of the new bridge was also easily accommodated during the rehab. To
create a jointless structure, the abutments were made integral with the superstructure and
concrete approach slabs were added to the bridge ends.

To avoid the necessity of working within the channel of the creek and the
complication of widening the solid wall-type piers all the way to their foundations, only
the pier caps were modified. The caps were made taller to accommodate the new
superstructure and a 1.4 m (4'-7") cantilever was added to each side of each pier to carry
the fascia beams.

6 PHASED CONSTRUCTION

State Route 62 is an important thoroughfare to this area of Tennessee. While closing the
bridge to traffic during the rehabilitation project would have sped up construction, it
would have put a burden on the people who travel across it daily. A detour route would

Figure 5. Below bridge after rehabilitation.
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Figure 6. Phased construction and traffic
control.

have taken drivers at least 37 km (23 miles) out of their way. So it was of critical
importance that traffic control be designed to maintain some level of operation on the
bridge for drivers even while the renovation process was underway. Therefore,
construction was completed in phases and a traffic light system was employed enabling
one lane of traffic to travel across the bridge throughout the entire rehabilitation process

(Fig. 6).

7 CONCLUSIONS

Though the bridge underwent an extensive rehabilitation, construction activities were
phased and traffic control designed so that one lane of traffic could be maintained on the
bridge throughout the duration of construction utilizing a traffic light system. The safety
and functionality of the bridge were improved with a much wider travel-way, updated
bridge rails, new approach guardrail, and improved deck drainage. Although once
structurally deficient, the bridge now has a state of the art superstructure utilizing
prestressed beams and a jointless bridge deck. The substructure units were repaired,
modified, and incorporated into the rehabilitated bridge. The original bridge provided
over six decades of service to the citizens of Tennessee and the rehabilitated bridge
should serve them well for many years to come.
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Rapid delivery!
New Jersey overnights bridge rehabilitation
for Trenton bridges
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ABSTRACT: The aging highway bridge continuously renewed while
accommodating traffic flow. The traveling public is demanding that this
rehabilitation and replacement be done more quickly to reduce congestion
and improve safety. Conventional bridge reconstruction is typically on the
critical path because of the sequential, labor-intensive processes of
completing the foundation, the substructure, the superstructure
infrastructure in the United States is being subjected to increasing traffic
volumes and must be components, railings, and other accessories. Bridge
systems can allow components to be fabricated off site and moved into
place quickly while maintaining traffic flow. Depending on the specific
site conditions, the use of prefabricated bridge systems can minimize
traffic disruption, improve work-zone safety, minimize impact to the
environment, improve constructability, increase quality, and lower life-
cycle costs. New Jersey Department of Transportation clearly
demonstrated the truth of these statements with their approach to the
replacement of the superstructures of two structurally deficient bridges
carrying a freeway section of Route US 1 through the capitol city of
Trenton.

The project involved completely replacing the superstructures of the
two bridges with new ones designed for a 75 year life made off site and
installed over three weekend shutdowns of 57 hours each. A project of
this magnitude would typically take the Department approximately two
years to design as a traditional deck replacement and bridge rehabilitation
project. The project approach saved more than 22 months and an
estimated design and construction savings, including delay-related user
costs in excess of $2M.

The results? An extremely happy motoring public.
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1 INTRODUCTION

The aging highway bridge infrastructure in the United States is being subjected to
increasing traffic volumes and must be continuously renewed while accommodating
traffic flow. The traveling public is demanding that this rehabilitation and replacement be
done more quickly to reduce congestion and improve safety. Conventional bridge
reconstruction is typically on the critical path because of the sequential, labor-intensive
processes of completing the foundation, the substructure, the superstructure components,
railings, and other accessories. Bridge systems can allow components to be fabricated off
site and moved into place quickly while maintaining traffic flow. Depending on the
specific site conditions, the use of prefabricated bridge systems can minimize traffic
disruption, improve work-zone safety, minimize impact to the environment, improve
constructability, increase quality, and lower life-cycle costs. New Jersey Department of
Transportation clearly demonstrated the truth of these statements with their approach to
the replacement of the superstructures of two structurally deficient bridges carrying a
freeway section of Route US 1 through the capitol city of Trenton.

The project involved completely replacing the superstructures of the two bridges with
new ones designed for a 75 year life made off site and installed over three weekend
shutdowns of 57 hours each. A project of this magnitude would typically take the
Department approximately 2 years to design as a traditional deck replacement and bridge
rehabilitation project. The project approach saved more than 22 months and an estimated
design and construction savings, including delay-related user costs in excess of $2M. The
results? An extremely happy motoring public.

This paper will outline the application of prefab technology on a project where traffic
control issues demanded rapid bridge construction techniques. The paper will also
demonstrate a project where decision makers took the risk of total facility shutdown to
allow for rapid construction.

2 NEED FOR ACCELERATED BRIDGE CONSTRUCTION

Bridge engineers have successfully used accelerated bridge construction practices for
many years around the globe. Our good fortune in this country to experience continued
growth has also had the result of us developing a greater dependence on our
transportation infrastructure and less tolerance to interruptions caused by taking lanes out
of service for routine maintenance. With the advent of high performance materials,
emerging advanced technologies, the FHWA is attempting to provide leadership in
meeting the public’s expectations as illustrated in their Vision and Mission Statements.
Their vision speaks to ‘Vital Few’ important items to be focused on by the agency, those
being Safety, Congestion, Environment Streamlining and Stewardship.

In focusing on their vision and goals their work has led to the recommendation for
modular prefabricated construction, among other 